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Appendix 11A

QUALITY ASSURANCE PROVISIONS

 ii. The structure is constructed using a reinforced 
masonry structural system or reinforced 
concrete structural system, SDS does not exceed 
0.50, the height of the structure does not 
exceed 25 ft above grade, and the structure 
meets the requirements in items iii and iv in 
the following text.

 iii. The structure is classifi ed as Occupancy 
Category I or II.

 iv. The structure does not have any of the follow-
ing irregularities as defi ned in Table 12.3-1 or 
12.3-2:
(1) Torsional irregularity
(2) Extreme torsional irregularity
(3) Nonparallel systems irregularity
(4) Stiffness—soft story irregularity
(5) Stiffness—extreme soft story irregularity
(6) Discontinuity in lateral strength—weak 

story irregularity
(7) Discontinuity in lateral strength—extreme 

weak story

11A.1.2 Quality Assurance Plan
A quality assurance plan shall be submitted to the 

authority having jurisdiction.

11A.1.2.1 Details of Quality Assurance Plan
The quality assurance plan shall specify the 

designated seismic systems or seismic force-resisting 
system in accordance with Section 11A.1.1 that are 
subject to quality assurance. The registered design 
professional in responsible charge of the design of a 
seismic force-resisting system and a designated 
seismic system shall be responsible for the portion of 
the quality assurance plan applicable to that system. 
The special inspections and special tests needed to 
establish that the construction is in conformance with 
this standard shall be included in the portion of the 
quality assurance plan applicable to the designated 
seismic system. The quality assurance plan shall 
include

a. The seismic force-resisting systems and designated 
seismic systems in accordance with this chapter 
that are subject to quality assurance.

b. The special inspections and testing to be provided 
as required by this standard and the reference 
documents in Chapter 23.

11A.1 QUALITY ASSURANCE

This section provides minimum requirements for 
quality assurance for seismic force-resisting systems 
and other designated seismic systems. These require-
ments are not directly related to computation of 
earthquake loads, but they are deemed essential for 
satisfactory performance in an earthquake where 
designing with the loads determined in accordance 
with this standard, due to the substantial cyclic 
inelastic strain capacity assumed to exist by the load 
procedures in this standard. The requirements con-
tained in this Appendix supplement the testing and 
inspection requirements contained in the reference 
documents given in Chapters 13 and 14 and form an 
integral part of Chapters 11 through 23.

11A.1.1 Scope
As a minimum, the quality assurance provisions 

apply to the following:

1. The seismic force-resisting systems in structures 
assigned to Seismic Design Categories C, D, E, 
or F.

EXCEPTION: Requirements for the seismic-
force-resisting system are permitted to be excluded 
for steel systems in structures assigned to Seismic 
Design Category C that are not specifi cally 
detailed for seismic resistance, with a response 
modifi cation coeffi cient, R, of 3. Cantilever 
column systems are not included in this exception.

2. Mechanical and electrical components as specifi ed 
in Section 11A.1.3.10.

3. Designated seismic systems in structures assigned 
to Seismic Design Categories D, E, or F.

EXCEPTIONS: Structures that comply with 
the following criteria are exempt from the prepara-
tion of a quality assurance plan, but those struc-
tures are not exempt from special inspection(s) or 
testing requirements:

 i. The structure is of light-frame construction, 
SDS does not exceed 0.50, the height of the 
structure does not exceed 35 ft (10.7 m) 
above grade, and the structure meets the 
requirements in items iii and iv in the 
following text.
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c. The type and frequency of testing.
d. The type and frequency of special inspections.
e. The frequency and distribution of testing and 

special inspection reports.
f. The structural observations to be performed.
g. The frequency and distribution of structural 

observation reports.

11A.1.2.2 Contractor Responsibility
Each contractor responsible for the construction 

of a seismic force-resisting system, designated seismic 
system, or component listed in the quality assurance 
plan shall submit a written contractor’s statement of 
responsibility to the regulatory authority having 
jurisdiction and to the owner prior to the commence-
ment of work on the system or component. The 
contractor’s statement of responsibility shall contain 
the following:

1. Acknowledgment of awareness of the special 
requirements contained in the quality assurance 
plan.

2. Acknowledgment that control will be exercised to 
obtain conformance with the design documents 
approved by the authority having jurisdiction.

3. Procedures for exercising control within the 
contractor’s organization, the method and fre-
quency of reporting, and the distribution of the 
reports.

4. Identifi cation and qualifi cations of the person(s) 
exercising such control and their position(s) in the 
organization.

11A.1.3 Special Inspection and Testing
The building owner shall employ a special 

inspector(s) to observe the construction of all 
designated seismic systems in accordance with 
the quality assurance plan for the following construc-
tion work. The authority having jurisdiction shall 
have the option to approve the quality assurance 
personnel of a fabricator as a special inspector. 
The person in charge of the special inspector(s) 
and the testing services shall be a registered design 
professional.

11A.1.3.1 Foundations
Periodic special inspection is required during the

a. Driving of piles.
b. Construction of drilled piles, piers, and caissons.
c. Placement of reinforcing steel in piers, piles, 

caissons, and shallow foundations.
d. Placement of concrete in piers, piles, caissons, and 

shallow foundations.

11A.1.3.2 Reinforcing Steel

11A.1.3.2.1 Periodic Special Inspection Periodic 
special inspection during and upon completion of the 
placement of reinforcing steel in intermediate and 
special moment frames of concrete and concrete shear 
walls.

11A.1.3.2.2 Continuous Special Inspection Continuous 
special inspection is required during the welding of 
reinforcing steel resisting fl exural and axial forces in 
intermediate and special moment frames of concrete, 
in boundary members of concrete shear walls, and 
welding of shear reinforcement.

11A.1.3.3 Structural Concrete
Periodic special inspection is required during and 

on completion of the placement of concrete in 
intermediate and special moment frames and in 
boundary members of concrete shear walls.

11A.1.3.4 Prestressed Concrete
Periodic special inspection during the placement 

and after the completion of placement of prestressing 
steel and continuous special inspection is required 
during all stressing and grouting operations and 
during the placement of concrete.

11A.1.3.5 Structural Masonry

11A.1.3.5.1 Periodic Special Inspection Periodic 
special inspection is required during the preparation 
of mortar, the laying of masonry units, and 
placement of reinforcement, and prior to placement 
of grout.

11A.1.3.5.2 Continuous Special Inspection Continuous 
special inspection is required during welding of 
reinforcement, grouting, consolidation, and reconsoli-
dation, and placement of bent-bar anchors as required 
by Section 14.4.

11A.1.3.6 Structural Steel
Special inspection for structural steel shall be in 

accordance with the quality assurance plan require-
ments of AISC 341.

11A.1.3.7 Structural Wood

11A.1.3.7.1 Continuous Special Inspection Continuous 
special inspection is required during all fi eld gluing 
operations of elements of the seismic force-resisting 
system.
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11A.1.3.7.2 Periodic Special Inspection for Compo-
nents Periodic special inspection is required for 
nailing, bolting, anchoring, and other fastening of 
components within the seismic force-resisting system 
including drag struts, braces, and hold downs.

11A.1.3.7.3 Periodic Special Inspection for Wood 
Sheathing Periodic special inspections for nailing and 
other fastening of wood sheathing used for wood 
shear walls, shear panels, and diaphragms where the 
required fastener spacing is 4 in. or less, and that are 
included in the seismic force-resisting system.

11A.1.3.8 Cold-Formed Steel Framing

11A.1.3.8.1 Periodic Special Inspection for Welding 
Periodic special inspection is required during all 
welding operations of elements of the seismic 
force-resisting system.

11A.1.3.8.2 Periodic Special Inspection for Compo-
nents Periodic special inspection is required for screw 
attachment, bolting, anchoring, and other fastening of 
components within the seismic force-resisting system, 
including struts, braces, and hold-downs.

11A.1.3.9 Architectural Components
Special inspection for architectural components 

shall be as follows:

1. Periodic special inspection during the erection and 
fastening of exterior cladding, interior and exterior 
nonbearing walls, and interior and exterior veneer 
in structures assigned to Seismic Design Categories 
D, E, or F.

EXCEPTIONS:
a. Architectural components less than 30 ft (9 m) 

above grade or walking surface.
b. Cladding and veneer weighing 5 lb/ft2 

(239 N/m2) or less.
c. Interior nonbearing walls weighing 15 lb/ft2 

(718 N/m2) or less.

2. Periodic special inspection during the anchorage of 
access fl oors and the installation of suspended 
ceiling grids, and storage racks 8 ft (2.5 m) or 
greater in height in structures assigned to Seismic 
Design Categories D, E, or F.

3. Periodic special inspection during erection of glass 
30 ft (9 m) or more above an adjacent grade or 
walking surface in glazed curtain walls, glazed 
storefronts, and interior glazed partitions in structures 
assigned to Seismic Design Categories D, E, or F.

11A.1.3.10 Mechanical and Electrical Components
Special inspection for mechanical and electrical 

components shall be as follows:

1. Periodic special inspection during the anchorage of 
electrical equipment for emergency or standby 
power systems in structures assigned to Seismic 
Design Categories C, D, E, or F.

2. Periodic special inspection during the installation 
of anchorage of all other electrical equipment in 
Seismic Design Categories E or F.

3. Periodic special inspection during the installation 
for fl ammable, combustible, or highly toxic 
piping systems and their associated mechanical 
units in Seismic Design Categories C, D, E, 
or F.

4. Periodic special inspection during the installation 
of HVAC ductwork that will contain hazardous 
materials in Seismic Design Categories C, D, E, 
or F.

5. Periodic special inspection during the installation 
of vibration isolation systems where the construc-
tion documents indicate a maximum clearance (air 
gap) between the equipment support frame and 
restraint less than or equal to 1/4 in.

11A.1.3.11 Seismic Isolation System
Periodic special inspection is required during the 

fabrication and installation of isolator units and 
energy dissipation devices if used as part of the 
seismic isolation system.

11A.2 TESTING

The special inspector(s) shall be responsible for 
verifying that the special test requirements are 
performed by an approved testing agency for the 
types of work in designated seismic systems listed in 
the following text.

11A.2.1 Reinforcing and Prestressing Steel
Special testing of reinforcing and prestressing 

steel shall be as follows:

11A.2.1.1 Certifi ed Mill Test Reports
Examine certifi ed mill test reports for each 

shipment of reinforcing steel used to resist fl exural 
and axial forces in reinforced concrete intermediate 
and special moment frames and boundary members of 
reinforced concrete shear walls or reinforced masonry 
shear walls and determine conformance with construc-
tion documents.
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11A.2.1.2 ASTM A615 Reinforcing Steel
Where ASTM A615 reinforcing steel is used to 

resist earthquake-induced fl exural and axial forces in 
special moment frames and in wall boundary elements 
of shear walls in structures assigned to Seismic Design 
Categories D, E, or F, verify that the requirements of 
Section 21.2.5.1 of ACI 318 have been satisfi ed.

11A.2.1.3 Welding of ASTM A615 Reinforcing Steel
Where ASTM A615 reinforcing steel is to be 

welded, verify that chemical tests have been per-
formed to determine weld ability in accordance with 
Section 3.5.2 of ACI 318.

11A.2.2 Structural Concrete
Samples of structural concrete shall be obtained 

at the project site and tested in accordance with 
requirements of Section 5.6 of ACI 318.

11A.2.3 Structural Masonry
Quality assurance testing of structural masonry 

shall be in accordance with the requirements of 
ACI 530/ASCE 5/TMS 402 or ACI 530.1/ASCE 
6/TMS 602.

11A.2.4 Structural Steel
Testing for structural steel shall be in accordance 

with the quality assurance plan requirements of 
AISC 341.

11A.2.5 Seismic-Isolated Structures
For required system tests, see Section 17.8.

11A.2.6 Mechanical and Electrical Equipment
The special inspector shall examine mechanical 

and electrical equipment that is a designated seismic 
system and shall determine whether its anchorages 
and label conform with the certifi cate of compliance.

11A.3 STRUCTURAL OBSERVATIONS

Structural observations shall be provided for those 
structures included in Seismic Design Categories D, 

E, or F where one or more of the following conditions 
exist:

1. The structure is included in Occupancy Category 
III or IV.

2. The height of the structure is greater than 75 ft 
(22.9 m) above the base.

3. The structure is assigned to Seismic Design 
Category E and Occupancy Category I or II and is 
greater than two stories in height.

Structural observations shall be performed by a 
registered design professional. Observed defi ciencies 
shall be reported in writing to the owner and the 
authority having jurisdiction.

11A.4 REPORTING AND 
COMPLIANCE PROCEDURES

Each special inspector shall furnish to the authority 
having jurisdiction, registered design professional in 
responsible charge, the owner, the persons preparing 
the quality assurance plan, and the contractor copies 
of regular weekly progress reports of his or her 
observations, noting therein any uncorrected defi cien-
cies and corrections of previously reported defi cien-
cies. All defi ciencies shall be brought to the 
immediate attention of the contractor for correction. 
At completion of construction, each special inspector 
shall submit a fi nal report to the authority having 
jurisdiction certifying that all inspected work was 
completed substantially in accordance with approved 
construction documents. Work not in compliance shall 
be described in the fi nal report. At completion of 
construction, the building contractor shall submit a 
fi nal report to the authority having jurisdiction 
certifying that all construction work incorporated into 
the seismic force-resisting system and other desig-
nated seismic systems was constructed substantially in 
accordance with the approved construction documents 
and applicable workmanship requirements. Work not 
in compliance shall be described in the fi nal report. 
The contractor shall correct all defi ciencies as 
required.
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EXISTING BUILDING PROVISIONS

with this standard provided the alterations comply 
with the requirements for a new structure. Alterations 
that increase the seismic force in any existing struc-
tural element by more than 10 percent or decrease the 
design strength of any existing structural element to 
resist seismic forces by more than 10 percent shall not 
be permitted unless the entire seismic force-resisting 
system is determined to comply with this standard for 
a new structure.

EXCEPTIONS: Alterations to existing 
structural elements or additions of new structural 
elements that are not required by this standard 
and are initiated for the purpose of increasing the 
strength or stiffness of the seismic force-resisting 
system of an existing structure shall not be 
required to be designed for forces in accordance 
with this standard provided that an engineering 
analysis is submitted indicating the following:

1. The design strengths of existing structural 
elements required to resist seismic forces are 
not reduced.

2. The seismic force to required existing struc-
tural elements is not increased beyond their 
design strength.

3. New structural elements are detailed and 
connected to the existing structural elements as 
required by this standard.

4. New or relocated nonstructural elements are 
detailed and connected to existing or new 
structural elements as required by this standard.

5. The alteration does not create a structural 
irregularity or make an existing irregularity 
more severe.

11B.5 CHANGE OF USE

Where a change of use results in a structure being 
reclassifi ed to a higher occupancy category as defi ned 
in Table 1-1 of this standard, the structure shall 
conform to the seismic requirements for new 
construction.

EXCEPTIONS:

1. Where a change of use results in a structure 
being reclassifi ed from Occupancy Category 
I or II to Occupancy Category III and the 
structure is located in a seismic map area 

11B.1 SCOPE

The provisions of this appendix shall apply to 
the design and construction of alterations and 
additions and to existing structures with a change 
in use.

11B.2 STRUCTURALLY INDEPENDENT 
ADDITIONS

An addition that is structurally independent from an 
existing structure shall be designed and constructed in 
accordance with the seismic requirements for new 
structures.

11B.3 STRUCTURALLY 
DEPENDENT ADDITIONS

Where an addition is not structurally independent 
from an existing structure, the addition and alterations 
to the existing structure shall be designed and con-
structed such that the entire structure conforms to the 
seismic force-resistance requirements for new 
structures.

EXCEPTIONS: The entire structure shall 
not be required to comply with the seismic force-
resistance requirements for new structures where 
all of the following conditions are met:

1. The addition complies with the requirements 
for new structures.

2. The addition does not increase the seismic 
forces in any structural element of the existing 
structure by more than 10 percent unless the 
capacity of the element subject to the increased 
forces is still in compliance with this standard.

3. The addition does not decrease the seismic 
resistance of any structural element of the 
existing structure unless the reduced resistance 
is equal to or greater than that required for 
new structures.

11B.4 ALTERATIONS

Alterations are permitted to be made to any structure 
without requiring the existing structure to comply 

AppB.indd   363 4/14/2010   11:00:26 AM



APPENDIX 11B EXISTING BUILDING PROVISIONS

364

where SDS < 0.33, compliance with the 
seismic requirements of this standard is not 
required.

2. Specifi c seismic detailing requirements of this 
standard for a new structure need not be met 
where it can be shown that the level of 

performance and seismic safety is equivalent 
to that of a new structure. Such analysis shall 
consider the regularity, overstrength, redun-
dancy, and ductility of the structure within the 
context of the existing and retrofi t (if any) 
detailing provided.
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Appendix C

SERVICEABILITY CONSIDERATIONS

discomfort or damage to the building, its appurte-
nances, or contents.

C.2 DESIGN FOR LONG-TERM DEFLECTION

Where required for acceptable building performance, 
members and systems shall be designed to accommo-
date long-term irreversible defl ections under sustained 
load.

C.3 CAMBER

Special camber requirements that are necessary to 
bring a loaded member into proper relations with the 
work of other trades shall be set forth in the design 
documents.

Beams detailed without specifi ed camber shall be 
positioned during erection so that any minor camber 
is upward. If camber involves the erection of any 
member under preload, this shall be noted in the 
design documents.

C.4 EXPANSION AND CONTRACTION

Dimensional changes in a structure and its elements 
due to variations in temperature, relative humidity, or 
other effects shall not impair the serviceability of the 
structure.

Provision shall be made either to control crack 
widths or to limit cracking by providing relief joints.

C.5 DURABILITY

Buildings and other structures shall be designed to 
tolerate long-term environmental effects or shall be 
protected against such effects.

C. SERVICEABILITY CONSIDERATIONS

This appendix is not a mandatory part of the 
standard but provides guidance for design for 
serviceability in order to maintain the function of a 
building and the comfort of its occupants during 
normal usage. Serviceability limits (e.g., maximum 
static deformations, accelerations, etc.) shall be 
chosen with due regard to the intended function of 
the structure.

Serviceability shall be checked using appropriate 
loads for the limit state being considered.

C.1 DEFLECTION, VIBRATION, AND DRIFT

C.1.1 Vertical Defl ections
Deformations of fl oor and roof members and 

systems due to service loads shall not impair the 
serviceability of the structure.

C.1.2 Drift of Walls and Frames
Lateral defl ection or drift of structures and 

deformation of horizontal diaphragms and bracing 
systems due to wind effects shall not impair the 
serviceability of the structure.

C.1.3 Vibrations
Floor systems supporting large open areas free 

of partitions or other sources of damping, where 
vibration due to pedestrian traffi c might be objection-
able, shall be designed with due regard for such 
vibration.

Mechanical equipment that can produce objec-
tionable vibrations in any portion of an inhabited 
structure shall be isolated to minimize the transmis-
sion of such vibrations to the structure.

Building structural systems shall be designed so 
that wind-induced vibrations do not cause occupant 
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Appendix D

BUILDINGS EXEMPTED FROM TORSIONAL WIND 
LOAD CASES

shall be at least 1.5 times the corresponding design 
wind shear forces resisted by those elements. 

The design earthquake and wind load cases consid-
ered when evaluating this exception shall be the load 
cases without torsion.

D1.3 BUILDINGS CLASSIFIED AS 
TORSIONALLY REGULAR UNDER 
WIND LOAD

Buildings meeting the defi nition of a torsionally 
regular buildings contained in Section 26.2. 

EXCEPTION: If a building does not qualify 
as being torsionally regular under wind load, it is 
permissible to base the design on the basic wind 
load Case 1 that is proportionally increased so 
that the maximum displacement at each level is 
not less than the maximum displacement for the 
torsional load Case 2.

D1.4 BUILDINGS WITH DIAPHRAGMS THAT 
ARE FLEXIBLE AND DESIGNED FOR 
INCREASED WIND LOADING

The torsional wind load cases need not be considered if 
the wind force in each vertical MWFRS element of a 
building is scaled to be 1.5 times the wind force calcu-
lated in the same element under the basic wind load.

D1.5 CLASS 1 AND CLASS 2 SIMPLE 
DIAPHRAGM BUILDINGS (H � 160 FT.) 
MEETING THE FOLLOWING 
REQUIREMENTS (REFER TO SECTION 27.5.2)

D1.5.1 Case A – Class 1 and Class 2 Buildings
Square buildings with L/B = 1.0, where all the 

following conditions are satisfi ed:

1. The combined stiffness of the MWFRS in each 
principal axis direction shall be equal, and

2. The individual stiffness of each of the MWFRS in 
each principal axis direction shall be equal and 
symmetrically placed about the center of applica-
tion of the wind load along the principal axis under 
consideration, and

D1.0 SCOPE

The torsional load cases in Fig. 27.4-8 (Case 2 and 
Case 4) need not be considered for a building meeting 
the conditions of Sections D1.1, D1.2, D1.3, D1.4 or 
D1.5 or, if it can be shown by other means that the 
torsional load cases of Fig. 27.4-8 do not control the 
design.

D1.1 ONE AND TWO STORY 
BUILDINGS MEETING 
THE FOLLOWING REQUIREMENTS

One-story buildings with h less than or equal to 30 ft, 
buildings two stories or less framed with light-frame 
construction, and buildings two stories or less 
designed with fl exible diaphragms.

D1.2 BUILDINGS CONTROLLED 
BY SEISMIC LOADING

D1.2.1 Buildings with Diaphragms at Each Level 
that Are Not Flexible

Building structures that are regular (as defi ned in 
Section 12.3.2) and conform to the following:

1. The eccentricity between the center of mass and the 
geometric centroid of the building at that level shall 
not exceed 15% of the overall building width along 
each principal axis considered at each level and, 

2. The design story shear determined for earthquake 
load as specifi ed in Chapter 12 at each fl oor level 
shall be at least 1.5 times the design story shear 
determined for wind loads as specifi ed herein. 

The design earthquake and wind load cases consid-
ered when evaluating this exception shall be the load 
cases without torsion.

D1.2.2 Buildings with Diaphragms at Each Level 
that Are Flexible

Building structures that are regular (as defi ned in 
Section 12.3.2) and conform to the following:

1. The design earthquake shear forces resolved to the 
vertical elements of the lateral-load-resisting system 
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3. The combined stiffness of the two most separated 
lines of the MWFRS in each principal axis 
direction shall be 100% of the total stiffness in 
each principal axis direction, and

4. The distance between the two most separated lines 
of the MWFRS in each principal axis direction 
shall be at least 45% of the effective building 
width perpendicular to the axis under 
consideration.

D1.5.2 Case B – Class 1 and Class 2 Buildings
Square buildings with L/B = 1.0, where all the 

following conditions are satisfi ed:

1. The combined stiffness of the MWFRS in each 
principal axis direction shall be equal, and

2. The individual stiffness of the two most separated 
lines of the MWFRS in each principal axis 
direction shall be equal with all lines of the 
MWFRS symmetrically placed about the center of 
application of the wind load along the principal 
axis under consideration, and

3. The combined stiffness of the two most separated 
lines of the MWFRS in each principal axis 
direction shall be at least 66% of the total stiffness 
in each principal axis direction, and

4. The distance between the two most separated lines 
of the MWFRS in each principal axis direction 
shall be at least 66% of the effective building 
width perpendicular to the axis under 
consideration.

D1.5.3 Case C – Class 1 and Class 2 Buildings
Rectangular buildings with L/B equal to 0.5 or 

2.0 (L/B = 0.5, L/B = 2.0), where all the following 
conditions are satisfi ed:

1. The combined stiffness of the MWFRS in each 
principal axis direction shall be proportional to the 
width of the sides perpendicular to the axis under 
consideration, and

2. The individual stiffness of each of the MWFRS in 
each principal axis direction shall be equal and 
symmetrically placed about the center of applica-
tion of the wind load along the principal axis under 
consideration, and

3. The combined stiffness of the two most separated 
lines of the MWFRS in each principal axis 
direction shall be 100% of the total stiffness in 
each principal axis direction, and

4. The distance between the two most separated lines 
of the MWFRS in each principal axis direction 
shall be at least 80% of the effective building width 
perpendicular to the axis under consideration.

D1.5.4 Case D – Class 1 and Class 2 Buildings
Rectangular buildings with L/B equal to 0.5 or 

2.0 (L/B = 0.5, L/B = 2.0), where all the following 
conditions are satisfi ed:

1. The combined stiffness of the MWFRS in each 
principal axis direction shall be proportional to the 
width of the sides perpendicular to the axis under 
consideration, and

2. The individual stiffness of the most separated lines 
of the MWFRS in each principal axis direction 
shall be equal with all lines of the MWFRS 
symmetrically placed about the center of applica-
tion of the wind load along the principal axis under 
consideration, and

3. The combined stiffness of the two most separated 
lines of the MWFRS in each principal axis 
direction shall be at least 80% of the total stiffness 
in each principal axis direction, and

4. The distance between the two most separated lines 
of the MWFRS in each principal axis direction 
shall be 100% of the effective building width 
perpendicular to the axis under consideration.

D1.5.5 Case E – Class 1 and Class 2 Buildings
Rectangular buildings having L/B between 0.5 

and 1.0 (0.5 < L/B < 1.0) or between 1.0 and 2.0 (1.0 
< L/B < 2.0), the stiffness requirements and the 
separation distances between the two most separated 
lines of the MWFRS in each direction shall be 
interpolated between Case A and Case C and between 
Case B and Case D, respectively (see Fig. D1.5-1).

D1.5.6 Case F – Class 1 Buildings
Rectangular buildings having L/B between 0.2 

and 0.5 (0.2 � L/B < 0.5) or between 2.0 and 5.0 (2.0 
< L/B � 5.0), see Fig. D1.5-2, where all of the 
following conditions are satisfi ed:

1. There shall be at least two lines of resistance in 
each principal axis direction, and

2. All lines of the MWFRS shall be symmetrically 
placed about the center of application of the wind 
load along the principal axis under consideration, and

3. The distance between each line of resistance of the 
MWFRS in the principal axis direction shall not 
exceed 2 times the least effective building width in 
a principal axis direction, and

4. The individual stiffness of the most separated lines 
of the MWFRS in each principal axis direction 
shall be equal and not less than (25 + 50/n) percent 
of the total stiffness where n is the required 
number of lines of resistance in the principal axis 
direction as required by conditions 1 and 3 of this 
section. The value of n shall be 2, 3, or 4.
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    Figure D1.5-2 Case F MWFRS – Requirements of Case F Wind Torsion Exclusion 
               See Figure 27.4-8    Enclosed Simple Diaphragm Building 
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COMMENTARY TO AMERICAN SOCIETY OF CIVIL 
ENGINEERS/STRUCTURAL ENGINEERING INSTITUTE 

STANDARD 7-10

a place for supplying material that can be used in 
these situations and is intended to create a better 
understanding of the recommended requirements 
through brief explanations of the reasoning employed 
in arriving at them.

The sections of the commentary are numbered 
to correspond to the sections of the standard to which 
they refer. Because it is not necessary to have 
supplementary material for every section in the 
standard, there are gaps in the numbering in the 
commentary.

This commentary is not a part of the ASCE Standard 
Minimum Design Loads for Buildings and Other 
Structures. It is included for information purposes.

This commentary consists of explanatory and 
supplementary material designed to assist local 
building code committees and regulatory authorities in 
applying the recommended requirements. In some 
cases it will be necessary to adjust specifi c values in 
the standard to local conditions. In others, a consider-
able amount of detailed information is needed to put 
the provisions into effect. This commentary provides 
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Chapter C1

GENERAL

stability. In addition, the magnitude of load imposed 
on a structure for some loading conditions, including 
earthquake, wind, and ponding, is a direct function of 
the structure’s stiffness.

Another important consideration related to 
stiffness is damage to nonstructural components 
resulting from structural deformations. Acceptable 
performance of nonstructural components requires 
either that the structural stiffness be suffi cient to 
prevent excessive deformations or that the compo-
nents can accommodate the anticipated deformations.

Standards produced under consensus procedures 
and intended for use in connection with building code 
requirements contain recommendations for resistance 
factors for use with the strength design procedures 
of Section 1.3.1.1 or allowable stresses (or safety 
factors) for the allowable stress design procedures of 
Section 1.3.1.2. The resistances contained in any such 
standards have been prepared using procedures 
compatible with those used to form the load combina-
tions contained in Sections 2.3 and 2.4. When used 
together, these load combinations and the companion 
resistances are intended to provide reliabilities 
approximately similar to those indicated in Tables 
C.1.3.1a and C1.3.1b. Some standards known to have 
been prepared in this manner include:

ACI
American Concrete Institute
38800 Country Club Drive
Farmington Hills, MI 48331

ACI 318 Building Code Requirements for Concrete

AISC
American Institute of Steel Construction
One East Wacker Drive
Chicago, IL 60601

AISC 341 Seismic Provisions for Steel Buildings
AISC 358 Prequalifi ed Connections for Buildings and 

Other Structures
AISC 360 Specifi cation for Structural Steel Buildings

AISI
American Iron and Steel Institute
1140 Connecticut Avenue, NW, Suite 705
Washington, DC 20036

C1.1 SCOPE

The minimum load requirements contained in this 
standard are derived from research and service 
performance of buildings and other structures. 
The user of this standard, however, must exercise 
judgment when applying the requirements to 
“other structures.” Loads for some structures 
other than buildings may be found in this standard, 
and additional guidance may be found in the 
commentary.

Both loads and load combinations are set forth 
in this document with the intent that they be used 
together. If one were to use loads from some other 
source with the load combinations set forth herein or 
vice versa, the reliability of the resulting design may 
be affected.

Earthquake loads contained herein are developed 
for structures that possess certain qualities of ductility 
and postelastic energy dissipation capability. For this 
reason, provisions for design, detailing, and construc-
tion are provided in Chapter 14. In some cases, these 
provisions modify or add to provisions contained in 
design specifi cations.

C1.3 BASIC REQUIREMENTS

C1.3.1 Strength and Stiffness
Buildings and other structures must satisfy 

strength limit states in which members and compo-
nents are proportioned to safely carry the design loads 
specifi ed in this Standard to resist buckling, yielding, 
fracture, and other unacceptable performance. This 
requirement applies not only to structural components 
but also to nonstructural elements, the failure of 
which could pose a substantial safety or other risk. 
Chapter 6 of this Standard specifi es wind loads that 
must be considered in the design of cladding. Chapter 
13 of this Standard specifi es earthquake loads and 
deformations that must be considered in the design of 
nonstructural components and systems designated in 
that chapter.

Although strength is a primary concern of this 
section, strength cannot be considered independent of 
stiffness. In addition to considerations of serviceabil-
ity, for which stiffness is a primary consideration, 
structures must have adequate stiffness to ensure 
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Table C.1.3.1a Acceptable reliability (maximum annual probability of failure) and associated reliability 
indexes1 (β) for load conditions that do not include earthquake2

Occupancy Category

Basis I II III IV

Failure that is not sudden and does not lead 
to wide-spread progression of damage

PF = 1.25 × 10-4/yr
β = 2.5

PF = 3.0 × 10-5/yr
β = 3.0

PF = 1.25 × 10-5/yr
β = 3.25

PF = 5.0 × 10-6/yr
β = 3.5

Failure that is either sudden or leads to 
wide-spread progression of damage

PF = 3.0 × 10-5/yr\
β = 3.0

PF = 5.0 × 10-6/yr
β = 3.5

PF = 2.0 × 10-6/yr
β = 3.75

PF = 7.0 × 10-7/yr
β = 4.0

Failure that is sudden and results in wide 
spread progression of damage

PF = 5.0 × 10-6/yr
β = 3.5

PF = 7.0 × 10-7/yr
β = 4.0

PF = 2.5 × 10-7/yr
β = 4.25

PF = 1.0 × 10-7/yr
β = 4.5

1 The reliability indices are provided for a 50-year service period, while the probabilities of failure have been annualized. The equations presented 
in Section 2.3.6, Load Combinations for Non-Specifi ed Loads, are based on reliability indices for 50 years because the load combination 
requirements in 2.3.2 are based on the 50-year maximum loads.
2 Commentary to Section 2.5 includes references to publications that describe the historic development of these target reliabilities.

Table C.1.3.1b Anticipated reliability (maximum probability of failure) 
for earthquake1

Risk Category I and II

Total or partial structural collapse 10% conditioned on the occurrence of 
Maximum Considered Earthquake shaking

Failure that could result in 
endangerment of individual lives

25% conditioned on the occurrence of 
Maximum Considered effects

Risk Category III

Total or partial structural collapse 6% conditioned on the occurrence of 
Maximum Considered Earthquake shaking

Failure that could result in 
endangerment of individual lives

15% conditioned on the occurrence of 
Maximum Considered Earthquake shaking

Risk Category IV

Total or partial structural collapse 3% conditioned on the occurrence of 
Maximum Considered Earthquake shaking

Failure that could result in 
endangerment of individual lives

10% conditioned on the occurrence of 
Maximum Considered Earthquake shaking

1 Refer to the NEHRP Recommended Provisions Seismic Regulation for Buildings and Other 
Strucures, FEMA P750, for discussion of the basis of seismic reliabiltiies.

S100-07 North American Specifi cation for the Design 
of Cold Formed Steel Structural Members

AF&PA
American Forest & Paper Association
1111 Nineteenth Street, NW, Suite 800
Washington, DC 20036

Supplement Special Design Provisions for Wind & 
Seismic

ANSI/AF&PA NDS-2005 National Design Specifi ca-
tion for Wood Construction

ANSI/AF&PA SDPWS-2008 Special Design Provi-
sions for Wind & Seismic

AA
Aluminum Association
1525 Wilson Blvd, Suite 600
Arlington, VA 22209

Specifi cation for Aluminum Structures
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AWC
American Wood Council
1111 Nineteenth Street, NW, Suite 800
Washington, DC 20036

ANSI/AF&PA NDS-2005 National Design Specifi ca-
tion for Wood Construction

ASCE
American Society of Civil Engineers

SEI/ASCE Standard 8-02 (2008), Specifi cation for the 
Design of Cold-Formed Stainless Steel Structural 
Members

TMS
The Masonry Society
3970 Broadway, Suite 201-D
Boulder, CO

TMS 402/ACI 530/ASCE 5 and TMS 602/ACI 530.1/
ASCE 6: Building Code Requirements and Specifi ca-
tion for Masonry Structures

ACI 530/530.1 Building Code Requirements and 
Specifi cation for Masonry Structures to Building Code 
Requirements and Specifi cation for Masonry Struc-
tures—MSJC (Masonry Standards Joint Committee) 
(TMS 402/ACI 530/ASCE 5 and TMS 602/ACI 
530.1/ASCE 6)

C1.3.1.3 Performance-Based Procedures
Section 1.3.1.3 introduces alternative perfor-

mance-based procedures that may be used in lieu of 
the procedures of Section 1.3.1.1 and 1.3.1.2 to 
demonstrate that a building or other structure, or 
parts thereof, have suffi cient strength. These proce-
dures are intended to parallel the so-called “alternative 
means and methods” procedures that have been 
contained in building codes for many years. Such 
procedures permit the use of materials, design, and 
construction methods different than the prescriptive 
requirements of the building code, or in this case 
Standard, that can be demonstrated to provide 
equivalent performance. Such procedures are useful 
and necessary in that they permit innovation and the 
development of new approaches before the building 
codes and standards have an opportunity to provide 
for these new approaches. In addition, these proce-
dures permit the use of alternative methods for those 
special structures, which by means of their occupancy, 
use, or other features, can provide acceptable perfor-
mance without compliance with the prescriptive 
requirements.

Section 1.3.1.3 requires demonstration that a 
design has adequate strength to provide an equivalent 
or lower probability of failure under load than that 
adopted as the basis for the prescriptive requirements 
of this Standard for buildings and structures of 
comparable Risk Category. Tables C.1.3.1a and 
C1.3.1b summarize performance goals associated with 
protection against structural failure that approximate 
those notionally intended to be accomplished using 
the Load and Resistance Factor Design procedures of 
Section 2.3.

It is important to recognize that the requirements 
of ASCE 7 and its companion referenced standards 
are intended to go beyond protection against structural 
failure and are also intended to provide property and 
economic protection for small events, to the extent 
practical, as well as to improve the probability that 
critical facilities will be functional after severe storms, 
earthquakes, and similar events. Although these goals 
are an important part of the requirements of this 
Standard, at the present time there is no documenta-
tion of the reliability intended with respect to these 
goals. Consequently, Tables C.1.3.1a and C.1.3.1.b 
address safety considerations only. In part, the 
serviceabilty requirements of Section 1.3.2 address 
these other objectives. It is essential that these other 
performance criteria be considered when implement-
ing the procedures of Section 1.3.1.3.

The alternative procedures of Section 1.3.1.3 
are intended to be used in the design of individual 
projects, rather than as the basis for broad qualifi ca-
tion of new structural systems, products, or compo-
nents. Procedures for such qualifi cation are beyond 
the scope of this Standard.

It is anticipated that compliance with Section 
1.3.1.3 will be demonstrated by analysis, testing, 
or a combination of both of these. It is important to 
recognize that the performance objectives tabulated 
in Tables C1.3.1a and C.1.3.1.b are probabilistic in 
nature and that there is inherent uncertainty associated 
with prediction of the intensity of loading a structure 
will experience, the actual strength of materials 
incorporated in construction, the quality of construc-
tion, and the condition of the structure at the time of 
loading. Whether testing, or analysis, or a combina-
tion of these is used, provision must be made to 
account for these uncertainties and ensure that the 
probability of poor performance is acceptably low.

Rigorous methods of reliability analysis can be 
used to demonstrate that the reliability of a design 
meets or approximates those indicated in Tables 
C.1.3.1a and C.1.3.1.b. While such analyses would 
certainly constitute an acceptable approach to satisfy 

Com_c01.indd   375 4/14/2010   11:05:22 AM



CHAPTER C1 GENERAL

376

Section 1.3.1.3 requirements, it is not intended that 
these are the only acceptable approaches. Any 
methods that evaluate the likelihood of failure 
considering the potential uncertainties to the satisfac-
tion of the Peer Review and the Authority Having 
Jurisdiction should be acceptable. This could include 
the use of procedures contained in the International 
Performance Code, ASCE 41, and similar authorita-
tive documents.

Since most building offi cials and other authorities 
having jurisdiction will not have the expertise 
necessary to judge the adequacy of designs justifi ed 
using the Section 1.3.1.3 procedures, independent peer 
review is an essential part of this process. Such 
review can help to reduce the potential that the design 
professional of record will overlook or misinterpret 
one or more potential behaviors that could result in 
poor performance. Independent review can also help 
to establish that an appropriate standard of care was 
adhered to during the design. For review to be 
effective, the reviewers must have the appropriate 
expertise and understanding of the types of structures, 
loading, analysis methods, and testing used in the 
procedures.

It is anticipated that the alternative procedures of 
Section 1.3.1.3 may be used to demonstrate adequacy 
for one or perhaps a few load types, while the more 
standard procedures of Sections 1.3.1.1 and 1.3.1.2 
are used to demonstrate adequacy for other load types. 
For example, it is relatively common to use the 
alternative procedures to demonstrate adequate 
earthquake, fi re, or blast resistance, while the standard 
prescriptive procedures of Sections 1.3.1.1 and 1.3.1.2 
are used for all other loading considerations.

It is important to note that provision of adequate 
strength is not by itself the only requirement to ensure 
proper performance. Considerations of serviceability 
and structural integrity are also important. Use of the 
alternative procedures of Section 1.3.1.3 is not 
intended as an alternative to the requirements of 
Sections 1.3.2, 1.3.3, 1.3.4, 1.3.5, or 1.4 of this 
Standard.

C1.3.1.3.2 Testing Laboratory testing of materials and 
components constructed from those materials is an 
essential part of the process of validating the perfor-
mance of structures and nonstructural components 
under load. Design resistances specifi ed in the 
industry standards used with the Strength Procedures 
of Section 1.3.1.1 and the Allowable Stress Proce-
dures of Section 1.3.1.2 are based on extensive 
laboratory testing as well as many years of experience 
with the performance of structures designed using 

these standards in real structures. Similarly, analytical 
modeling techniques commonly used by engineers to 
predict the behavior of these systems have been 
benchmarked and validated against laboratory testing. 
Similar benchmarking of resistance, component 
performance, and analytical models is essential when 
performance-based procedures are employed. Where 
systems and components that are within the scope of 
the industry standards are employed in a design, 
analytical modeling of these systems and components 
and their resistances should be conducted in accor-
dance with these standards and industry practice, 
unless new data and testing suggest that other assump-
tions are more appropriate. Where new systems, 
components, or materials are to be used, laboratory 
testing must be performed to indicate appropriate 
modeling assumptions and resistances.

No single protocol is appropriate for use in 
laboratory testing of structural and nonstructural 
components. The appropriate number and types of 
tests that should be performed depend on the type of 
loading the component will be subjected to, the 
complexity of the component’s behavior, the failure 
modes it may exhibit, the consequences of this failure, 
and the variability associated with the behavior. 
Resistances should be selected to provide an accept-
ably low probability of unacceptable performance. 
Commentary to Chapter 2 provides guidance on the 
calculation of load and resistance factors that may be 
used for this purpose, when LRFD procedures are 
employed.

Regardless of the means used to demonstrate 
acceptable performance, testing should be suffi cient to 
provide an understanding of the probable mean value 
and variability of resistance or component perfor-
mance. For materials or components that exhibit 
signifi cant variability in behavior, as a result either of 
workmanship, material variation, or brittle modes of 
behavior, a very large number of tests may be 
required to properly characterize both the mean values 
and dispersion. It will seldom be possible to conduct 
such a large number of tests as part of an individual 
project. Therefore, for reasons of practicality, this 
standard permits a small number of tests, with the 
number based on the observed variability. When high 
variability is observed in this test data, the minimum 
requirement of six tests is not adequate to establish 
either the true mean or the variability with confi dence, 
and appropriate caution should be used when develop-
ing component resistance or performance measures 
based on this limited testing. This is a primary reason 
why the procedures of this section are limited to use 
on individual projects and are not intended as a means 
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of obtaining prequalifi cation of new systems, materi-
als, or components for broad application.

Some industries and industry standards have 
adopted standard protocols and procedures for 
qualifi cation testing. For example, AISC 341, Appen-
dix S, specifi es the required testing for qualifi cation of 
connections used in certain steel seismic force 
resisting systems. The wood structural panel industry 
has generally embraced the testing protocols devel-
oped by the Consortium of Universities for Research 
in Earthquake Engineering project (Krawinkler et al. 
2002). When a material, component, or system is 
similar to those for which such an industry standard 
exists, the industry standard should be used, unless it 
can be demonstrated to the satisfaction of the Peer 
Review and Authority Having Jurisdiction that more 
appropriate results will be attained by using alterna-
tive procedures and protocols.

C1.3.2 Serviceability
In addition to strength limit states, buildings and 

other structures must also satisfy serviceability limit 
states that defi ne functional performance and behavior 
under load and include such items as defl ection and 
vibration. In the United States, strength limit states 
have traditionally been specifi ed in building codes 
because they control the safety of the structure. 
Serviceability limit states, on the other hand, are 
usually noncatastrophic, defi ne a level of quality of 
the structure or element, and are a matter of judgment 
as to their application. Serviceability limit states 
involve the perceptions and expectations of the owner 
or user and are a contractual matter between the 
owner or user and the designer and builder. It is for 
these reasons, and because the benefi ts are often 
subjective and diffi cult to defi ne or quantify, that 
serviceability limit states for the most part are not 
included within the model United States Building 
Codes. The fact that serviceability limit states are 
usually not codifi ed should not diminish their impor-
tance. Exceeding a serviceability limit state in a 
building or other structure usually means that its 
function is disrupted or impaired because of local 
minor damage or deterioration or because of occupant 
discomfort or annoyance.

C1.3.3 Self-Straining Forces
Constrained structures that experience dimen-

sional changes develop self-straining forces. Examples 
include moments in rigid frames that undergo differ-
ential foundation settlements and shears in bearing 
walls that support concrete slabs that shrink. Unless 
provisions are made for self-straining forces, stresses 

in structural elements, either alone or in combination 
with stresses from external loads, can be high enough 
to cause structural distress.

In many cases, the magnitude of self-straining 
forces can be anticipated by analyses of expected 
shrinkage, temperature fl uctuations, foundation 
movement, and so forth. However, it is not always 
practical to calculate the magnitude of self-straining 
forces. Designers often provide for self-straining 
forces by specifying relief joints, suitable framing 
systems, or other details to minimize the effects of 
self-straining forces.

This section of the standard is not intended to 
require the designer to provide for self-straining 
forces that cannot be anticipated during design. An 
example is settlement resulting from future adjacent 
excavation.

C1.4 GENERAL STRUCTURAL INTEGRITY

Sections 1.4.1 through 1.4.4 present minimum 
strength criteria intended to ensure that all structures 
are provided with minimum interconnectivity of their 
elements and that a complete lateral force-resisting 
system is present with suffi cient strength to provide 
for stability under gravity loads and nominal lateral 
forces that are independent of design wind, seismic, 
or other anticipated loads. Conformance with these 
criteria will provide structural integrity for normal 
service and minor unanticipated events that may 
reasonably be expected to occur throughout their 
lifetimes. For many structures, housing large numbers 
of persons, or which house functions necessary to 
protect the public safety or occupancies that may be 
the subject of intentional sabotage or attack, more 
rigorous protection should be incorporated into 
designs than provided by these sections. For such 
structures, additional precautions can and should be 
taken in the design of structures to limit the effects of 
local collapse and to prevent or minimize progressive 
collapse in accordance with the procedures of Section 
2.5, as charged by Section 1.4.5. Progressive collapse 
is defi ned as the spread of an initial local failure from 
element to element, resulting eventually in the 
collapse of an entire structure or a disproportionately 
large part of it.

Some authors have defi ned resistance to progres-
sive collapse to be the ability of a structure to 
accommodate, with only local failure, the notional 
removal of any single structural member. Aside from 
the possibility of further damage that uncontrolled 
debris from the failed member may cause, it appears 
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prudent to consider whether the abnormal event will 
fail only a single member.

Because accidents, misuse, and sabotage are 
normally unforeseeable events, they cannot be defi ned 
precisely. Likewise, general structural integrity is a 
quality that cannot be stated in simple terms. It is the 
purpose of Section 1.4 and the commentary to direct 
attention to the problem of local collapse, present 
guidelines for handling it that will aid the design 
engineer, and promote consistency of treatment in all 
types of structures and in all construction materials. 
ASCE does not intend, at this time, for this standard 
to establish specifi c events to be considered during 
design or for this standard to provide specifi c design 
criteria to minimize the risk of progressive collapse.

Accidents, Misuse, Sabotage, and Their 
Consequences. In addition to unintentional or willful 
misuse, some of the incidents that may cause local 
collapse (Leyendecker et al. 1976) are explosions 
caused by ignition of gas or industrial liquids; boiler 
failures; vehicle impact; impact of falling objects; 
effects of adjacent excavations; gross construction 
errors; very high winds such as tornadoes; and 
sabotage. Generally, such abnormal events would not 
be a part of normal design considerations. The 
distinction between general collapse and limited local 
collapse can best be made by example as follows.

General Collapse. The immediate, deliberate 
demolition of an entire structure by phased explosives 
is an obvious instance of general collapse. Also, the 
failure of one column in a one-, two-, three-, or 
possibly even four-column structure could precipitate 
general collapse because the local failed column is a 
signifi cant part of the total structural system at that 
level. Similarly, the failure of a major bearing element 
in the bottom story of a two- or three-story structure 
might cause general collapse of the whole structure. 
Such collapses are beyond the scope of the provisions 
discussed herein. There have been numerous instances 
of general collapse that have occurred as the result of 
such events as bombing, landslides, and fl oods.

Limited Local Collapse. An example of limited 
local collapse would be the containment of damage to 
adjacent bays and stories following the destruction of 
one or two neighboring columns in a multibay 
structure. The restriction of damage to portions of two 
or three stories of a higher structure following the 
failure of a section of bearing wall in one story is 
another example.

Examples of General Collapse.
Ronan Point. A prominent case of local collapse 

that progressed to a disproportionate part of the whole 

building (and is thus an example of the type of failure 
of concern here) was the Ronan Point disaster, which 
brought the attention of the profession to the matter of 
general structural integrity in buildings. Ronan Point 
was a 22-story apartment building of large, precast-
concrete, load-bearing panels in Canning Town, 
England. In March 1968, a gas explosion in an 
18th-story apartment blew out a living room wall. The 
loss of the wall led to the collapse of the whole corner 
of the building. The apartments above the 18th story, 
suddenly losing support from below and being 
insuffi ciently tied and reinforced, collapsed one after 
the other. The falling debris ruptured successive fl oors 
and walls below the 18th story, and the failure 
progressed to the ground. Better continuity and 
ductility might have reduced the amount of damage at 
Ronan Point.

Another example is the failure of a one-story 
parking garage reported in Granstrom and Carlsson 
(1974). Collapse of one transverse frame under a 
concentration of snow led to the later progressive 
collapse of the whole roof, which was supported by 20 
transverse frames of the same type. Similar progres-
sive collapses are mentioned in Seltz-Petrash (1979).

Alfred P. Murrah Federal Building. On April 
19, 1995, a truck containing approximately 4,000 lb 
of fertilizer-based explosive (ANFO) was parked near 
the sidewalk next to the nine-story reinforced concrete 
offi ce building (Weidlinger 1994, Engrg. News Rec. 
1995; Longinow 1995; and Glover 1996). The side 
facing the blast had corner columns and four other 
perimeter columns. The blast shock wave disinte-
grated one of the 20 × 36 in. perimeter columns and 
caused brittle failures of two others. The transfer 
girder at the third level above these columns failed, 
and the upper-story fl oors collapsed in a progressive 
fashion. Approximately 70 percent of the building 
experienced dramatic collapse. One hundred sixty-
eight people died, many of them as a direct result of 
progressive collapse. Damage might have been less 
had this structure not relied on transfer girders for 
support of upper fl oors, if there had been better 
detailing for ductility and greater redundancy, and if 
there had been better resistance for uplift loads on 
fl oor slabs.

There are a number of factors that contribute to 
the risk of damage propagation in modern structures 
(Breen 1976). Among them are the following:

1. There is an apparent lack of general awareness 
among engineers that structural integrity against 
collapse is important enough to be regularly 
considered in design.
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2. To have more fl exibility in fl oor plans and to keep 
costs down, interior walls and partitions are often 
non-load-bearing and hence may be unable to 
assist in containing damage.

3. In attempting to achieve economy in structure 
through greater speed of erection and less site 
labor, systems may be built with minimum continu-
ity, ties between elements, and joint rigidity.

4. Unreinforced or lightly reinforced load-bearing 
walls in multistory structures may also have 
inadequate continuity, ties, and joint rigidity.

5. In roof trusses and arches there may not be 
suffi cient strength to carry the extra loads or 
suffi cient diaphragm action to maintain lateral 
stability of the adjacent members if one collapses.

6. In eliminating excessively large safety factors, 
code changes over the past several decades have 
reduced the large margin of safety inherent in 
many older structures. The use of higher-strength 
materials permitting more slender sections com-
pounds the problem in that modern structures may 
be more fl exible and sensitive to load variations 
and, in addition, may be more sensitive to con-
struction errors.

Experience has demonstrated that the principle of 
taking precautions in design to limit the effects of 
local collapse is realistic and can be satisfi ed econom-
ically. From a public-safety viewpoint it is reasonable 
to expect all multistory structures to possess general 
structural integrity comparable to that of properly 
designed, conventional framed structures (Breen 1976 
and Burnett 1975).

Design Alternatives. There are a number of ways 
to obtain resistance to progressive collapse. In 
Ellingwood and Leyendecker (1978), a distinction is 
made between direct and indirect design, and the 
following approaches are defi ned:

Direct Design: Explicit consideration of resis-
tance to progressive collapse during the design 
process through either
Alternate Path Method: A method that allows 

local failure to occur but seeks to provide 
alternate load paths so that the damage is 
absorbed and major collapse is averted.

Specifi c Local Resistance Method: A method 
that seeks to provide suffi cient strength to 
resist failure from accidents or misuse.

Indirect Design: Implicit consideration of 
resistance to progressive collapse during the 
design process through the provision of 
minimum levels of strength, continuity, and 
ductility.

The general structural integrity of a structure may 
be tested by analysis to ascertain whether alternate 
paths around hypothetically collapsed regions exist. 
Alternatively, alternate path studies may be used as 
guides for developing rules for the minimum levels of 
continuity and ductility needed to apply the indirect 
design approach to enhance general structural integ-
rity. Specifi c local resistance may be provided in 
regions of high risk because it may be necessary for 
some element to have suffi cient strength to resist 
abnormal loads for the structure as a whole to develop 
alternate paths. Specifi c suggestions for the implemen-
tation of each of the defi ned methods are contained in 
Ellingwood and Leyendecker (1978).

Guidelines for the Provision of General 
Structural Integrity. Generally, connections between 
structural components should be ductile and have a 
capacity for relatively large deformations and energy 
absorption under the effect of abnormal conditions. 
This criterion is met in many different ways, depend-
ing on the structural system used. Details that are 
appropriate for resistance to moderate wind loads and 
seismic loads often provide suffi cient ductility. In 
1999, ASCE issued a state of practice report that is a 
good introduction to the complex fi eld of blast 
resistant design ASCE (1999).

Work with large precast panel structures (Schultz 
et al. 1977, PCI Committee on Precast Bearing Walls 
1976, and Fintel and Schultz (1979) provides an 
example of how to cope with the problem of general 
structural integrity in a building system that is 
inherently discontinuous. The provision of ties 
combined with careful detailing of connections can 
overcome diffi culties associated with such a system. 
The same kind of methodology and design philosophy 
can be applied to other systems (Fintel and Annamalai 
1979). The ACI Building Code Requirements for 
Structural Concrete (ACI 2002) includes such 
requirements in Section 7.13.

There are a number of ways of designing for the 
required integrity to carry loads around severely 
damaged walls, trusses, beams, columns, and fl oors. 
A few examples of design concepts and details are

1. Good Plan Layout. An important factor in achiev-
ing integrity is the proper plan layout of walls and 
columns. In bearing-wall structures, there should 
be an arrangement of interior longitudinal walls to 
support and reduce the span of long sections of 
crosswall, thus enhancing the stability of individ-
ual walls and of the structures as a whole. In the 
case of local failure, this will also decrease the 
length of wall likely to be affected.
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2. Provide an integrated system of ties among the 
principal elements of the structural system. These 
ties may be designed specifi cally as components 
of secondary load-carrying systems, which often 
must sustain very large deformations during 
catastrophic events.

3. Returns on Walls. Returns on interior and exterior 
walls make them more stable.

4. Changing Directions of Span of Floor Slab. 
Where a one-way fl oor slab is reinforced to span, 
with a low safety factor, in its secondary direction 
if a load-bearing wall is removed, the collapse of 
the slab will be prevented and the debris loading 
of other parts of the structure will be minimized. 
Often, shrinkage and temperature steel will be 
enough to enable the slab to span in a new 
direction.

5. Load-Bearing Interior Partitions. The interior 
walls must be capable of carrying enough load to 
achieve the change of span direction in the fl oor 
slabs.

6. Catenary Action of Floor Slab. Where the slab 
cannot change span direction, the span will 
increase if an intermediate supporting wall is 
removed. In this case, if there is enough rein-
forcement throughout the slab and enough 
continuity and restraint, the slab may be capable 
of carrying the loads by catenary action, though 
very large defl ections will result.

7. Beam Action of Walls. Walls may be assumed to 
be capable of spanning an opening if suffi cient 
tying steel at the top and bottom of the walls 
allows them to act as the web of a beam with the 
slabs above and below acting as fl anges (Schultz 
et al. 1977).

8. Redundant Structural Systems. Provide a second-
ary load path (e.g., an upper-level truss or transfer 
girder system that allows the lower fl oors of a 
multistory building to hang from the upper fl oors 
in an emergency) that allows framing to survive 
removal of key support elements.

9. Ductile Detailing. Avoid low-ductility detailing in 
elements that might be subject to dynamic loads 
or very large distortions during localized failures 
(e.g., consider the implications of shear failures in 
beams or supported slabs under the infl uence of 
building weights falling from above).

10. Provide additional reinforcement to resist blast 
and load reversal when blast loads are considered 
in design (ASCE Petrochemical Energy Commit-
tee 1977).

11. Consider the use of compartmentalized construc-
tion in combination with special moment resisting 

frames (as defi ned in FEMA 1997) in the design 
of new buildings when considering blast 
protection.

Although not directly adding structural integrity 
for the prevention of progressive collapse, the use of 
special, nonfrangible glass for fenestration can greatly 
reduce risk to occupants during exterior blasts (ASCE 
Petrochemical Energy Committee 1977). To the extent 
that nonfrangible glass isolates a building’s interior 
from blast shock waves, it can also reduce damage to 
interior framing elements (e.g., supported fl oor slabs 
could be made to be less likely to fail due to uplift 
forces) for exterior blasts.

C1.5 CLASSIFICATION OF BUILDINGS AND 
OTHER STRUCTURES

C1.5.1 Risk Categorization
In this (2010) edition of the Standard a new Table 

1.5-2 has been added that consolidates the various 
importance factors specifi ed for the several type of 
loads throughout the Standard in one location. This 
change was made to facilitate the process of fi nding 
values of these factors. Simultaneously with this 
addition, the importance factors for wind loads have 
been deleted as changes to the new wind hazard maps 
adopted by the standard incorporate consideration of 
less probable design winds for structures assigned to 
higher risk categories, negating the need for separate 
importance factors. Further commentary on this issue 
may be found in the commentary to Chapter 26.

The risk categories in Table 1.5-1 are used to 
relate the criteria for maximum environmental loads 
or distortions specifi ed in this standard to the conse-
quence of the loads being exceeded for the structure 
and its occupants. For many years, this Standard used 
the term Occupancy Category, as have the building 
codes. However, the term “occupancy” as used by the 
building codes relates primarily to issues associated 
with fi re and life safety protection, as opposed to the 
risks associated with structural failure. The term “Risk 
Category” was adopted in place of the older Occu-
pancy Category in the 2010 edition of the Standard to 
distinguish between these two considerations. The risk 
category numbering is unchanged from that in the 
previous editions of the standard (ASCE 7-98, -02, 
and -05), but the criteria for selecting a category have 
been generalized with regard to structure and occu-
pancy descriptions. The reason for this generalization 
is that the acceptable risk for a building or structure 
is an issue of public policy, rather than purely a 
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technical one. Model building codes such as the 
International Building Code (ICC 2009) and NFPA-
5000 (NFPA 2006) contain prescriptive lists of 
building types by occupancy category. Individual 
communities can alter these lists when they adopt 
local codes based on the model code, and individual 
owners or operators can elect to design individual 
buildings to higher occupancy categories based on 
personal risk management decisions. Classifi cation 
continues to refl ect a progression of the anticipated 
seriousness of the consequence of failure from lowest 
risk to human life (Risk Category I) to the highest 
(Risk Category IV). Elimination of the specifi c 
examples of buildings that fall into each category has 
the benefi t that it eliminates the potential for confl ict 
between the standard and locally adopted codes and 
also provides individual communities and develop-
ment teams the fl exibility to interpret acceptable risk 
for individual projects.

Historically, the bulding codes and the standard 
have used a variety of factors to determine the 
occupancy category of a building. These factors 
include the total number of persons who would be at 
risk were failure to occur, the total number of persons 
present in a single room or occupied area, the mobil-
ity of the occupants and their ability to cope with 
dangerous situations, the potential for release of toxic 
materials, and the loss of services vital to the welfare 
of the community.

Risk Category I structures generally encompass 
buildings and structures that normally are unoccupied 
and that would result in negligible risk to the public 
should they fail. Structures typically classifi ed in this 
category have included barns, storage shelters, 
gatehouses, and similar small structures. Risk Cat-
egory II includes the vast majority of structures, 
including most residential, commercial, and industrial 
buildings, and has historically been designated as 
containing all those buildings and structures not 
specifi cally classifi ed as conforming to another 
category.

Risk Category III includes buildings and struc-
tures that house a large number of persons in one 
place, such as theaters, lecture halls, and similar 
assembly uses; buildings with persons having limited 
mobility or ability to escape to a safe haven in the 
event of failure, including elementary schools, 
prisons, and small healthcare facilities. This category 
has also included structures associated with utilities 
required to protect the health and safety of a commu-
nity, including power generating stations and water 
treatment and sewage treatment plants. It has also 
included structures housing hazardous substances, 

such as explosives or toxins, which if released in 
quantity could endanger the surrounding community, 
such as structures in petrochemical process facilities 
containing large quantities of H2S or ammonia.

Failures of power plants that supply electricity 
on the national grid can cause substantial economic 
losses and disruption to civilian life when their 
failures can trigger other plants to go offl ine in 
succession. The result can be massive and potentially 
extended power outage, shortage, or both that lead to 
huge economic losses because of idled industries and 
a serious disruption of civilian life because of inoper-
able subways, road traffi c signals, and so forth. One 
such event occurred in parts of Canada and the 
northeastern United States in August 2003.

Failures of water and sewage treatment facilities 
can cause disruption to civilian life because these 
failures can cause large-scale (but mostly non-life-
threatening) public health risks caused by the inability 
to treat sewage and to provide drinking water.

Failures of major telecommunication centers can 
cause disruption to civilian life by depriving users of 
access to important emergency information (using 
radio, television, and phone communication) and by 
causing substantial economic losses associated with 
widespread interruption of business.

Risk Category IV has traditionally included 
structures, the failure of which would inhibit the 
availability of essential community services necessary 
to cope with an emergency situation. Buildings and 
structures typically grouped in Risk Category IV 
include hospitals, police stations, fi re stations, 
emergency communication centers, and similar uses.

Ancillary structures required for the operation of 
Risk Category IV facilities during an emergency also 
are included in this risk category. When deciding 
whether an ancillary structure or a structure that 
supports such functions as fi re suppression is Risk 
Category IV, the design professional must decide 
whether failure of the subject structure will adversely 
affect the essential function of the facility. In addition 
to essential facilities, buildings and other structures 
containing extremely hazardous materials have been 
added to Risk Category IV to recognize the potential 
devastating effect a release of extremely hazardous 
materials may have on a population.

The criteria that have historically been used to 
assign individual buildings and structures to occu-
pancy categories have not been consistent and 
sometimes have been based on considerations that are 
more appropriate to fi re and life safety than to 
structural failure. For example, university buildings 
housing more than a few hundred students have been 
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placed into a higher risk category than offi ce build-
ings housing the same number of persons.

A rational basis should be used to determine the 
risk category for structural design, which is primarily 
based on the number of persons whose lives would 
be endangered or whose welfare would be affected 
in the event of failure. Figure C1-1 illustrates this 
concept.

“Lives at risk” pertains to the number of people 
at serious risk of life loss given a structural failure. 
The risk category classifi cation is not the same as the 
building code occupancy capacity which is mostly 
based on risk to life from fi re. The lives at risk from a 
structural failure include persons who may be outside 
the structure in question who are nonetheless put at 
serious risk by failure of the structure. From this 
concept, emergency recovery facilities that serve large 
populations, even though the structure might shelter 
relatively few people, are moved into the higher risk 
categories.

When determining the population at risk, consid-
eration should also be given to longer term risks to 
life than those created during a structural failure. The 
failure of some buildings and structures, or their 
inability to function after a severe storm, earthquake, 
or other disaster, can have far-reaching impact. For 
example, loss of functionality in one or more fi re 
stations could inhibit the ability of a fi re department 
to extinguish fi res, allowing fi res to spread and 
placing many more people at risk. Similarly, the loss 
of function of a hospital could prevent the treatment 
of many patients over a period of months.

In Chapters 7, 10, and 11, importance factors are 
presented for the four risk categories identifi ed. The 
specifi c importance factors differ according to the 
statistical characteristics of the environmental loads 
and the manner in which the structure responds to 
the loads. The principle of requiring more stringent 
loading criteria for situations in which the conse-
quence of failure may be severe has been recognized 
in previous versions of this standard by the specifi ca-
tion of mean recurrence interval maps for wind speed 
and ground snow load.

This section now recognizes that there may be 
situations when it is acceptable to assign multiple risk 
categories to a structure based on use and the type of 
load condition being evaluated. For instance, there are 
circumstances when a structure should appropriately 
be designed for wind loads with importance factors 
greater than one, but would be penalized unnecessar-
ily if designed for seismic loads with importance 
factors greater than one. An example would be a 
hurricane shelter in a low seismic area. The structure 
would be classifi ed in Risk Category IV for wind 
design and in Risk Category II for seismic design.

C1.5.3 Toxic, Highly Toxic, 
and Explosive Substances

A common method of categorizing structures 
storing toxic, highly toxic, or explosive substances 
is by the use of a table of exempt amounts of these 
materials (EPA 1999b and International Code Council 
2000). These references and others are sources of 
guidance on the identifi cation of materials of these 

FIGURE C1-1 Approximate Relationship between Number of Lives Placed at Risk by a Failure and 
Occupancy Category.
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general classifi cations. A drawback to the use of 
tables of exempt amounts is the fact that the method 
cannot handle the interaction of multiple materials. 
Two materials may be exempt because neither pose 
a risk to the public by themselves but may form a 
deadly combination if combined in a release. There-
fore, an alternate and superior method of evaluating 
the risk to the public of a release of a material is by a 
hazard assessment as part of an overall Risk Manage-
ment Plan (RMP).

Buildings and other structures containing toxic, 
highly toxic, or explosive substances may be classi-
fi ed as Risk Category II structures if it can be demon-
strated that the risk to the public from a release of 
these materials is minimal. Companies that operate 
industrial facilities typically perform Hazard and 
Operability (HAZOP) studies, conduct quantitative 
risk assessments, and develop risk management and 
emergency response plans. Federal regulations and 
local laws mandate many of these studies and plans 
(EPA 1999a). Additionally, many industrial facilities 
are located in areas remote from the public and have 
restricted access, which further reduces the risk to the 
public.

The intent of Section 1.5.2 is for the RMP and 
the facility’s design features that are critical to the 
effective implementation of the RMP to be maintained 
for the life of the facility. The RMP and its associated 
critical design features must be reviewed on a regular 
basis to ensure that the actual condition of the facility 
is consistent with the plan. The RMP also should be 
reviewed whenever consideration is given to the 
alteration of facility features that are critical to the 
effective implementation of the RMP.

The RMP generally deals with mitigating the risk 
to the general public. Risk to individuals outside the 
facility storing toxic, highly toxic, or explosive 
substances is emphasized because plant personnel are 
not placed at as high a risk as the general public 
because of the plant personnel’s training in the 
handling of the toxic, highly toxic, or explosive 
substances and because of the safety procedures 
implemented inside the facilities. When these ele-
ments (trained personnel and safety procedures) are 
not present in a facility, then the RMP must mitigate 
the risk to the plant personnel in the same manner as 
it mitigates the risk to the general public.

As the result of the prevention program portion of 
an RMP, buildings and other structures normally 
falling into Risk Category III may be classifi ed into 
Risk Category II if means (e.g., secondary contain-
ment) are provided to contain the toxic, highly toxic, 
or explosive substances in the case of a release. To 

qualify, secondary containment systems must be 
designed, installed, and operated to prevent migration 
of harmful quantities of toxic, highly toxic, or 
explosive substances out of the system to the air, soil, 
ground water, or surface water at any time during the 
use of the structure. This requirement is not to be 
construed as requiring a secondary containment 
system to prevent a release of any toxic, highly toxic, 
or explosive substance into the air. By recognizing 
that secondary containment shall not allow releases of 
“harmful” quantities of contaminants, this standard 
acknowledges that there are substances that might 
contaminate ground water but do not produce a 
suffi cient concentration of toxic, highly toxic, or 
explosive substances during a vapor release to 
constitute a health or safety risk to the public. 
Because it represents the “last line of defense,” 
secondary containment does not qualify for the 
reduced classifi cation.

If the benefi cial effect of secondary containment 
can be negated by external forces, such as the 
overtopping of dike walls by fl ood waters or the loss 
of liquid containment of an earthen dike because of 
excessive ground displacement during a seismic event, 
then the buildings or other structures in question may 
not be classifi ed into Risk Category II. If the second-
ary containment is to contain a fl ammable substance, 
then implementation of a program of emergency 
response and preparedness combined with an appro-
priate fi re suppression system would be a prudent 
action associated with a Risk Category II classifi ca-
tion. In many jurisdictions, such actions are required 
by local fi re codes.

Also as the result of the prevention program 
portion of an RMP, buildings and other structures 
containing toxic, highly toxic, or explosive substances 
also could be classifi ed as Risk Category II for 
hurricane wind loads when mandatory procedures are 
used to reduce the risk of release of toxic, highly 
toxic, or explosive substances during and immediately 
after these predictable extreme loadings. Examples of 
such procedures include draining hazardous fl uids 
from a tank when a hurricane is predicted or, con-
versely, fi lling a tank with fl uid to increase its 
buckling and overturning resistance. As appropriate to 
minimize the risk of damage to structures containing 
toxic, highly toxic, or explosive substances, manda-
tory procedures necessary for the Risk Category II 
classifi cation should include preventative measures, 
such as the removal of objects that might become 
airborne missiles in the vicinity of the structure.

In previous editions of ASCE 7, the defi nitions 
of “hazardous” and “extremely hazardous” materials 
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were not provided. Therefore, the determination of the 
distinction between hazardous and extremely hazard-
ous materials was left to the discretion of the author-
ity having jurisdiction. The change to the use of the 
terms “toxic” and “highly toxic” based on defi nitions 
from Federal law (29 CFR 1910.1200 Appendix A 
with Amendments as of February 1, 2000) has 
corrected this problem.

Because of the highly quantitative nature of the 
defi nitions for toxic and highly toxic found in 29 CFR 
1910.1200 Appendix A, the General Provisions Task 
Committee felt that the defi nitions found in federal 
law should be directly referenced instead of repeated 
in the body of ASCE 7. The defi nitions found in 29 
CFR 1910.1200 Appendix A are repeated in the 
following text for reference.

Highly Toxic. A chemical falling within any of 
the following categories:

1. A chemical that has a median lethal dose (LD[50]) 
of 50 mg or less per kilogram of body weight 
when administered orally to albino rats weighing 
between 200 and 300 g each.

2. A chemical that has a median lethal dose (LD[50]) 
of 200 mg or less per kilogram of body weight 
when administered by continuous contact for 24 hr 
(or less if death occurs within 24 hr) with the bare 
skin of albino rabbits weighing between 2 and 3 kg 
each.

3. A chemical that has a median lethal concentration 
(LD[50]) in air of 200 parts per million by volume 
or less of gas or vapor, or 2 mg per liter or less of 
mist, fume, or dust, when administered by continu-
ous inhalation for 1 hr (or less if death occurs 
within 1 hr) to albino rats weighing between 200 
and 300 g each.

Toxic. A chemical falling within any of the 
following categories:

1. A chemical that has a median lethal dose (LD[50]) 
of more than 50 mg per kg, but not more than 
500 mg per kg of body weight when administered 
orally to albino rats weighing between 200 and 
300 g each.

2. A chemical that has a median lethal dose [LD(50)] 
of more than 200 mg per kilogram, but not more 
than 1,000 mg per kilogram of body weight when 
administered by continuous contact for 24 hr (or 
less if death occurs within 24 hr) with the bare skin 
of albino rabbits weighing between 2 and 3 kg 
each.

3. A chemical that has a median lethal concentration 
[LC(50)] in air of more than 200 parts per million 

but not more than 2,000 parts per million by 
volume of gas or vapor, or more than 2 mg per liter 
but not more than 20 mg per liter of mist, fume, or 
dust, when administered by continuous inhalation 
for 1 hr (or less if death occurs within 1 hr) to 
albino rats weighing between 200 and 300 g each.

C1.7 LOAD TESTS

No specifi c method of test for completed construction 
has been given in this standard because it may be 
found advisable to vary the procedure according to 
conditions. Some codes require the construction to 
sustain a superimposed load equal to a stated multiple 
of the design load without evidence of serious 
damage. Others specify that the superimposed load 
shall be equal to a stated multiple of the live load 
plus a portion of the dead load. Limits are set on 
maximum defl ection under load and after removal of 
the load. Recovery of at least three-quarters of the 
maximum defl ection, within 24 hr after the load is 
removed, is a common requirement (ACI 2002).
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Chapter C2

COMBINATIONS OF LOADS

these types of elements has not been shown to be 
a problem. This requirement is intended to permit 
current industry practice while, at the same time, not 
permitting LRFD and ASD to be mixed indiscrimi-
nately in the design of a structural frame.

C2.2 SYMBOLS AND NOTATION

Self-straining forces can be caused by differential 
settlement foundations, creep in concrete members, 
shrinkage in members after placement, expansion of 
shrinkage-compensating concrete, and changes in 
temperature of members during the service life of the 
structure. In some cases, these forces may be a 
signifi cant design consideration. In concrete or 
masonry structures, the reduction in stiffness that 
occurs upon cracking may relieve these self-straining 
forces, and the assessment of loads should consider 
this reduced stiffness.

Some permanent loads, such as landscaping loads 
on plaza areas, may be more appropriately considered 
as live loads for purposes of design.

C2.3 COMBINING FACTORED LOADS USING 
STRENGTH DESIGN

C2.3.1 Applicability
Load factors and load combinations given in this 

section apply to limit states or strength design criteria 
(referred to as “load and resistance factor design” by 
the steel and wood industries), and they should not be 
used with allowable stress design specifi cations.

C2.3.2 Basic Combinations
Unfactored loads to be used with these load 

factors are the nominal loads of this standard. Load 
factors are from Ellingwood et al. (1982), with the 
exception of the factor 1.0 for E, which is based on 
the more recent NEHRP research on seismic-resistant 
design (FEMA 2004). The basic idea of the load 
combination analysis is that in addition to dead load, 
which is considered to be permanent, one of the 
variable loads takes on its maximum lifetime value 
while the other variable loads assume “arbitrary 
point-in-time” values, the latter being loads that 
would be measured at any instant of time (Turkstra 

C2.1 GENERAL

Loads in this standard are intended for use with 
design specifi cations for conventional structural 
materials, including steel, concrete, masonry, and 
timber. Some of these specifi cations are based on 
allowable stress design, while others employ strength 
(or limit states) design. In the case of allowable stress 
design, design specifi cations defi ne allowable stresses 
that may not be exceeded by load effects due to 
unfactored loads, that is, allowable stresses contain a 
factor of safety. In strength design, design specifi ca-
tions provide load factors and, in some instances, 
resistance factors. Load factors given herein were 
developed using a fi rst-order probabilistic analysis and 
a broad survey of the reliabilities inherent in contem-
porary design practice (Ellingwood et al. (1982), 
Galambos et al. (1982)). It is intended that these load 
factors be used by all material-based design specifi ca-
tions that adopt a strength design philosophy in 
conjunction with nominal resistances and resistance 
factors developed by individual material-specifi cation-
writing groups. Ellingwood et al. (1982) also provide 
guidelines for materials-specifi cation-writing groups 
to aid them in developing resistance factors that are 
compatible, in terms of inherent reliability, with load 
factors and statistical information specifi c to each 
structural material.

The requirement to use either allowable stress 
design (ASD) or load and resistance factor design 
(LRFD) dates back to the introduction of load 
combinations for strength design (LRFD) in the 1982 
edition of the Standard. An indiscriminate mix of the 
LRFD and ASD methods may lead to unpredictable 
structural system performance because the reliability 
analyses and code calibrations leading to the LRFD 
load combinations were based on member rather than 
system limit states. However, designers of cold-
formed steel and open web steel joists often design 
(or specify) these products using ASD and, at the 
same time, design the structural steel in the rest of the 
building or other structure using LRFD. The AISC 
Code of Standard Practice for Steel Buildings and 
Bridges (2005) indicates that cold-formed products 
and steel joists are not considered as structural steel. 
Foundations are also commonly designed using ASD, 
although strength design is used for the remainder of 
the structure. Using different design standards for 
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and Madsen 1980). This is consistent with the manner 
in which loads actually combine in situations in which 
strength limit states may be approached. However, 
nominal loads in this standard are substantially in 
excess of the arbitrary point-in-time values. To avoid 
having to specify both a maximum and an arbitrary 
point-in-time value for each load type, some of the 
specifi ed load factors are less than unity in combina-
tions 2 through 6. Load factors in Section 2.3.2 are 
based on a survey of reliabilities inherent in existing 
design practice (Ellingwood et al. 1982 and Galambos 
et al. 1982).

The load factor on wind load in combinations 4 
and 6 has been reduced from 1.6 in ASCE 7-05 to 1.0 
in ASCE 7-10. This reduction is necessary because of 
the change in the specifi cation of the design wind 
speed in Chapter 26. As explained in the Commentary 
to Chapter 26, the wind speed now is mapped at much 
longer return periods (700 to 1,700 years, depending 
on Risk Category) than in previous editions of the 
Standard, eliminating the discontinuity in risk between 
hurricane-prone coastal areas and the remainder of the 
country and better aligning the treatment of wind and 
earthquake effects.

Exception (2) permits the companion load S 
appearing in combinations (2), (4), and (5) to be the 
balanced snow load defi ned in Sections 7.3 for fl at 
roofs and 7.4 for sloped roofs. Drifting and unbal-
anced snow loads, as principal loads, are covered by 
combination (3).

Load combinations 6 and 7 apply specifi cally to 
the case in which the structural actions due to lateral 
forces and gravity loads counteract one another.

Load combination requirements in Section 2.3 
apply only to strength limit states. Serviceability limit 
states and associated load factors are covered in 
Appendix C of this standard.

This standard historically has provided specifi c 
procedures for determining magnitudes of dead, 
occupancy live, wind, snow, and earthquake loads. 
Other loads not traditionally considered by this 
standard may also require consideration in design. 
Some of these loads may be important in certain 
material specifi cations and are included in the load 
criteria to enable uniformity to be achieved in the load 
criteria for different materials. However, statistical 
data on these loads are limited or nonexistent, and the 
same procedures used to obtain load factors and load 
combinations in Section 2.3.2 cannot be applied at the 
present time. Accordingly, load factors for fl uid load 
(F) and lateral pressure due to soil and water in soil 
(H) have been chosen to yield designs that would be 
similar to those obtained with existing specifi cations, 

if appropriate adjustments consistent with the load 
combinations in Section 2.3.2 were made to the 
resistance factors. Further research is needed to 
develop more accurate load factors.

Fluid load, F, defi nes structural actions in 
structural supports, framework, or foundations of a 
storage tank, vessel, or similar container due to stored 
liquid products. The product in a storage tank shares 
characteristics of both dead and live loads. It is similar 
to a dead load in that its weight has a maximum 
calculated value, and the magnitude of the actual load 
may have a relatively small dispersion. However, it is 
not permanent; emptying and fi lling causes fl uctuating 
forces in the structure; the maximum load may be 
exceeded by overfi lling; and densities of stored 
products in a specifi c tank may vary.

The fl uid load is included in the load combinations 
where its effects are additive to the other loads (load 
combinations 1 through 5). Where F acts as a resis-
tance to uplift forces, it should be included with dead 
load D. The mass of the fl uid is included in the inertial 
effect due to E (see Section 15.4.3) and the base shear 
calculations for tanks (Section 15.7). To make it clear 
that the fl uid weight in a tank can be used to resist 
uplift, F was added to load combination 7, where it 
will be treated as dead load only when F counteracts E. 
The fl uid mass effects on stabilization depend on the 
degree to which the tank is fi lled. F is not included in 
combination 6 because the wind load can be present 
whether the tank is full or empty, so the governing 
load case in combination 6 is when F is zero.

Uncertainties in lateral forces from bulk materi-
als, included in H, are higher than those in fl uids, 
particularly when dynamic effects are introduced as 
the bulk material is set in motion by fi lling or empty-
ing operations. Accordingly, the load factor for such 
loads is set equal to 1.6.

Where H acts as a resistance, a factor of 0.9 is 
suggested if the passive resistance is computed with a 
conservative bias. The intent is that soil resistance be 
computed for a deformation limit appropriate for the 
structure being designed, not at the ultimate passive 
resistance. Thus an at-rest lateral pressure, as defi ned 
in the technical literature, would be conservative 
enough. Higher resistances than at-rest lateral pressure 
are possible, given appropriate soil conditions. Fully 
passive resistance would likely not ever be appropri-
ate because the deformations necessary in the soil 
would likely be so large that the structure would be 
compromised. Furthermore, there is a great uncer-
tainty in the nominal value of passive resistance, 
which would also argue for a lower factor on H 
should a conservative bias not be included.
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C2.3.3 Load Combinations Including Flood Load
The nominal fl ood load, Fa, is based on the 

100-year fl ood (Section 5.1). The recommended 
fl ood load factor of 2.0 in V Zones and Coastal 
A Zones is based on a statistical analysis of 
fl ood loads associated with hydrostatic pressures, 
pressures due to steady overland fl ow, and hydrody-
namic pressures due to waves, as specifi ed in 
Section 5.4.

The fl ood load criteria were derived from an 
analysis of hurricane-generated storm tides produced 
along the United States East and Gulf coasts (Mehta 
et al. 1998), where storm tide is defi ned as the water 
level above mean sea level resulting from wind-gener-
ated storm surge added to randomly phased astronom-
ical tides. Hurricane wind speeds and storm tides were 
simulated at 11 coastal sites based on historical storm 
climatology and on accepted wind speed and storm 
surge models. The resulting wind speed and storm 
tide data were then used to defi ne probability distribu-
tions of wind loads and fl ood loads using wind and 
fl ood load equations specifi ed in Sections 5.3 and 5.4. 
Load factors for these loads were then obtained using 
established reliability methods (Ellingwood et al. 1982 
and Galambos et al. 1982) and achieve approximately 
the same level of reliability as do combinations 
involving wind loads acting without fl oods. The 
relatively high fl ood load factor stems from the high 
variability in fl oods relative to other environmental 
loads. The presence of 2.0Fa in both combinations (4) 
and (6) in V Zones and Coastal A Zones is the result 
of high stochastic dependence between extreme wind 
and fl ood in hurricane-prone coastal zones. The 2.0Fa 
also applies in coastal areas subject to northeasters, 
extratropical storms, or coastal storms other than 
hurricanes, where a high correlation exists between 
extreme wind and fl ood.

Flood loads are unique in that they are initiated 
only after the water level exceeds the local ground 
elevation. As a result, the statistical characteristics of 
fl ood loads vary with ground elevation. The load 
factor 2.0 is based on calculations (including hydro-
static, steady fl ow, and wave forces) with still-water 
fl ood depths ranging from approximately 4 to 9 ft 
(average still-water fl ood depth of approximately 6 ft), 
and applies to a wide variety of fl ood conditions. For 
lesser fl ood depths, load factors exceed 2.0 because of 
the wide dispersion in fl ood loads relative to the 
nominal fl ood load. As an example, load factors 
appropriate to water depths slightly less than 4 ft 
equal 2.8 (Mehta et al. 1998). However, in such 
circumstances, the fl ood load generally is small. Thus, 
the load factor 2.0 is based on the recognition that 

fl ood loads of most importance to structural design 
occur in situations where the depth of fl ooding is 
greatest.

C2.3.4 Load Combinations Including Atmospheric 
Ice Loads

Load combinations 1 and 2 in Sections 2.3.4 and 
2.4.3 include the simultaneous effects of snow loads 
as defi ned in Chapter 7 and Atmospheric Ice Loads as 
defi ned in Chapter 10. Load combinations 2 and 3 in 
Sections 2.3.4 and 2.4.3 introduce the simultaneous 
effect of wind on the atmospheric ice. The wind load 
on the atmospheric ice, Wi, corresponds to an event 
with approximately a 500-year Mean Recurrence 
Interval (MRI). Accordingly, the load factors on Wi 
and Di are set equal to 1.0 and 0.7 in Sections 2.3.4 
and 2.4.3, respectively. The rationale is exactly the 
same as that used to specify the earthquake force as 
0.7E in the load combinations applied in working 
stress design. The snow loads defi ned in Chapter 7 
are based on measurements of frozen precipitation 
accumulated on the ground, which includes snow, ice 
due to freezing rain, and rain that falls onto snow and 
later freezes. Thus the effects of freezing rain are 
included in the snow loads for roofs, catwalks, and 
other surfaces to which snow loads are normally 
applied. The atmospheric ice loads defi ned in Chapter 
10 are applied simultaneously to those portions of the 
structure on which ice due to freezing rain, in-cloud 
icing, or snow accrete that are not subject to the snow 
loads in Chapter 7. A trussed tower installed on the 
roof of a building is one example. The snow loads 
from Chapter 7 would be applied to the roof with the 
atmospheric ice loads from Chapter 10 applied to the 
trussed tower. If a trussed tower has working plat-
forms, the snow loads would be applied to the surface 
of the platforms with the atmospheric ice loads 
applied to the tower. If a sign is mounted on a roof, 
the snow loads would be applied to the roof and the 
atmospheric ice loads to the sign.

C2.3.5 Load Combinations Including 
Self-Straining Loads

Self-straining load effects should be calculated 
based on a realistic assessment of the most probable 
values rather than the upper bound values of the 
variables. The most probable value is the value that 
can be expected at any arbitrary point in time.

When self-straining loads are combined with dead 
loads as the principal action, a load factor of 1.2 may 
be used. However, when more than one variable load 
is considered and self-straining loads are considered 
as a companion load, the load factor may be reduced 

Com_c02.indd   389 4/14/2010   11:05:25 AM



CHAPTER C2 COMBINATIONS OF LOADS

390

if it is unlikely that the principal and companion loads 
will attain their maximum values at the same time. 
The load factor applied to T should not be taken as 
less than a value of 1.0.

If only limited data are available to defi ne the 
magnitude and frequency distribution of the self-
straining load, then its value must be estimated 
carefully. Estimating the uncertainty in the self-
straining load may be complicated by variation of the 
material stiffness of the member or structure under 
consideration.

When checking the capacity of a structure or 
structural element to withstand the effects of self-
straining loads, the following load combinations 
should be considered.

When using strength design:

1.2D + 1.2T + 0.5L
1.2D + 1.6L + 1.0T

These combinations are not all-inclusive, and 
judgment will be necessary in some situations. 
For example, where roof live loads or snow 
loads are signifi cant and could conceivably occur 
simultaneously with self-straining loads, their effect 
should be included. The design should be based on 
the load combination causing the most unfavorable 
effect.

C2.3.6 Load Combinations for Nonspecifi ed Loads
Engineers may wish to develop load criteria for 

strength design that are consistent with the require-
ments in this standard in some situations where the 
Standard provides no information on loads or load 
combinations. They also may wish to consider loading 
criteria for special situations, as required by the client 
in performance-based engineering (PBE) applications 
in accordance with Section 1.3.1.3. Groups respon-
sible for strength design criteria for design of struc-
tural systems and elements may wish to develop 
resistance factors that are consistent with the Stan-
dard. Such load criteria should be developed using a 
standardized procedure to ensure that the resulting 
factored design loads and load combinations will lead 
to target reliabilities (or levels of performance) that 
can be benchmarked against the common load criteria 
in Section 2.3.2. Section 2.3.6 permits load combina-
tions for strength design to be developed through a 
standardized method that is consistent with the 
methodology used to develop the basic combinations 
that appear in Section 2.3.2.

The load combination requirements in Section 
2.3.2 and the resistance criteria for steel in the 
AISC Specifi cation (2010), for structural concrete in 

ACI 318-05 (2005), for structural aluminum in the 
Specifi cation for Aluminum Structures (2005), for 
engineered wood construction in ANSI/AF&PA 
NDS-2005 National Design Specifi cation for Wood 
Construction and in ASCE Standard 16-95 (1994), 
and for masonry in TMS 402/ACI 530/ASCE 5, 
Building Code Requirements for Masonry Structures, 
are based on modern concepts of structural reliability 
theory. In probability-based limit states design 
(PBLSD), the reliability is measured by a reliability 
index, β, which is related (approximately) to the limit 
state probability by Pf = Φ(–β). The approach taken in 
PBLSD was to

1. Determine a set of reliability objectives or bench-
marks, expressed in terms of β, for a spectrum of 
traditional structural member designs involving 
steel, reinforced concrete, engineered wood, and 
masonry. Gravity load situations were emphasized 
in this calibration exercise, but wind and earth-
quake loads were considered as well. A group of 
experts from the material specifi cations participated 
in assessing the results of this calibration and 
selecting target reliabilities. The reliability bench-
marks so identifi ed are not the same for all limit 
states; if the failure mode is relatively ductile and 
consequences are not serious, β tends to be in the 
range 2.5 to 3.0, whereas if the failure mode is 
brittle and consequences are severe, β is 4.0 
or more.

2. Determine a set of load and resistance factors that 
best meets the reliability objectives identifi ed in 
(1) in an overall sense, considering the scope of 
structures that might be designed by this standard 
and the material specifi cations and codes that 
reference it.

The load combination requirements appearing 
in Section 2.3.2 used this approach. They are based 
on a “principal action–companion action” format, 
in which one load is taken at its maximum value 
while other loads are taken at their point-in-time 
values. Based on the comprehensive reliability 
analysis performed to support their development, it 
was found that these load factors are well approxi-
mated by

 γQ = (μQ/Qn)(1 + αQβVQ) (C2.3-1)

in which μQ is the mean load, Qn is the nominal load 
from other chapters in this standard, VQ is the coef-
fi cient of variation in the load, β is the reliability 
index, and αQ is a sensitivity coeffi cient that is 
approximately equal to 0.8 when Q is a principal 
action and 0.4 when Q is a companion action. This 
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approximation is valid for a broad range of common 
probability distributions used to model structural 
loads. The load factor is an increasing function of the 
bias in the estimation of the nominal load, the 
variability in the load, and the target reliability index, 
as common sense would dictate.

As an example, the load factors in combination 
(2) of Section 2.3.2 are based on achieving a β of 
approximately 3.0 for a ductile limit state with 
moderate consequences (e.g., formation of fi rst plastic 
hinge in a steel beam). For live load acting as a 
principal action, μQ/Qn = 1.0 and VQ = 0.25; for live 
load acting as a companion action, μQ/Qn ≈ 0.3 and 
VQ ≈ 0.6. Substituting these statistics into Eq. C2.3-1, 
γQ = 1.0[1 + 0.8(3)(0.25)] = 1.6 (principal action) and 
γQ = 0.3[1 + 0.4(3)(0.60)] = 0.52 (companion action). 
ASCE Standard 7-05 stipulates 1.60 and 0.50 for 
these live load factors in combinations (2) and (3). If 
an engineer wished to design for a limit state prob-
ability that is less than the standard case by a factor of 
approximately 10, β would increase to approximately 
3.7 and the principal live load factor would increase 
to approximately 1.74.

Similarly, resistance factors that are consistent 
with the above load factors are well approximated for 
most materials by

 φ = (μR/Rn) exp[–αRβVR] (C2.3-2)

in which μR = mean strength, Rn = code-specifi ed 
strength, VR = coeffi cient of variation in strength, and 
αR = sensitivity coeffi cient equal approximately to 0.7. 
For the limit state of yielding in an ASTM A992 steel 
tension member with specifi ed yield strength of 50 ksi 
(345 MPa), μR/Rn = 1.06 (under a static rate of load) 
and VR = 0.09. Eq. C2.3-2 then yields φ = 1.06 
exp[–(0.7)(3.0)(0.09)] = 0.88. The resistance factor 
for yielding in tension in Section D of the AISC 
Specifi cation (2010) is 0.9. If a different performance 
objective were to require that the target limit state 
probability be decreased by a factor of 10, then φ 
would decrease to 0.84, a reduction of about 7%. 
Engineers wishing to compute alternative resistance 
factors for engineered wood products and other 
structural components where duration-of-load effects 
might be signifi cant are advised to review the refer-
ence materials provided by their professional associa-
tions before using Eq. C2.3-2.

There are two key issues that must be addressed 
to utilize Eqs. C2.3-1 and C2.3-2: selection of 
reliability index, β, and determination of the load and 
resistance statistics.

The reliability index controls the safety level, and 
its selection should depend on the mode and conse-

quences of failure. The loads and load factors in 
ASCE 7 do not explicitly account for higher reliabil-
ity indices normally desired for brittle failure mecha-
nisms or more serious consequences of failure. 
Common standards for design of structural materials 
often do account for such differences in their resis-
tance factors (for example, the design of connections 
under AISC or the design of columns under ACI ). 
Tables C1.3.1(a) and C1.3.1(b) provide general 
guidelines for selecting target reliabilities consistent 
with the extensive calibration studies performed 
earlier to develop the load requirements in Section 
2.3.2 and the resistance factors in the design standards 
for structural materials. The reliability indices in those 
earlier studies were determined for structural members 
based on a service period of 50 years. System 
reliabilities are higher to a degree that depends on 
structural redundancy and ductility. The probabilities 
represent, in order of magnitude, the associated 
annual member failure rates for those who would fi nd 
this information useful in selecting a reliability target.

The load requirements in sections 2.3.2–2.3.4 are 
supported by extensive peer-reviewed statistical 
databases, and the values of mean and coeffi cient of 
variation, μQ/Qn and VQ, are well established. This 
support may not exist for other loads that traditionally 
have not been covered by this Standard. Similarly, the 
statistics used to determine μR/Rn and VR should be 
consistent with the underlying material specifi cation. 
When statistics are based on small-batch test pro-
grams, all reasonable sources of end-use variability 
should be incorporated in the sampling plan. The 
engineer should document the basis for all statistics 
selected in the analysis and submit the documentation 
for review by the authority having jurisdiction. Such 
documents should be made part of the permanent 
design record.

The engineer is cautioned that load and resistance 
criteria necessary to achieve a reliability-based 
performance objective are coupled through the 
common term, β in Eqs. C2.3-1 and C2.3-2. Adjust-
ments to the load factors without corresponding 
adjustments to the resistance factors will lead to an 
unpredictable change in structural performance and 
reliability.

C2.4 COMBINING NOMINAL LOADS USING 
ALLOWABLE STRESS DESIGN

C2.4.1 Basic Combinations
The load combinations listed cover those loads 

for which specifi c values are given in other parts of 
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this standard. Design should be based on the load 
combination causing the most unfavorable effect. In 
some cases this may occur when one or more loads 
are not acting. No safety factors have been applied to 
these loads, because such factors depend on the 
design philosophy adopted by the particular material 
specifi cation.

Wind and earthquake loads need not be assumed 
to act simultaneously. However, the most unfavorable 
effects of each should be considered separately in 
design, where appropriate. In some instances, forces 
due to wind might exceed those due to earthquake, 
while ductility requirements might be determined by 
earthquake loads.

Load combinations 7 and 8 address the situation 
in which the effects of lateral or uplift forces counter-
act the effect of gravity loads. This eliminates an 
inconsistency in the treatment of counteracting loads 
in allowable stress design and strength design and 
emphasizes the importance of checking stability. The 
reliability of structural components and systems in 
such a situation is determined mainly by the large 
variability in the destabilizing load (Ellingwood and 
Li 2009), and the factor 0.6 on dead load is necessary 
for maintaining comparable reliability between 
strength design and allowable stress design. The 
earthquake load effect is multiplied by 0.7 to align 
allowable stress design for earthquake effects with the 
defi nition of E in Section 11.3 of this Standard, which 
is based on strength principles.

Most loads, other than dead loads, vary signifi -
cantly with time. When these variable loads are 
combined with dead loads, their combined effect 
should be suffi cient to reduce the risk of unsatisfac-
tory performance to an acceptably low level. 
However, when more than one variable load is 
considered, it is extremely unlikely that they will all 
attain their maximum value at the same time (Turkstra 
and Madsen 1980). Accordingly, some reduction in 
the total of the combined load effects is appropriate. 
This reduction is accomplished through the 0.75 load 
combination factor. The 0.75 factor applies only to 
the variable loads because the dead loads (or stresses 
caused by dead loads) do not vary in time.

Some material design standards that permit a 
one-third increase in allowable stress for certain load 
combinations have justifi ed that increase by this same 
concept. Where that is the case, simultaneous use of 
both the one-third increase in allowable stress and the 
25 percent reduction in combined loads is unsafe and 
is not permitted. In contrast, allowable stress increases 
that are based upon duration of load or loading rate 
effects, which are independent concepts, may be 

combined with the reduction factor for combining 
multiple variable loads. In such cases, the increase is 
applied to the total stress, that is, the stress resulting 
from the combination of all loads.

In addition, certain material design standards 
permit a one-third increase in allowable stress for 
load combinations with one variable load where that 
variable is earthquake load. This standard handles 
allowable stress design for earthquake loads in a 
fashion to give results comparable to the strength 
design basis for earthquake loads as defi ned in 
Chapter 12 of this Standard.

Exception 1 permits the companion load S 
appearing in combinations (4) and (6) to be the 
balanced snow load defi ned in Sections 7.3 for fl at 
roofs and 7.4 for sloped roofs. Drifting and unbal-
anced snow loads, as principal loads, are covered by 
combination (3).

When wind forces act on a structure, the struc-
tural action causing uplift at the structure–foundation 
interface is less than would be computed from the 
peak lateral force, due to area averaging. Area-
averaging of wind forces occurs for all structures. In 
the method used to determine the wind forces for 
enclosed structures, the area-averaging effect is 
already taken into account in the data analysis leading 
to the pressure coeffi cients Cp (or (GCp)). However, in 
the design of tanks and other industrial structures, the 
wind force coeffi cients, Cf, provided in the standard 
do not account for area-averaging. For this reason, 
Exception (2) permits the wind interface to be reduced 
by 10% in the design of nonbuilding structure 
foundations and to self-anchored ground-supported 
tanks. For different reasons, a similar approach is 
already provided for seismic actions by ASCE 7-05 
Section 12.13.4 and in Section 12.4.2.2, exception 2.

Exception (3) given for Special Reinforced 
Masonry Walls, is based upon the combination of three 
factors that yield a conservative design for overturning 
resistance under the seismic load combination:

1. The basic allowable stress for reinforcing steel is 
40% of the specifi ed yield.

2. The minimum reinforcement required in the 
vertical direction provides a protection against the 
circumstance where the dead and seismic loads 
result in a very small demand for tension 
reinforcement.

3. The maximum reinforcement limit prevents 
compression failure under overturning.

Of these, the low allowable stress in the reinforcing 
steel is the most signifi cant. This exception should 
be deleted when and if the standard for design of 
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masonry structures substantially increases the allow-
able stress in tension reinforcement.

C2.4.2 Load Combinations Including Flood Load
See Section C2.3.4. The multiplier on Fa aligns 

allowable stress design for fl ood load with strength 
design.

C2.4.3 Load Combinations Including 
Atmospheric Ice Loads

See Section C2.3.4.

C2.4.4 Load Combinations Including 
Self-Straining Loads

When using allowable stress design, determina-
tion of how self-straining loads should be considered 
together with other loads should be based on the 
considerations discussed in Section C2.3.5. For typical 
situations, the following load combinations should be 
considered for evaluating the effects of self-straining 
loads together with dead and live loads.

1.0D + 1.0T
1.0D + 0.75(L + T)

These combinations are not all-inclusive, and 
judgment will be necessary in some situations. For 
example, where roof live loads or snow loads are 
signifi cant and could conceivably occur simultane-
ously with self-straining loads, their effect should be 
included.The design should be based on the load 
combination causing the most unfavorable effect.

C2.5 LOAD COMBINATIONS FOR 
EXTRAORDINARY EVENTS

Section 2.5 advises the structural engineer that certain 
circumstances might require structures to be checked 
for low-probability events such as fi re, explosions, 
and vehicular impact. Since the 1995 edition of ASCE 
Standard 7, Commentary C2.5 has provided a set of 
load combinations that were derived using a probabi-
listic basis similar to that used to develop the load 
combination requirements for ordinary loads in 
Section 2.3. In recent years, social and political events 
have led to an increasing desire on the part of 
architects, structural engineers, project developers, 
and regulatory authorities to enhance design and 
construction practices for certain buildings to provide 
additional structural robustness and to lessen the 
likelihood of disproportionate collapse if an abnormal 
event were to occur. Several federal, state, and local 
agencies have adopted policies that require new 

buildings and structures to be constructed with such 
enhancements of structural robustness (GSA 2003 
and DOD 2009). Robustness typically is assessed 
by notional removal of key load-bearing structural 
elements, followed by a structural analysis to assess 
the ability of the structure to bridge over the damage 
(often denoted alternative path analysis). Concur-
rently, advances in structural engineering for fi re 
conditions (e.g., AISC 2010, Appendix 4) raise the 
prospect that new structural design requirements for 
fi re safety will supplement the existing deemed-to-
satisfy provisions in the next several years. To meet 
these needs, the load combinations for extraordinary 
events have been moved to Section 2.5 of ASCE 
Standard 7 from Commentary C2.5, where they 
appeared in previous editions.

These provisions are not intended to supplant 
traditional approaches to ensure fi re endurance based 
on standardized time–temperature curves and code-
specifi ed endurance times. Current code-specifi ed 
endurance times are based on the ASTM E119 time–
temperature curve under full allowable design load.

Extraordinary events arise from service or 
environmental conditions that traditionally are not 
considered explicitly in design of ordinary buildings 
and other structures. Such events are characterized by 
a low probability of occurrence and usually a short 
duration. Few buildings are ever exposed to such 
events, and statistical data to describe their magnitude 
and structural effects are rarely available. Included in 
the category of extraordinary events would be fi re, 
explosions of volatile liquids or natural gas in 
building service systems, sabotage, vehicular impact, 
misuse by building occupants, subsidence (not 
settlement) of subsoil, and tornadoes. The occurrence 
of any of these events is likely to lead to structural 
damage or failure. If the structure is not properly 
designed and detailed, this local failure may initiate a 
chain reaction of failures that propagates throughout a 
major portion of the structure and leads to a poten-
tially catastrophic partial or total collapse. Although 
all buildings are susceptible to such collapses in 
varying degrees, construction that lacks inherent 
continuity and ductility is particularly vulnerable 
(Taylor 1975, Breen and Siess 1979, Carper and 
Smilowitz 2006, Nair 2006, and NIST 2007).

Good design practice requires that structures be 
robust and that their safety and performance not be 
sensitive to uncertainties in loads, environmental 
infl uences, and other situations not explicitly consid-
ered in design. The structural system should be 
designed in such a way that if an extraordinary event 
occurs, the probability of damage disproportionate to 
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the original event is suffi ciently small (Carper and 
Smilowitz 2006 and NIST 2007). The philosophy of 
designing to limit the spread of damage rather than to 
prevent damage entirely is different from the tradi-
tional approach to designing to withstand dead, live, 
snow, and wind loads, but is similar to the philosophy 
adopted in modern earthquake-resistant design.

In general, structural systems should be designed 
with suffi cient continuity and ductility that alternate 
load paths can develop following individual member 
failure so that failure of the structure as a whole does 
not ensue. At a simple level, continuity can be 
achieved by requiring development of a minimum tie 
force, say 20 kN/m (1.37 kip/ft), between structural 
elements (NIST 2007). Member failures may be 
controlled by protective measures that ensure that no 
essential load-bearing member is made ineffective as 
a result of an accident, although this approach may be 
more diffi cult to implement. Where member failure 
would inevitably result in a disproportionate collapse, 
the member should be designed for a higher degree of 
reliability (NIST 2007).

Design limit states include loss of equilibrium as 
a rigid body, large deformations leading to signifi cant 
second-order effects, yielding or rupture of members 
or connections, formation of a mechanism, and 
instability of members or the structure as a whole. 
These limit states are the same as those considered for 
other load events, but the load-resisting mechanisms 
in a damaged structure may be different and sources 
of load-carrying capacity that normally would not be 
considered in ordinary ultimate limit states design, 
such as arch, membrane, or catenary action, may be 
included. The use of elastic analysis underestimates 
the load-carrying capacity of the structure (Marjanish-
vili and Agnew 2006). Materially or geometrically 
nonlinear or plastic analyses may be used, depending 
on the response of the structure to the actions.

Specifi c design provisions to control the effect of 
extraordinary loads and risk of progressive failure are 
developed with a probabilistic basis (Ellingwood and 
Leyendecker 1978, Ellingwood and Corotis 1991, and 
Ellingwood and Dusenberry 2005). One can either 
reduce the likelihood of the extraordinary event or 
design the structure to withstand or absorb damage 
from the event if it occurs. Let F be the event of 
failure (damage or collapse) and A be the event that a 
structurally damaging event occurs. The probability of 
failure due to event A is

 Pf = P(F⎪A) P(A) (C2.5-1)

in which P(F⎪A) is the conditional probability of 
failure of a damaged structure and P(A) is the 

probability of occurrence of event A. The separation 
of P(F⎪A) and P(A) allows one to focus on strategies 
for reducing risk. P(A) depends on siting, controlling 
the use of hazardous substances, limiting access, and 
other actions that are essentially independent of 
structural design. In contrast, P(F⎪A) depends on 
structural design measures ranging from minimum 
provisions for continuity to a complete post-damage 
structural evaluation.

The probability, P(A), depends on the specifi c 
hazard. Limited data for severe fi res, gas explosions, 
bomb explosions, and vehicular collisions indicate 
that the event probability depends on building size, 
measured in dwelling units or square footage, and 
ranges from about 0.2 × 10–6/dwelling unit/year to 
about 8.0 × 10–6/dwelling unit/year (NIST 2007). Thus, 
the probability that a building structure is affected may 
depend on the number of dwelling units (or square 
footage) in the building. If one were to set the condi-
tional limit state probability, P(F⎪A) = 0.05 – 0.10, 
however, the annual probability of structural failure 
from Eq. C2.5-1 would be less than 10–6, placing the 
risk in the low-magnitude background along with risks 
from rare accidents (Pate-Cornell 1994).

Design requirements corresponding to this desired 
P(F⎪A) can be developed using fi rst-order reliability 
analysis if the limit state function describing structural 
behavior is available (Ellingwood and Dusenberry 
2005). The structural action (force or constrained 
deformation) resulting from extraordinary event A 
used in design is denoted Ak. Only limited data are 
available to defi ne the frequency distribution of the 
load (NIST 2007 and Ellingwood and Dusenberry 
2005). The uncertainty in the load due to the extraor-
dinary event is encompassed in the selection of a 
conservative Ak, and thus the load factor on Ak is set 
equal to 1.0, as is done in the earthquake load 
combinations in Section 2.3. The dead load is multi-
plied by the factor 0.9 if it has a stabilizing effect; 
otherwise, the load factor is 1.2, as it is with the 
ordinary combinations in Section 2.3.2. Load factors 
less than 1.0 on the companion actions refl ect the 
small probability of a joint occurrence of the extraor-
dinary load and the design live, snow, or wind load. 
The companion actions 0.5L and 0.2S correspond, 
approximately, to the mean of the yearly maximum 
live and snow load (Chalk and Corotis 1980 and 
Ellingwood 1981). The companion action in Eq. 2.5-1 
includes only snow load because the probability of a 
coincidence of Ak with Lr or R, which have short 
durations in comparison to S, is negligible. A similar 
set of load combinations for extraordinary events 
appears in Eurocode 1 (2006). 
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The term 0.2W that previously appeared in these 
combinations has been removed and has been 
replaced by a requirement to check lateral stability. 
One approach for meeting this requirement, which is 
based on recommendations of the Structural Stability 
Research Council (Galambos 1998),is to apply lateral 
notional forces, Ni = 0.002 ΣPi, at level i, in which 
ΣPi = gravity force from Eq. 2.5-1 or 2.5-2 acting at 
level i, in combination with the loads stipulated in Eq. 
2.5-1 or 2.5-2. Note that Eq. 1.4-1 stipulates that 
when checking general structural integrity, the lateral 
forces acting on an intact structure shall equal 0.01 
wx, where wx is the dead load at level x.
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Chapter C3

DEAD LOADS, SOIL LOADS, 
AND HYDROSTATIC PRESSURE

defl ections on the actual thickness of a concrete 
slab of prescribed nominal thickness.

2. Future Installations. Allowance should be made for 
the weight of future wearing or protective surfaces 
where there is a good possibility that such may be 
applied. Special consideration should be given to 
the likely types and position of partitions, as 
insuffi cient provision for partitioning may reduce 
the future utility of the building.

Attention is directed also to the possibility of 
temporary changes in the use of a building, as in the 
case of clearing a dormitory for a dance or other 
recreational purpose.

C3.2 SOIL LOADS AND 
HYDROSTATIC PRESSURE

C3.2.1 Lateral Pressures
Table 3.2-1 includes high earth pressures, 85 pcf 

(13.36 kN/m2) or more, to show that certain soils are 
poor backfi ll material. In addition, when walls are 
unyielding the earth pressure is increased from active 
pressure toward earth pressure at rest, resulting in 60 
pcf (9.43 kN/m2) for granular soils and 100 pcf (15.71 
kN/m2) for silt and clay type soils (Terzaghi and Peck 
1967). Examples of light fl oor systems supported on 
shallow basement walls mentioned in Table 3.2-1 are 
fl oor systems with wood joists and fl ooring, and 
cold-formed steel joists without a cast-in-place 
concrete fl oor attached.

Expansive soils exist in many regions of the 
United States and may cause serious damage to 
basement walls unless special design considerations 
are provided. Expansive soils should not be used as 
backfi ll because they can exert very high pressures 
against walls. Special soil testing is required to 
determine the magnitude of these pressures. It is 
preferable to excavate expansive soil and backfi ll with 
non-expansive, freely draining sands or gravels. The 
excavated back slope adjacent to the wall should be no 
steeper than 45° from the horizontal to minimize the 
transmission of swelling pressure from the expansive 
soil through the new backfi ll. Other special details are 
recommended, such as a cap of non-pervious soil on 

C3.1.2 Weights of Materials and Constructions
To establish uniform practice among designers, it 

is desirable to present a list of materials generally 
used in building construction, together with their 
proper weights. Many building codes prescribe the 
minimum weights for only a few building materials, 
and in other instances no guide whatsoever is fur-
nished on this subject. In some cases the codes are so 
drawn up as to leave the question of what weights to 
use to the discretion of the building offi cial, without 
providing any authoritative guide. This practice, as 
well as the use of incomplete lists, has been subjected 
to much criticism. The solution chosen has been to 
present, in this commentary, an extended list that will 
be useful to designer and offi cial alike. However, 
special cases will unavoidably arise, and authority is 
therefore granted in the standard for the building 
offi cial to deal with them.

For ease of computation, most values are given in 
terms of pounds per square foot (lb/ft2) (kN/m2) of 
given thickness (see Table C3-1). Pounds-per-cubic-
foot (lb/ft3) (kN/m3) values, consistent with the 
pounds-per-square foot (kilonewtons per square 
meter) values, are also presented in some cases (see 
Table C3-2). Some constructions for which a single 
fi gure is given actually have a considerable range in 
weight. The average fi gure given is suitable for 
general use, but when there is reason to suspect a 
considerable deviation from this, the actual weight 
should be determined.

Engineers, architects, and building owners are 
advised to consider factors that result in differences 
between actual and calculated loads.

Engineers and architects cannot be responsible for 
circumstances beyond their control. Experience has 
shown, however, that conditions are encountered 
which, if not considered in design, may reduce the 
future utility of a building or reduce its margin of 
safety. Among them are

1. Dead Loads. There have been numerous instances 
in which the actual weights of members and 
construction materials have exceeded the values 
used in design. Care is advised in the use of tabular 
values. Also, allowances should be made for such 
factors as the infl uence of formwork and support 
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top of the backfi ll and provision of foundation drains. 
Refer to current reference books on geotechnical 
engineering for guidance.

C3.2.2 Uplift on Floors and Foundations
If expansive soils are present under fl oors or 

footings, large pressures can be exerted and must be 
resisted by special design. Alternatively, the expan-
sive soil can be removed and replaced with non-

expansive material. A geotechnical engineer should 
make recommendations in these situations.

REFERENCE
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Table C3-1 Minimum Design Dead Loadsa

Component Load (psf)

CEILINGS
Acoustical fi ber board 1
Gypsum board (per 1/8-in. thickness) 0.55
Mechanical duct allowance 4
Plaster on tile or concrete 5
Plaster on wood lath 8
Suspended steel channel system 2
Suspended metal lath and cement plaster 15
Suspended metal lath and gypsum plaster 10
Wood furring suspension system 2.5
COVERINGS, ROOF, AND WALL
Asbestos-cement shingles 4
Asphalt shingles 2
Cement tile 16
Clay tile (for mortar add 10 psf)
Book tile, 2-in. 12
Book tile, 3-in. 20
Ludowici 10
Roman 12
Spanish 19
Composition:
 Three-ply ready roofi ng 1
 Four-ply felt and gravel 5.5
 Five-ply felt and gravel 6
Copper or tin 1
Corrugated asbestos-cement roofi ng 4
Deck, metal, 20 gage 2.5
Deck, metal, 18 gage 3
Decking, 2-in. wood (Douglas fi r) 5
Decking, 3-in. wood (Douglas fi r) 8
Fiberboard, 1/2-in. 0.75
Gypsum sheathing, 1/2-in. 2
Insulation, roof boards (per inch thickness)
 Cellular glass 0.7
 Fibrous glass 1.1
 Fiberboard 1.5
 Perlite 0.8
 Polystyrene foam 0.2
 Urethane foam with skin 0.5
Plywood (per 1/8-in. thickness) 0.4
Rigid insulation, 1/2-in. 0.75
Skylight, metal frame, 3/8-in. wire glass 8
Slate, 3/16-in. 7
Slate, 1/4-in. 10
Waterproofi ng membranes:
 Bituminous, gravel-covered 5.5
 Bituminous, smooth surface 1.5
 Liquid applied 1
 Single-ply, sheet 0.7
Wood sheathing (per inch thickness) 3
Wood shingles 3
FLOOR FILL
Cinder concrete, per inch 9

Continued
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Component Load (psf)

Lightweight concrete, per inch 8
Sand, per inch 8
Stone concrete, per inch 12
FLOORS AND FLOOR FINISHES
Asphalt block (2-in.), 1/2-in. mortar 30
Cement fi nish (1-in.) on stone–concrete fi ll 32
Ceramic or quarry tile (3/4-in.) on 1/2-in. mortar bed 16
Ceramic or quarry tile (3/4-in.) on 1-in. mortar bed 23
Concrete fi ll fi nish (per inch thickness) 12
Hardwood fl ooring, 7/7-in. 4
Linoleum or asphalt tile, 1/4-in. 1
Marble and mortar on stone–concrete fi ll 33
Slate (per mm thickness) 15
Solid fl at tile on 1-in. mortar base 23
Subfl ooring, 3/4-in. 3
Terrazzo (1-1/2-in.) directly on slab 19
Terrazzo (1-in.) on stone–concrete fi ll 32
Terrazzo (1-in.), 2-in. stone concrete 32
Wood block (3-in.) on mastic, no fi ll 10
Wood block (3-in.) on 1/2-in. mortar base 16
FLOORS, WOOD-JOIST (NO PLASTER)
DOUBLE WOOD FLOOR
Joint sizes (in.) 12-in. spacing (1b/ft2) 16-in. spacing (1b/ft2) 24-in. spacing (1b/ft2)

2 × 6 6 5 5
2 × 8 6 6 5
2 × 10 7 6 6
2 × 12 8 7 6

FRAME PARTITIONS
Movable steel partitions 4
Wood or steel studs, 1/2-in. gypsum board each side 8
Wood studs, 2 × 4, unplastered 4
Wood studs, 2 × 4, plastered one side 12
Wood studs, 2 × 4, plastered two sides 20
FRAME WALLS
Exterior stud walls:
2 × 4 @ 16-in., 5/8-in. gypsum, insulated, 3/8-in. siding 11
2 × 6 @ 16-in., 5/8-in. gypsum, insulated, 3/8-in. siding 12
Exterior stud walls with brick veneer 48
Windows, glass, frame, and sash 8
Clay brick wythes:
 4 in. 39
 8 in. 79
 12 in. 115
 16 in. 155
Hollow concrete masonry unit wythes:
Wythe thickness (in inches) 4 6 8 10 12
Density of unit (105 pcf)
No grout 22 24 31 37 43
48 in. o.c. 29 38 47 55
40 in. o.c.   grout 30 40 49 57
32 in. o.c.   spacing 32 42 52 61
24 in. o.c. 34 46 57 67
16 in. o.c. 40 53 66 79
Full grout 55 75 95 115

Table C3-1 (Continued)
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Density of unit (125 pcf)
No grout 26 28 36 44 50
48 in. o.c. 33 44 54 62
40 in. o.c.   grout 34 45 56 65
32 in. o.c.   spacing 36 47 58 68
24 in. o.c. 39 51 63 75
16 in. o.c. 44 59 73 87
Full grout 59 81 102 123
Density of unit (135 pcf)
No grout 29 30 39 47 54
48 in. o.c. 36 47 57 66
40 in. o.c.   grout 37 48 59 69
32 in. o.c.   spacing 38 50 62 72
24 in. o.c. 41 54 67 78
16 in. o.c. 46 61 76 90
Full grout 62 83 105 127
Solid concrete masonry unit wythes (incl. concrete brick):
Wythe thickness (in mm) 4 6 8 10 12
 Density of unit (105 pcf) 32 51 69 87 105
 Density of unit (125 pcf) 38 60 81 102 124
 Density of unit (135 pcf) 41 64 87 110 133
CEILINGS
Acoustical fi ber board 0.05
Gypsum board (per mm thickness) 0.008
Mechanical duct allowance 0.19
Plaster on tile or concrete 0.24
Plaster on wood lath 0.38
Suspended steel channel system 0.10
Suspended metal lath and cement plaster 0.72
Suspended metal lath and gypsum plaster 0.48
Wood furring suspension system 0.12
COVERINGS, ROOF, AND WALL
Asbestos-cement shingles 0.19
Asphalt shingles 0.10
Cement tile 0.77
Clay tile (for mortar add 0.48 kN/m2)
 Book tile, 51 mm 0.57
 Book tile, 76 mm 0.96
 Ludowici 0.48
 Roman 0.57
 Spanish 0.91
Composition:
 Three-ply ready roofi ng 0.05
 Four-ply felt and gravel 0.26
 Five-ply felt and gravel 0.29
Copper or tin 0.05
Corrugated asbestos-cement roofi ng 0.19
Deck, metal, 20 gage 0.12
Deck, metal, 18 gage 0.14
Decking, 51-mm wood (Douglas fi r) 0.24
Decking, 76-mm wood (Douglas fi r) 0.38
Fiberboard, 13 mm 0.04

Table C3-1 (Continued)

Component Load (psf)

Continued
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Gypsum sheathing, 13 mm 0.10
Insulation, roof boards (per mm thickness)
 Cellular glass 0.0013
 Fibrous glass 0.0021
 Fiberboard 0.0028
 Perlite 0.0015
 Polystyrene foam 0.0004
 Urethane foam with skin 0.0009
Plywood (per mm thickness) 0.006
Rigid insulation, 13 mm 0.04
Skylight, metal frame, 10-mm wire glass 0.38
Slate, 5 mm 0.34
Slate, 6 mm 0.48
Waterproofi ng membranes:
 Bituminous, gravel-covered 0.26
 Bituminous, smooth surface 0.07
 Liquid applied 0.05
 Single-ply, sheet 0.03
Wood sheathing (per mm thickness)
 Plywood
 Oriented strand board

0.0057
0.0062

Wood shingles 0.14
FLOOR FILL
Cinder concrete, per mm 0.017
Lightweight concrete, per mm 0.015
Sand, per mm 0.015
Stone concrete, per mm 0.023
FLOORS AND FLOOR FINISHES
Asphalt block (51 mm), 13-mm mortar 1.44
Cement fi nish (25 mm) on stone–concrete fi ll 1.53
Ceramic or quarry tile (19 mm) on 13-mm mortar bed 0.77
Ceramic or quarry tile (19 mm) on 25-mm mortar bed 1.10
Concrete fi ll fi nish (per mm thickness) 0.023
Hardwood fl ooring, 22 mm 0.19
Linoleum or asphalt tile, 6 mm 0.05
Marble and mortar on stone–concrete fi ll 1.58
Slate (per mm thickness) 0.028
Solid fl at tile on 25-mm mortar base 1.10
Subfl ooring, 19 mm 0.14
Terrazzo (38 mm) directly on slab 0.91
Terrazzo (25 mm) on stone–concrete fi ll 1.53
Terrazzo (25 mm), 51-mm stone concrete 1.53
Wood block (76 mm) on mastic, no fi ll 0.48
Wood block (76 mm) on 13-mm mortar base 0.77
FLOORS, WOOD-JOIST (NO PLASTER)
DOUBLE WOOD FLOOR
Joist sizes (mm): 305-mm spacing (kN/m2) 406-mm spacing (kN/m2) 610-mm spacing (kN/m2)

51 × 152 0.29 0.24 0.24
51 × 203 0.29 0.29 0.24
51 × 254 0.34 0.29 0.29
51 × 305 0.38 0.34 0.29

FRAME PARTITIONS
Movable steel partitions 0.19
Wood or steel studs, 13-mm gypsum board each side 0.38

Table C3-1 (Continued)

Component Load (psf)
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Wood studs, 51 × 102, unplastered 0.19
Wood studs, 51 × 102, plastered one side 0.57
Wood studs, 51 × 102, plastered two sides 0.96
FRAME WALLS
Exterior stud walls:
51 mm × 102 mm @ 406 mm, 16-mm gypsum, insulated, 10-mm siding 0.53
51 mm × 152 mm @ 406 mm, 16-mm gypsum, insulated, 10-mm siding 0.57
Exterior stud walls with brick veneer 2.30
Windows, glass, frame, and sash 0.38
Clay brick wythes:
 102 mm 1.87
 203 mm 3.78
 305 mm 5.51
 406 mm 7.42
Hollow concrete masonry unit wythes:
Wythe thickness (in mm) 102 152 203 254 305
Density of unit (16.49 kN/m3)
 No grout 1.05 1.29 1.68 2.01 2.35
 1,219 mm 1.48 1.92 2.35 2.78
 1,016 mm grout 1.58 2.06 2.54 3.02
 813 mm spacing 1.63 2.15 2.68 3.16
 610 mm 1.77 2.35 2.92 3.45
 406 mm 2.01 2.68 3.35 4.02
 Full grout 2.73 3.69 4.69 5.70
Density of unit (19.64 kN/m3)
 No grout 1.25 1.34 1.72 2.11 2.39
 1,219 mm 1.58 2.11 2.59 2.97
 1,016 mm grout 1.63 2.15 2.68 3.11
 813 mm spacing 1.72 2.25 2.78 3.26
 610 mm 1.87 2.44 3.02 3.59
 406 mm 2.11 2.78 3.50 4.17
 Full grout 2.82 3.88 4.88 5.89
Density of unit (21.21 kN/m3)
 No grout 1.39 1.68 2.15 2.59 3.02
 1,219 mm 1.58 2.39 2.92 3.45
 1,016 mm grout 1.72 2.54 3.11 3.69
 813 mm spacing 1.82 2.63 3.26 3.83
 610 mm 1.96 2.82 3.50 4.12
 406 mm 2.25 3.16 3.93 4.69
 Full grout 3.06 4.17 5.27 6.37
Solid concrete masonry unit
Wythe thickness (in mm) 102 152 203 254 305
 Density of unit (16.49 kN/m3) 1.53 2.35 3.21 4.02 4.88
 Density of unit (19.64 kN/m3) 1.82 2.82 3.78 4.79 5.79
 Density of unit (21.21 kN/m3) 1.96 3.02 4.12 5.17 6.27

aWeights of masonry include mortar but not plaster. For plaster, add 0.24 kN/m2 for each face plastered. Values given represent averages. In 
some cases there is a considerable range of weight for the same construction.

Table C3-1 (Continued)

Component Load (psf)
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Table C3-2 Minimum Densities for Design Loads from Materials

Material Density (lb/ft3)

Glass 160
Gravel, dry 104
Gypsum, loose 70
Gypsum, wallboard 50
Ice 57
Iron
 Cast 450
 Wrought 480
Lead 710
Lime
 Hydrated, loose 32
 Hydrated, compacted 45
Masonry, ashlar stone
 Granite 165
 Limestone, crystalline 165
 Limestone, oolitic 135
 Marble 173
 Sandstone 144
Masonry, brick
 Hard (low absorption) 130
 Medium (medium absorption) 115
 Soft (high absorption) 100
Masonry, concretea

 Lightweight units 105
 Medium weight units 125
 Normal weight units 135
Masonry grout 140
Masonry, rubble stone
 Granite 153
 Limestone, crystalline 147
 Limestone, oolitic 138
 Marble 156
 Sandstone 137
Mortar, cement or lime 130
Particleboard 45
Plywood 36
Riprap (not submerged)
 Limestone 83
 Sandstone 90
Sand
 Clean and dry 90
 River, dry 106
Slag
 Bank 70
 Bank screenings 108
 Machine 96
 Sand 52
Slate 172
Steel, cold-drawn 492
Stone, quarried, piled
 Basalt, granite, gneiss 96
 Limestone, marble, quartz 95
 Sandstone 82
 Shale 92
 Greenstone, hornblende 107

Material Density (lb/ft3)

Aluminum 170
Bituminous products
 Asphaltum 81
 Graphite 135
 Paraffi n 56
 Petroleum, crude 55
 Petroleum, refi ned 50
 Petroleum, benzine 46
 Petroleum, gasoline 42
 Pitch 69
 Tar 75
Brass 526
Bronze 552
Cast-stone masonry (cement, stone, sand) 144
Cement, portland, loose 90
Ceramic tile 150
Charcoal 12
Cinder fi ll 57
Cinders, dry, in bulk 45
Coal
 Anthracite, piled 52
 Bituminous, piled 47
 Lignite, piled 47
 Peat, dry, piled 23
Concrete, plain
 Cinder 108
 Expanded-slag aggregate 100
 Haydite (burned-clay aggregate) 90
 Slag 132
 Stone (including gravel) 144
  Vermiculite and perlite aggregate, 

 nonload-bearing
25–50

Other light aggregate, load-bearing 70–105
 Concrete, reinforced
 Cinder 111
 Slag 138
 Stone (including gravel) 150
Copper 556
Cork, compressed 14
Earth (not submerged)
 Clay, dry 63
 Clay, damp 110
 Clay and gravel, dry 100
 Silt, moist, loose 78
 Silt, moist, packed 96
 Silt, fl owing 108
 Sand and gravel, dry, loose 100
 Sand and gravel, dry, packed 110
 Sand and gravel, wet 120
Earth (submerged)
 Clay 80
 Soil 70
 River mud 90
 Sand or gravel 60
 Sand or gravel and clay 65
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Material Density (lb/ft3)

Terra cotta, architectural
 Voids fi lled 120
 Voids unfi lled 72
Tin 459
Water
 Fresh 62
 Sea 64
Wood, seasoned
 Ash, commercial white 41

Material Density (lb/ft3)

 Cypress, southern 34
 Fir, Douglas, coast region 34
 Hem fi r 28
 Oak, commercial reds and whites 47
 Pine, southern yellow 37
 Redwood 28
 Spruce, red, white, and Sitka 29
 Western hemlock 32
Zinc, rolled sheet 449

Aluminum 27
Bituminous products
 Asphaltum 12.7
 Graphite 21.2
 Paraffi n 8.8
 Petroleum, crude 8.6
 Petroleum, refi ned 7.9
 Petroleum, benzine 7.2
 Petroleum, gasoline 6.6
 Pitch 10.8
 Tar 11.8
Brass 82.6
Bronze 86.7
Cast-stone masonry (cement, stone, sand) 22.6
Cement, portland, loose 14.1
Ceramic tile 23.6
Charcoal 1.9
Cinder fi ll 9.0
Cinders, dry, in bulk 7.1
Coal
 Anthracite, piled 8.2
 Bituminous, piled 7.4
 Lignite, piled 7.4
 Peat, dry, piled 3.6
Concrete, plain
 Cinder 17.0
 Expanded-slag aggregate 15.7
 Haydite (burned-clay aggregate) 14.1
 Slag 20.7
 Stone (including gravel) 22.6
  Vermiculite and perlite aggregate, 

 nonload-bearing
3.9–7.9

Other light aggregate, load-bearing 11.0–16.5
 Concrete, reinforced
 Cinder 17.4
 Slag 21.7
 Stone (including gravel) 23.6
Copper 87.3
Cork, compressed 2.2
Earth (not submerged)
 Clay, dry 9.9
 Clay, damp 17.3
 Clay and gravel, dry 15.7

 Silt, moist, loose 12.3
 Silt, moist, packed 15.1
 Silt, fl owing 17.0
 Sand and gravel, dry, loose 15.7
 Sand and gravel, dry, packed 17.3
 Sand and gravel, wet 18.9
Earth (submerged)
 Clay 12.6
 Soil 11.0
 River mud 14.1
 Sand or gravel 9.4
 Sand or gravel and clay 10.2
Glass 25.1
Gravel, dry 16.3
Gypsum, loose 11.0
Gypsum, wallboard 7.9
Ice 9.0
Iron
 Cast 70.7
 Wrought 75.4
Lead 111.5
Lime
 Hydrated, compacted 5.0
 Hydrated, loose 7.1
Masonry, ashlar stone
 Granite 25.9
 Limestone, crystalline 25.9
 Limestone, oolitic 21.2
 Marble 27.2
 Sandstone 22.6
Masonry, brick
 Hard (low absorption) 20.4
 Medium (medium absorption) 18.1
 Soft (high absorption) 15.7
Masonry, concretea

 Lightweight units 16.5
 Medium weight units 19.6
 Normal weight units 21.2
Masonry grout 22.0
Masonry, rubble stone
 Granite 24.0
 Limestone, crystalline 23.1
 Limestone, oolitic 21.7

Table C3-2 (Continued)
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Com_c03.indd   405 4/14/2010   11:05:31 AM



CHAPTER C3 DEAD LOADS, SOIL LOADS, AND HYDROSTATIC PRESSURE

406

 Marble 24.5
 Sandstone 21.5
Mortar, cement or lime 20.4
Particleboard 7.1
Plywood 5.7
Riprap (not submerged)
 Limestone 13.0
 Sandstone 14.1
Sand
 Clean and dry 14.1
 River, dry 16.7
Slag
 Bank 11.0
 Bank screenings 17.0
 Machine 15.1
 Sand 8.2
Slate 27.0
Steel, cold-drawn 77.3
Stone, quarried, piled
 Basalt, granite, gneiss 15.1
 Limestone, marble, quartz 14.9

 Sandstone 12.9
 Shale 14.5
 Greenstone, hornblende 16.8
Terra cotta, architectural
 Voids fi lled 18.9
 Voids unfi lled 11.3
Tin 72.1
Water
 Fresh 9.7
 Sea 10.1
Wood, seasoned
 Ash, commercial white 6.4
 Cypress, southern 5.3
 Fir, Douglas, coast region 5.3
 Hem fi r 4.4
 Oak, commercial reds and whites 7.4
 Pine, southern yellow 5.8
 Redwood 4.4
 Spruce, red, white, and Sitka 4.5
 Western hemlock 5.0
Zinc, rolled sheet 70.5

aTabulated values apply to solid masonry and to the solid portion of hollow masonry.

Table C3-2 (Continued)

Material Density (lb/ft3) Material Density (lb/ft3)
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Chapter C4

LIVE LOADS

occupancy type occurs. A live-load survey provides 
the statistics of the sustained load. Table C4-2 gives 
the mean, ms, and standard deviation, σx, for particular 
reference areas. In addition to the sustained load, a 
building is likely to be subjected to a number of 
relatively short-duration, high-intensity, extraordinary, 
or transient loading events (due to crowding in special 
or emergency circumstances, concentrations during 
remodeling, and the like). Limited survey information 
and theoretical considerations lead to the means, mt, 
and standard deviations, σt, of single transient loads 
shown in Table C4-2.

Combination of the sustained load and transient 
load processes, with due regard for the probabilities of 
occurrence, leads to statistics of the maximum total 
load during a specifi ed reference period T. The 
statistics of the maximum total load depend on the 
average duration of an individual tenancy, τ, the mean 
rate of occurrence of the transient load, ve, and the 
reference period, T. Mean values are given in Table 
C4-2. The mean of the maximum load is similar, in 
most cases, to the Table 4-1 values of minimum 
uniformly distributed live loads and, in general, is a 
suitable design value.

For library stack rooms, the 150 psf (7.18 kN/m) 
uniform live load specifi ed in Table 4-1 is intended to 
cover the range of ordinary library shelving. The most 
important variables that affect the fl oor loading are 
the book stack unit height and the ratio of the shelf 
depth to the aisle width. Common book stack units 
have a nominal height of 90 in. (2,290 mm) or less, 
with shelf depths in the range of 8 in. (203 mm) to 12 
in. (305 mm). Book weights vary, depending on their 
size and paper density, but there are practical limits to 
what can be stored in any given space. Book stack 
weights also vary, but not by enough to signifi cantly 
affect the overall loading. Considering the practical 
combinations of the relevant dimensions, weights, and 
other parameters, if parallel rows of ordinary double-
faced book stacks are separated by aisles that are at 
least 36 in. (914 mm) wide, then the average fl oor 
loading is unlikely to exceed the specifi ed 150 psf 
(7.18 kN/m2), even after allowing for a nominal aisle 
fl oor loading of 20 to 40 psf (0.96 to 1.92 kN/m2).

The 150 psf fl oor loading is also applicable to 
typical fi le cabinet installations, provided that the 
36-in. minimum aisle width is maintained. Five-
drawer lateral or conventional fi le cabinets, even with 

C4.3 UNIFORMLY DISTRIBUTED 
LIVE LOADS

C4.3.1 Required Live Loads
A selected list of loads for occupancies and uses 

more commonly encountered is given in Section 
4.3.1, and the authority having jurisdiction should 
approve on occupancies not mentioned. Tables C4-1 
and C4-2 are offered as a guide in the exercise of 
such authority.

In selecting the occupancy and use for the design 
of a building or a structure, the building owner should 
consider the possibility of later changes of occupancy 
involving loads heavier than originally contemplated. 
The lighter loading appropriate to the fi rst occupancy 
should not necessarily be selected. The building 
owner should ensure that a live load greater than that 
for which a fl oor or roof is approved by the authority 
having jurisdiction is not placed, or caused or permit-
ted to be placed, on any fl oor or roof of a building or 
other structure.

To solicit specifi c informed opinion regarding the 
design loads in Table 4-1, a panel of 25 distinguished 
structural engineers was selected. A Delphi (Corotis 
et al. 1981) was conducted with this panel in which 
design values and supporting reasons were requested 
for each occupancy type. The information was 
summarized and recirculated back to the panel 
members for a second round of responses. Those 
occupancies for which previous design loads were 
reaffi rmed, as well as those for which there was 
consensus for change, were included.

It is well known that the fl oor loads measured in 
a live-load survey usually are well below present 
design values (Peir and Cornell 1973, McGuire and 
Cornell 1974, Sentler 1975, and Ellingwood and 
Culver 1977). However, buildings must be designed 
to resist the maximum loads they are likely to be 
subjected to during some reference period T, fre-
quently taken as 50 years. Table C4-2 briefl y summa-
rizes how load survey data are combined with a 
theoretical analysis of the load process for some 
common occupancy types and illustrates how a design 
load might be selected for an occupancy not specifi ed 
in Table 4-1 (Chalk and Corotis 1980). The fl oor load 
normally present for the intended functions of a given 
occupancy is referred to as the sustained load. This 
load is modeled as constant until a change in tenant or 

Com_c04.indd   407 4/14/2010   11:05:35 AM



CHAPTER C4 LIVE LOADS

408

two levels of book shelves stacked above them, are 
unlikely to exceed the 150 psf average fl oor loading 
unless all drawers and shelves are fi lled to capacity 
with maximum density paper. Such a condition is 
essentially an upper bound for which the normal load 
factors and safety factors applied to the 150 psf 
criterion should still provide a safe design.

If a library shelving installation does not fall 
within the parameter limits that are specifi ed in 
footnote c of Table 4-1, then the design should 
account for the actual conditions. For example, the 
fl oor loading for storage of medical X-ray fi lm may 
easily exceed 200 psf (9.58 kN/m2), mainly because 
of the increased depth of the shelves. Mobile library 
shelving that rolls on rails should also be designed to 
meet the actual requirements of the specifi c installa-
tion, which may easily exceed 300 psf (14.4 kN/m2). 
The rail support locations and defl ection limits should 
be considered in the design, and the engineer should 
work closely with the system manufacturer to provide 
a serviceable structure.

The lateral loads of Table 4-1, footnote k, applies 
to “stadiums and arenas” and to “reviewing stands, 
grandstands, and bleachers.” However, it does not 
apply to “gymnasiums—main fl oors and balconies.” 
Consideration should be given to treating gymnasium 
balconies that have stepped fl oors for seating as 
arenas, and requiring the appropriate swaying forces.

For the 2010 version of the standard, the provi-
sion in the live load table for “Marquees” with its 
distributed load requirement of 75 psf has been 
removed, along with “Roofs used for promenade 
purposes” and its 60 psf loading. Both “marquee” and 
“promenade” are considered archaic terms that are not 
used elsewhere in the standard or in building codes, 
with the exception of the listings in the live load 
tables. “Promenade purposes” is essentially an 
assembly use and is more clearly identifi ed as such.

“Marquee” has not been defi ned in ASCE 7 but 
has been defi ned in building codes as a roofed 
structure that projects into a public right-of-way. 
However, the relationship between a structure and a 
right-of-way does not control loads that are applied to 
a structure. The marquee should therefore be designed 
with all of the loads appropriate for a roofed structure. 
If the arrangement of the structure is such that it 
invites additional occupant loading (e.g., there is 
window access that might invite loading for spectators 
of a parade), balcony loading should be considered for 
the design.

Balconies and decks are recognized as often 
having distinctly different loading patterns than most 
interior rooms. They are often subjected to concen-

trated line loads from people congregating along the 
edge of the structure (e.g., for viewing vantage 
points). This loading condition is acknowledged in 
Table 4-1 as an increase of the live load for the area 
served, up to the point of satisfying the loading 
requirement for most assembly occupancies. As 
always, the designer should be aware of potential 
unusual loading patterns in their structure that are not 
covered by these minimum standards.

C4.3.2 Provision for Partitions
The 2005 version of the standard provides the 

minimum partition load for the fi rst time, although the 
requirement for the load has been included for many 
years. Historically a value of 20 psf has been required 
by building codes. This load, however, has sometimes 
been treated as a dead load.

If we assume that a normal partition would be a 
stud wall with ½-in. gypsum board on each side (8 
psf per Table C3-1), 10 ft high, we end up with a wall 
load on the fl oor of 80 lb/ft. If the partitions are 
spaced throughout the fl oor area creating rooms on a 
grid 10 ft on center, which would be an extremely 
dense spacing over a whole bay, the average distrib-
uted load would be 16 psf. A design value of 15 psf is 
judged to be reasonable in that the partitions are not 
likely to be spaced this closely over large areas. 
Designers should consider a larger design load for 
partitions if a high density of partitions is anticipated.

C4.3.3 Partial Loading
It is intended that the full intensity of the appro-

priately reduced live load over portions of the 
structure or member be considered, as well as a live 
load of the same intensity over the full length of the 
structure or member.

Partial-length loads on a simple beam or truss 
will produce higher shear on a portion of the span 
than a full-length load. “Checkerboard” loadings on 
multistoried, multipanel bents will produce higher 
positive moments than full loads, while loads on 
either side of a support will produce greater negative 
moments. Loads on the half span of arches and domes 
or on the two central quarters can be critical.

For roofs, all probable load patterns should be 
considered uniform for roof live loads that are 
reduced to less than 20 lb/ft2 (0.96 kN/m2) using 
Section 4.8. Where the full value of the roof live load 
(Lr) is used without reduction, it is considered that 
there is a low probability that the live load created by 
maintenance workers, equipment, and material could 
occur in a patterned arrangement. Where a uniform 
roof live load is caused by an occupancy, partial or 
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pattern loading should be considered regardless of the 
magnitude of the uniform load. Cantilevers must not 
rely on a possible live load on the anchor span for 
equilibrium.

C4.4 CONCENTRATED LIVE LOADS

The provision in Table 4-1 regarding concentrated 
loads supported by roof trusses or other primary roof 
members is intended to provide for a common situation 
for which specifi c requirements are generally lacking.

Primary roof members are main structural 
members such as roof trusses, girders, and frames, 
which are exposed to a work fl oor below, where the 
failure of such a primary member resulting from their 
use as attachment points for lifting or hoisting loads 
could lead to the collapse of the roof. Single roof 
purlins or rafters (where there are multiple such 
members placed side by side at some reasonably 
small center-to-center spacing, and where the failure 
of a single such member would not lead to the 
collapse of the roof) are not considered to be primary 
roof members.

Helipads. These provisions are added to the 
standard in 2010. For the standard, the term “heli-
pads” is used to refer specifi cally to the structural 
surface. In building codes and other references, 
different terminology may be used when describing 
helipads, e.g., heliports, helistops, but the distinctions 
between these are not relevant to the structural 
loading issue addressed in ASCE 7.

Although these structures are intended to be 
specifi cally kept clear of non-helicopter occupant 
loads on the landing and taxi areas, the uniform load 
requirement is a minimum to ensure a degree of 
substantial construction and the potential to resist the 
effects of unusual events.

Concentrated loads applied separately from the 
distributed loads are intended to cover the primary 
helicopter loads. The designer should always consider 
the geometry of the design basis helicopter for 
applying the design loads. A factor of 1.5 is used to 
address impact loads (two single concentrated loads of 
0.75 times the maximum take-off weight), to account 
for a hard landing with many kinds of landing gear. 
The designer should be aware that some helicopter 
confi gurations, particularly those with rigid landing 
gear, could result in substantially higher impact 
factors that should be considered.

The 3000-lb (13.35-kN) concentrated load is 
intended to cover maintenance activities, similar to 
the jack load for a parking garage.

Additional information on helipad design can be 
found in International Civil Aviation Organization 
(1995). Note that the Federal Aviation Administration 
provides standards for helicopter landing pads, 
including labeling for weight limitations (U.S. 
Department of Transportation 2004).

C4.5 LOADS ON HANDRAIL, GUARDRAIL, 
GRAB BAR, AND VEHICLE BARRIER 
SYSTEMS, AND FIXED LADDERS

C4.5.1 Loads on Handrail and Guardrail Systems
Loads that can be expected to occur on handrail 

and guardrail systems are highly dependent on the use 
and occupancy of the protected area. For cases in 
which extreme loads can be anticipated, such as long 
straight runs of guardrail systems against which 
crowds can surge, appropriate increases in loading 
shall be considered.

C4.5.2 Loads on Grab Bar Systems
When grab bars are provided for use by persons 

with physical disabilities, the design is governed by 
CABO A117.1 Accessible and Usable Buildings and 
Facilities.

C4.5.3 Loads on Vehicle Barrier Systems
Vehicle barrier systems may be subjected to 

horizontal loads from moving vehicles. These hori-
zontal loads may be applied normal to the plane of 
the barrier system, parallel to the plane of the barrier 
system, or at any intermediate angle. Loads in garages 
accommodating trucks and buses may be obtained 
from the provisions contained in AASHTO (1989).

C4.5.4 Loads on Fixed Ladders
This provision was introduced to the standard in 

1998 and is consistent with the provisions for stairs.
Side rail extensions of fi xed ladders are often 

fl exible and weak in the lateral direction. OSHA 
(CFR 1910) requires side rail extensions, with specifi c 
geometric requirements only. The load provided was 
introduced to the standard in 1998 and has been 
determined on the basis of a 250-lb person standing 
on a rung of the ladder, and accounting for reasonable 
angles of pull on the rail extension.

C4.6 IMPACT LOADS

Grandstands, stadiums, and similar assembly struc-
tures may be subjected to loads caused by crowds 
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swaying in unison, jumping to their feet, or stomping. 
Designers are cautioned that the possibility of such 
loads should be considered.

Elevator loads are changed in the standard from 
a direct 100% impact factor to a reference to ASME 
A17.1. The provisions in ASME A17.1 include the 
100% impact factor, along with defl ection limits on 
the applicable elements.

C4.7 REDUCTION IN LIVE LOADS

C4.7.1 General
The concept of, and methods for, determining 

member live load reductions as a function of a loaded 
member’s infl uence area, AI, was fi rst introduced into 
this standard in 1982 and was the fi rst such change 
since the concept of live load reduction was intro-
duced over 40 years ago. The revised formula is a 
result of more extensive survey data and theoretical 
analysis (Harris et al. 1981). The change in format to 
a reduction multiplier results in a formula that is 
simple and more convenient to use. The use of 
infl uence area, now defi ned as a function of the 
tributary area, AT, in a single equation has been shown 
to give more consistent reliability for the various 
structural effects. The infl uence area is defi ned as that 
fl oor area over which the infl uence surface for 
structural effects is signifi cantly different from zero.

The factor KLL is the ratio of the infl uence area 
(AI) of a member to its tributary area (AT), that is, 
KLL = AI/AT, and is used to better defi ne the infl uence 
area of a member as a function of its tributary area. 
Figure C4-1 illustrates typical infl uence areas and 
tributary areas for a structure with regular bay 
spacings. Table 4-2 has established KLL values 
(derived from calculated KLL values) to be used in 
Eq. 4-1 for a variety of structural members and 
confi gurations. Calculated KLL values vary for column 
and beam members having adjacent cantilever 
construction, as is shown in Fig. C4-1, and the Table 
4-2 values have been set for these cases to result in 
live load reductions that are slightly conservative. For 
unusual shapes, the concept of signifi cant infl uence 
effect should be applied.

An example of a member without provisions for 
continuous shear transfer normal to its span would be 
a precast T-beam or double-T beam that may have an 
expansion joint along one or both fl anges, or that may 
have only intermittent weld tabs along the edges of 
the fl anges. Such members do not have the ability to 
share loads located within their tributary areas with 
adjacent members, thus resulting in KLL = 1 for these 

types of members. Reductions are permissible for 
two-way slabs and for beams, but care should be 
taken in defi ning the appropriate infl uence area. For 
multiple fl oors, areas for members supporting more 
than one fl oor are summed.

The formula provides a continuous transition 
from unreduced to reduced loads. The smallest 
allowed value of the reduction multiplier is 0.4 
(providing a maximum 60 percent reduction), but 
there is a minimum of 0.5 (providing a 50 percent 
reduction) for members with a contributory load from 
just one fl oor.

C4.7.3 Heavy Live Loads
In the case of occupancies involving relatively 

heavy basic live loads, such as storage buildings, 
several adjacent fl oor panels may be fully loaded. 
However, data obtained in actual buildings indicate 
that rarely is any story loaded with an average actual 
live load of more than 80 percent of the average rated 
live load. It appears that the basic live load should not 
be reduced for the fl oor-and-beam design, but that it 
could be reduced a fl at 20 percent for the design of 
members supporting more than one fl oor. Accord-
ingly, this principle has been incorporated in the 
recommended requirement.

C4.7.4 Passenger Vehicle Garages
Unlike live loads in offi ce and residential build-

ings, which are generally spatially random, parking 
garage loads are due to vehicles parked in regular 
patterns, and the garages are often full. The rationale 
behind the reduction according to area for other live 
loads, therefore, does not apply. A load survey of 
vehicle weights was conducted at nine commercial 
parking garages in four cities of different sizes (Wen 
and Yeo 2001). Statistical analyses of the maximum 
load effects on beams and columns due to vehicle 
loads over the garage’s life were carried out using the 
survey results. Dynamic effects on the deck due to 
vehicle motions and on the ramp due to impact were 
investigated. The equivalent uniformly distributed 
loads (EUDL) that would produce the lifetime 
maximum column axial force and midspan beam 
bending moment are conservatively estimated at 34.8 
psf. The EUDL is not sensitive to bay-size variation. 
In view of the possible impact of very heavy vehicles 
in the future such as sport-utility vehicles, however, 
a design load of 40 psf is recommended with no 
allowance for reduction according to bay area.

Compared with the design live load of 50 psf 
given in previous editions of the standard, the 
design load contained herein represents a 20 percent 
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reduction, but it is still 33 percent higher than the 30 
psf one would obtain were an area-based reduction to 
be applied to the 50 psf value for large bays as 
allowed in most standards. Also the variability of the 
maximum parking garage load effect is found to be 
small with a coeffi cient of variation less than 5 
percent in comparison with 20 percent to 30 percent 
for most other live loads. The implication is that when 
a live load factor of 1.6 is used in design, additional 
conservatism is built into it such that the recom-
mended value would also be suffi ciently conservative 
for special purpose parking (e.g., valet parking) where 
vehicles may be more densely parked causing a higher 
load effect. Therefore, the 50 psf design value was 
felt to be overly conservative, and it can be reduced to 
40 psf without sacrifi cing structural integrity.

In view of the large load effect produced by a 
single heavy vehicle (up to 10,000 lb), the current 
concentrated load of 2,000 lb should be increased 
to 3,000 lb acting on an area of 4.5 in. × 4.5 in., 
which represents the load caused by a jack in 
changing tires.

C4.7.6 Limitations on One-Way Slabs
One-way slabs behave in a manner similar to 

two-way slabs but do not benefi t from having a higher 
redundancy that results from two-way action. For this 
reason, it is appropriate to allow a live load reduction 
for one-way slabs but restrict the tributary area, AT, to 
an area that is the product of the slab span times a 
width normal to the span not greater than 1.5 times 
the span (thus resulting in an area with an aspect ratio 
of 1.5). For one-way slabs with aspect ratios greater 
than 1.5, the effect will be to give a somewhat higher 
live load (where a reduction has been allowed) than 
for two-way slabs with the same ratio.

Members, such as hollow-core slabs, that have 
grouted continuous shear keys along their edges and 
span in one direction only, are considered as one-way 
slabs for live load reduction even though they may 
have continuous shear transfer normal to their span.

C4.8 REDUCTION IN ROOF LIVE LOADS

C4.8.2 Flat, Pitched, and Curved Roofs
The values specifi ed in Eq. 4-2 that act vertically 

upon the projected area have been selected as 
minimum roof live loads, even in localities where 
little or no snowfall occurs. This is because it is 
considered necessary to provide for occasional 
loading due to the presence of workers and materials 
during repair operations.

C4.8.3 Special Purpose Roofs
Designers should consider any additional dead 

loads that may be imposed by saturated landscaping 
materials in addition to the live load required in Table 
4-1. Occupancy related loads on roofs are live loads 
(L) normally associated with the design of fl oors 
rather than roof live loads (Lr), and are permitted to 
be reduced in accordance with the provisions for live 
loads in Section 4.7 rather than Section 4.8.

C4.9 CRANE LOADS

All support components of moving bridge cranes and 
monorail cranes, including runway beams, brackets, 
bracing, and connections, shall be designed to support 
the maximum wheel load of the crane and the vertical 
impact, lateral, and longitudinal forces induced by 
the moving crane. Also, the runway beams shall be 
designed for crane stop forces. The methods for 
determining these loads vary depending on the type of 
crane system and support. MHI (2003, 2004a, 2004b) 
and MBMA (2006) describe types of bridge cranes 
and monorail cranes. Cranes described in these 
references include top running bridge cranes with top 
running trolley, underhung bridge cranes, and under-
hung monorail cranes. AISE (2003) gives more 
stringent requirements for crane runway designs that 
are more appropriate for higher capacity or higher 
speed crane systems.
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Table C4-2 Typical Live Load Statistics

Occupancy or Use

Survey Load Transient Load Temporal Constants
Mean 

Maximum 
Loada

lb/ft2 (kN/m2)

ms σs
a mt

a σt
a τs

b ve
c Td

lb/ft2 (kN/m2) lb/ft2 (kN/m2) lb/ft2 (kN/m2) lb/ft2 (kN/m2) (years) (per year) (years)

Offi ce buildings: offi ces 10.9 (0.52) 5.9 (0.28) 8.0 (0.38) 8.2 (0.39) 8 1 50 55 (2.63)
Residential
 renter occupied 6.0 (0.29) 2.6 (0.12) 6.0 (0.29) 6.6 (0.32) 2 1 50 36 (1.72)
 owner occupied 6.0 (0.29) 2.6 (0.12) 6.0 (0.29) 6.6 (0.32) 10 1 50 38 (1.82)
Hotels: guest rooms 4.5 (0.22) 1.2 (0.06) 6.0 (0.29) 5.8 (0.28) 5 20 50 46 (2.2)
Schools: classrooms 12.0 (0.57) 2.7 (0.13) 6.9 (0.33) 3.4 (0.16) 1 1 100 34 (1.63)

aFor 200 ft2 (18.58 m2) area, except 1,000 ft2 (92.9 m2) for schools.
bDuration of average sustained load occupancy.
cMean rate of occurrence of transient load.
dReference period.

Table C4-1 Minimum Uniformly Distributed Live Loads

Occupancy or Use Live Load lb/ft2 (kN/m2) Occupancy or use Live Load lb/ft2 (kN/m2)

Air conditioning (machine space) 200a (9.58) Kitchens, other than domestic 150a (7.18)
Amusement park structure 100a (4.79) Laboratories, scientifi c 100 (4.79)
Attic, nonresidential Laundries 150a (7.18)
 Nonstorage 25 (1.20) Manufacturing, ice 300 (14.36)
 Storage 80a (3.83) Morgue 125 (6.00)
Bakery 150 (7.18) Printing plants
Boathouse, fl oors 100a (4.79)  Composing rooms 100 (4.79)
Boiler room, framed 300a (14.36)  Linotype rooms 100 (4.79)
Broadcasting studio 100 (4.79)  Paper storage d

Ceiling, accessible furred 10 f (0.48)  Press rooms 150a (7.18)
Cold storage Railroad tracks e

 No overhead system 250b (11.97) Ramps
 Overhead system  Seaplane (see hangars)
  Floor 150 (7.18) Rest rooms 60 (2.87)
  Roof 250 (11.97) Rinks
Computer equipment 150a (7.18)  Ice skating 250 (11.97)
Courtrooms 50–100 (2.40–4.79)  Roller skating 100 (4.79)
Dormitories Storage, hay or grain 300a (14.36)
 Nonpartitioned 80 (3.83) Theaters
 Partitioned 40 (1.92)  Dressing rooms 40 (1.92)
Elevator machine room 150a (7.18)  Gridiron fl oor or fl y gallery:
Fan room 150a (7.18)   Grating 60 (2.87)
Foundries 600a (28.73)   Well beams 250 lb/ft per pair
Fuel rooms, framed 400 (19.15)   Header beams 1,000 lb/ft
Greenhouses 150 (7.18)   Pin rail 250 lb/ft
Hangars 150c (7.18)  Projection room 100 (4.79)
Incinerator charging fl oor 100 (4.79) Toilet rooms 60 (2.87)

Transformer rooms 200a (9.58)
Vaults, in offi ces 250a (11.97)

aUse weight of actual equipment or stored material when greater. Note that fi xed service equipment is treated as a Dead Load instead of Live 
Load.
bPlus 150 lb/ft2 (7.18 kN/m2) for trucks.
cUse American Association of State Highway and Transportation Offi cials lane loads. Also subject to not less than 100% maximum axle load.
dPaper storage 50 lb/ft2 per foot of clear story height.
eAs required by railroad company.
f Accessible ceilings normally are not designed to support persons. The value in this table is intended to account for occasional light storage or 
suspension of items. If it may be necessary to support the weight of maintenance personnel, this shall be provided for.
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Chapter C5

FLOOD LOADS

that is regulated under the community’s fl oodplain 
management regulations. If the proposed structure 
is located within the regulatory fl oodplain, local 
building offi cials can explain the regulatory 
requirements.

Answers to specifi c questions on fl ood-resistant 
design and construction practices may be directed to 
the Mitigation Division of each of FEMA’s regional 
offi ces. FEMA has regional offi ces that are available 
to assist design professionals.

C5.2 DEFINITIONS

Three new concepts were added with ASCE 7-98. 
First, the concept of the design fl ood was introduced. 
The design fl ood will, at a minimum, be equivalent to 
the fl ood having a 1 percent chance of being equaled 
or exceeded in any given year (i.e., the base fl ood or 
100-year fl ood, which served as the load basis in 
ASCE 7-95). In some instances, the design fl ood may 
exceed the base fl ood in elevation or spatial extent; 
this excess will occur where a community has 
designated a greater fl ood (lower frequency, higher 
return period) as the fl ood to which the community 
will regulate new construction.

Many communities have elected to regulate to a 
fl ood standard higher than the minimum requirements 
of the NFIP. Those communities may do so in a 
number of ways. For example, a community may 
require new construction to be elevated a specifi c 
vertical distance above the base fl ood elevation (this 
is referred to as “freeboard”); a community may select 
a lower frequency fl ood as its regulatory fl ood; a 
community may conduct hydrologic and hydraulic 
studies, upon which fl ood hazard maps are based, in a 
manner different from the Flood Insurance Study 
prepared by the NFIP (e.g., the community may 
complete fl ood hazard studies based upon develop-
ment conditions at build-out, rather than following the 
NFIP procedure, which uses conditions in existence at 
the time the studies are completed; the community 
may include watersheds smaller than 1 mi2 (2.6 km2) 
in size in its analysis, rather than following the NFIP 
procedure, which neglects watersheds smaller than 
1 mi2).

Use of the design fl ood concept will ensure 
that the requirements of this standard are not less 

C5.1 GENERAL

This section presents information for the design of 
buildings and other structures in areas prone to 
fl ooding. Design professionals should be aware that 
there are important differences between fl ood charac-
teristics, fl ood loads, and fl ood effects in riverine 
and coastal areas (e.g., the potential for wave effects 
is much greater in coastal areas; the depth and 
duration of fl ooding can be much greater in riverine 
areas; the direction of fl ow in riverine areas tends 
to be more predictable; and the nature and amount 
of fl ood-borne debris varies between riverine and 
coastal areas).

Much of the impetus for fl ood-resistant design 
has come about from the federal government spon-
sored initiatives of fl ood-damage mitigation and fl ood 
insurance, both through the work of the U.S. Army 
Corps of Engineers and the National Flood Insurance 
Program (NFIP). The NFIP is based on an agreement 
between the federal government and participating 
communities that have been identifi ed as being 
fl ood-prone. The Federal Emergency Management 
Agency (FEMA), through the Federal Insurance and 
Mitigation Administration (FIMA), makes fl ood 
insurance available to the residents of communities 
provided that the community adopts and enforces 
adequate fl oodplain management regulations that meet 
the minimum requirements. Included in the NFIP 
requirements, found under Title 44 of the U.S. Code 
of Federal Regulations (FEMA 1999b), are minimum 
building design and construction standards for 
buildings and other structures located in Special Flood 
Hazard Areas (SFHAs).

Special Flood Hazards Areas are those identifi ed 
by FEMA as being subject to inundation during the 
100-year fl ood. SFHAs are shown on Flood Insurance 
Rate Maps (FIRMs), which are produced for fl ood-
prone communities. SFHAs are identifi ed on FIRMs 
as zones A, A1-30, AE, AR, AO, and AH, and in 
coastal high hazard areas as V1-30, V, and VE. The 
SFHA is the area in which communities must enforce 
NFIP-complaint, fl ood damage-resistant design and 
construction practices.

Prior to designing a structure in a fl ood-prone 
area, design professionals should contact the local 
building offi cial to determine if the site in question 
is located in an SFHA or other fl ood-prone area 
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restrictive than a community’s requirements where 
that community has elected to exceed minimum NFIP 
requirements. In instances where a community has 
adopted the NFIP minimum requirements, the design 
fl ood described in this standard will default to the 
base fl ood.

Second, this standard also uses the terms “fl ood 
hazard area” and “fl ood hazard map” to correspond to 
and show the areas affected by the design fl ood. 
Again, in instances where a community has adopted 
the minimum requirements of the NFIP, the fl ood 
hazard area defaults to the NFIP’s SFHA and the 
fl ood hazard map defaults to the FIRM.

Third, the concept of a Coastal A Zone is used to 
facilitate application of load combinations contained 
in Chapter 2 of this Standard. Coastal A zones lie 
landward of V zones, or landward of an open coast 
shoreline where V zones have not been mapped (e.g., 
the shorelines of the Great Lakes). Coastal A Zones 
are subject to the effects of waves, high-velocity 
fl ows, and erosion, although not to the extent that V 
Zones are. Like V zones, fl ood forces in Coastal A 
Zones will be highly correlated with coastal winds or 
coastal seismic activity.

Coastal A Zones are not delineated on fl ood 
hazard maps prepared by FEMA, but are zones where 
wave forces and erosion potential should be taken into 
consideration by designers. The following guidance is 
offered to designers as help in determining whether or 
not an A zone in a coastal area can be considered a 
Coastal A Zone.

In order for a Coastal A Zone to be present, two 
conditions are required: (1) a stillwater fl ood depth 
greater than or equal to 2.0 ft (0.61 m); and (2) 
breaking wave heights greater than or equal to 1.5 ft 
(0.46 m). Note that the stillwater depth requirement is 
necessary, but is not suffi cient by itself, to render an 
area a Coastal A Zone. Many A Zones will have 
stillwater fl ood depths in excess of 2.0 ft (0.61 m), 
but will not experience breaking wave heights greater 
than or equal to 1.5 ft (0.46 m), and therefore should 
not be considered Coastal A Zones. Wave heights 
at a given site can be determined using procedures 
outlined in (U.S. Army Corps of Engineers 2002) or 
similar references.

The 1.5 ft (0.46 m) breaking wave height 
criterion was developed from post-fl ood damage 
inspections, which show that wave damage and 
erosion often occur in mapped A zones in coastal 
areas, and from laboratory tests on breakaway walls 
that show that breaking waves 1.5 ft (0.46 m) in 
height are capable of causing structural failures in 
wood-frame walls (FEMA 2000).

C5.3 DESIGN REQUIREMENTS

Sections 5.3.4 (dealing with A-Zone design and 
construction) and 5.3.5 (dealing with V-zone design 
and construction) of ASCE 7-98 were deleted in 
preparation of the 2002 edition of this standard. These 
sections summarized basic principles of fl ood-resistant 
design and construction (building elevation, anchor-
age, foundation, below Design Flood Elevation (DFE) 
enclosures, breakaway walls, etc.). Some of the 
information contained in these deleted sections was 
included in Section 5.3, beginning with ASCE 7-02, 
and the design professional is also referred to ASCE/
SEI Standard 24 (Flood Resistant Design and Con-
struction) for specifi c guidance.

C5.3.1 Design Loads
Wind loads and fl ood loads may act simultane-

ously at coastlines, particularly during hurricanes and 
coastal storms. This may also be true during severe 
storms at the shorelines of large lakes and during 
riverine fl ooding of long duration.

C5.3.2 Erosion and Scour
The term “erosion” indicates a lowering of the 

ground surface in response to a fl ood event, or in 
response to the gradual recession of a shoreline. The 
term “scour” indicates a localized lowering of the 
ground surface during a fl ood, due to the interaction 
of currents and/or waves with a structural element. 
Erosion and scour can affect the stability of founda-
tions and can increase the local fl ood depth and fl ood 
loads acting on buildings and other structures. For 
these reasons, erosion and scour should be considered 
during load calculations and the design process. 
Design professionals often increase the depth of 
foundation embedment to mitigate the effects of 
erosion and scour and often site buildings away from 
receding shorelines (building setbacks).

C5.3.3 Loads on Breakaway Walls
Floodplain management regulations require 

buildings in coastal high hazard areas to be elevated 
to or above the design fl ood elevation by a pile or 
column foundation. Space below the DFE must be 
free of obstructions in order to allow the free passage 
of waves and high velocity waters beneath the 
building (FEMA 1993). Floodplain management 
regulations typically allow space below the DFE to be 
enclosed by insect screening, open lattice, or break-
away walls. Local exceptions are made in certain 
instances for shearwalls, fi rewalls, elevator shafts, 
and stairwells. Check with the authority having 
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jurisdiction for specifi c requirements related to 
obstructions, enclosures, and breakaway walls.

Where breakaway walls are used, they must meet 
the prescriptive requirements of NFIP regulations or 
be certifi ed by a registered professional engineer or 
architect as having been designed to meet the NFIP 
performance requirements. The prescriptive require-
ments call for breakaway wall designs that are 
intended to collapse at loads not less than 10 psf 
(0.48 kN/m2) and not more than 20 psf (0.96 kN/m3). 
Inasmuch as wind or earthquake loads often exceed 
20 psf (0.96 kN/m2), breakaway walls may be 
designed for higher loads, provided the designer 
certifi es that the walls have been designed to break 
away before base fl ood conditions are reached, 
without damaging the elevated building or its founda-
tion. A reference (FEMA 1999a) provides guidance 
on how to meet the performance requirements for 
certifi cation.

C5.4.1 Load Basis
Water loads are the loads or pressures on surfaces 

of buildings and structures caused and induced by the 
presence of fl oodwaters. These loads are of two basic 
types: hydrostatic and hydrodynamic. Impact loads 
result from objects transported by fl oodwaters striking 
against buildings and structures or parts thereof. Wave 
loads can be considered a special type of hydrody-
namic load.

C5.4.2 Hydrostatic Loads
Hydrostatic loads are those caused by water 

either above or below the ground surface, free or 
confi ned, which is either stagnant or moves at 
velocities less than 5 ft/s (1.52 m/s). These loads are 
equal to the product of the water pressure multiplied 
by the surface area on which the pressure acts.

Hydrostatic pressure at any point is equal in all 
directions and always acts perpendicular to the surface 
on which it is applied. Hydrostatic loads can be 
subdivided into vertical downward loads, lateral loads, 
and vertical upward loads (uplift or buoyancy). 
Hydrostatic loads acting on inclined, rounded, or 
irregular surfaces may be resolved into vertical 
downward or upward loads and lateral loads based on 
the geometry of the surfaces and the distribution of 
hydrostatic pressure.

C5.4.3 Hydrodynamic Loads
Hydrodynamic loads are those loads induced by 

the fl ow of water moving at moderate to high velocity 
above the ground level. They are usually lateral loads 
caused by the impact of the moving mass of water 

and the drag forces as the water fl ows around the 
obstruction. Hydrodynamic loads are computed by 
recognized engineering methods. In the coastal 
high-hazard area the loads from high-velocity currents 
due to storm surge and overtopping are of particular 
importance. U.S. Army Corps of Engineers (2002) is 
one source of design information regarding hydrody-
namic loadings.

Note that accurate estimates of fl ow velocities 
during fl ood conditions are very diffi cult to make, 
both in riverine and coastal fl ood events. Potential 
sources of information regarding velocities of 
fl oodwaters include local, state, and federal govern-
ment agencies and consulting engineers specializing 
in coastal engineering, stream hydrology, or 
hydraulics.

As interim guidance for coastal areas, FEMA 
(2000) gives a likely range of fl ood velocities as

 V = ds/(1 s) (C5-1)

to

 V = (gds)0.5 (C5-2)

where

 V = average velocity of water in ft/s (m/s)
 ds = local stillwater depth in ft (m)
 g = acceleration due to gravity, 32.2 ft/s/s (9.81 m/s2)

Selection of the correct value of a in Eq. 5-1 will 
depend upon the shape and roughness of the object 
exposed to fl ood fl ow, as well as the fl ow condition. 
As a general rule, the smoother and more streamlined 
the object, the lower the drag coeffi cient (shape 
factor). Drag coeffi cients for elements common in 
buildings and structures (round or square piles, 
columns, and rectangular shapes) will range from 
approximately 1.0 to 2.0, depending upon fl ow 
conditions. However, given the uncertainty surround-
ing fl ow conditions at a particular site, ASCE 7-05 
recommends a minimum value of 1.25 be used. 
Fluid mechanics texts should be consulted for more 
information on when to apply drag coeffi cients 
above 1.25.

C5.4.4 Wave Loads
The magnitude of wave forces (lb/ft2) (kN/m2) 

acting against buildings or other structures can be 
10 or more times higher than wind forces and other 
forces under design conditions. Thus, it should be 
readily apparent that elevating above the wave crest 
elevation is crucial to the survival of buildings and 
other structures. Even elevated structures, however, 
must be designed for large wave forces that can act 
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over a relatively small surface area of the foundation 
and supporting structure.

Wave load calculation procedures in Section 5.4.4 
are taken from U.S. Army Corps of Engineers (2002) 
and Walton et al. (1989). The analytical procedures 
described by Eqs. 5.4-2 through 5.4-9 should be used 
to calculate wave heights and wave loads unless more 
advanced numerical or laboratory procedures permit-
ted by this standard are used.

Wave load calculations using the analytical 
procedures described in this standard all depend upon 
the initial computation of the wave height, which is 
determined using Eqs. 5.4-2 and 5.4-3. These equa-
tions result from the assumptions that the waves are 
depth-limited and that waves propagating into shallow 
water break when the wave height equals 78 percent 
of the local stillwater depth and that 70 percent of 
the wave height lies above the local stillwater level. 
These assumptions are identical to those used by 
FEMA in its mapping of coastal fl ood hazard areas 
on FIRMs.

Designers should be aware that wave heights at a 
particular site can be less than depth-limited values in 
some cases (e.g., when the wind speed, wind duration, 
or fetch is insuffi cient to generate waves large enough 
to be limited in size by water depth, or when nearby 
objects dissipate wave energy and reduce wave 
heights). If conditions during the design fl ood yield 
wave heights at a site less than depth-limited heights, 
Eq. 5-2 may overestimate the wave height and Eq. 5-3 
may underestimate the stillwater depth. Also, Eqs. 5-4 
through 5-7 may overstate wave pressures and forces 
when wave heights are less than depth-limited 
heights. More advanced numerical or laboratory 
procedures permitted by this section may be used 
in such cases, in lieu of Eqs. 5-2 through 5-7.

It should be pointed out that present NFIP 
mapping procedures distinguish between A Zones and 
V Zones by the wave heights expected in each zone. 
Generally speaking, A Zones are designated where 
wave heights less than 3 ft (0.91 m) in height are 
expected. V Zones are designated where wave heights 
equal to or greater than 3 ft (0.91 m) are expected. 
Designers should proceed cautiously, however. Large 
wave forces can be generated in some A Zones, and 
wave force calculations should not be restricted to V 
Zones. Present NFIP mapping procedures do not 
designate V Zones in all areas where wave heights 
greater than 3 ft (0.91 m) can occur during base fl ood 
conditions. Rather than rely exclusively on fl ood 
hazard maps, designers should investigate historical 
fl ood damages near a site to determine whether or not 
wave forces can be signifi cant.

C5.4.4.2 Breaking Wave Loads on Vertical Walls
Equations used to calculate breaking wave loads 

on vertical walls contain a coeffi cient, Cp. Walton et 
al. (1989) provides recommended values of the 
coeffi cient as a function of probability of exceedance. 
The probabilities given by Walton et al. (1989) are 
not annual probabilities of exceedance, but probabili-
ties associated with a distribution of breaking wave 
pressures measured during laboratory wave tank tests. 
Note that the distribution is independent of water 
depth. Thus, for any water depth, breaking wave 
pressures can be expected to follow the distribution 
described by the probabilities of exceedance in 
Table 5-2.

This standard assigns values for Cp according to 
building category, with the most important buildings 
having the largest values of Cp. Category II buildings 
are assigned a value of Cp corresponding to a 1 
percent probability of exceedance, which is consistent 
with wave analysis procedures used by FEMA in 
mapping coastal fl ood hazard areas and in establishing 
minimum fl oor elevations. Category I buildings are 
assigned a value of Cp corresponding to a 50 percent 
probability of exceedance, but designers may wish to 
choose a higher value of Cp. Category III buildings 
are assigned a value of Cp corresponding to a 0.2 
percent probability of exceedance, while Category IV 
buildings are assigned a value of Cp corresponding to 
a 0.1 percent probability of exceedance.

Breaking wave loads on vertical walls reach a 
maximum when the waves are normally incident 
(direction of wave approach perpendicular to the face 
of the wall; wave crests are parallel to the face of the 
wall). As guidance for designers of coastal buildings 
or other structures on normally dry land (i.e., fl ooded 
only during coastal storm or fl ood events), it can be 
assumed that the direction of wave approach will be 
approximately perpendicular to the shoreline. There-
fore, the direction of wave approach relative to a 
vertical wall will depend upon the orientation of the 
wall relative to the shoreline. Section 5.4.4.4 provides 
a method for reducing breaking wave loads on 
vertical walls for waves not normally incident.

C5.4.5 Impact Loads
Impact loads are those that result from logs, ice 

fl oes, and other objects striking buildings, structures, 
or parts thereof. U.S. Army Corps of Engineers 
(1995) divides impact loads into three categories: (1) 
normal impact loads, which result from the isolated 
impacts of normally encountered objects, (2) special 
impact loads, which result from large objects, such as 
broken up ice fl oats and accumulations of debris, 
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either striking or resting against a building, structure, 
or parts thereof, and (3) extreme impact loads, which 
result from very large objects, such as boats, barges, 
or collapsed buildings, striking the building, structure, 
or component under consideration. Design for extreme 
impact loads is not practical for most buildings and 
structures. However, in cases where there is a high 
probability that a Category III or IV structure (see 
Table 1-1) will be exposed to extreme impact loads 
during the design fl ood, and where the resulting 
damages will be very severe, consideration of extreme 
impact loads may be justifi ed. Unlike extreme impact 
loads, design for special and normal impact loads is 
practical for most buildings and structures.

The recommended method for calculating normal 
impact loads has been modifi ed beginning with ASCE 
7-02. Previous editions of ASCE 7 used a procedure 
contained in U.S. Army Corps of Engineers (1995) 
(the procedure, which had been unchanged since at 
least 1972, relied on an impulse-momentum approach 
with a 1,000 lb (4.5 kN) object striking the structure 
at the velocity of the fl oodwater and coming to rest in 
1.0 s). Work (Kriebel et al. 2000 and Haehnel and 
Daly 2001) has been conducted to evaluate this 
procedure, through a literature review and laboratory 
tests. The literature review considered riverine and 
coastal debris, ice fl oes and impacts, ship berthing and 
impact forces, and various methods for calculating 
debris loads (e.g., impulse-momentum, work-energy). 
The laboratory tests included log sizes ranging from 
380 lb (1.7 kN) to 730 lb (3.3 kN) traveling at up to 4 
ft/s (1.2 m/s).

Kriebel et al. 2000 and Haehnel and Daly 2001 
conclude: (1) an impulse-momentum approach is 
appropriate; (2) the 1,000 lb (4.5 kN) object is 
reasonable, although geographic and local conditions 
may affect the debris object size and weight; (3) the 
1.0-s impact duration is not supported by the 
literature or by laboratory tests—a duration of 
impact of 0.03 s should be used instead; (4) a half-
sine curve represents the applied load and resulting 
displacement well; and (5) setting the debris velocity 
equivalent to the fl ood velocity is reasonable for all 
but the largest objects in shallow water or obstructed 
conditions.

Given the short-duration, impulsive loads 
generated by fl ood-borne debris, a dynamic analysis 
of the affected building or structure may be appropri-
ate. In some cases (e.g., when the natural period of 
the building is much greater than 0.03 s), design 
professionals may wish to treat the impact load as a 
static load applied to the building or structure (this 
approach is similar to that used by some following 

the procedure contained in Section C5.3.3.5 of 
ASCE 7-98).

In either type of analysis—dynamic or static—
Eq. C5-3 provides a rational approach for calculating 
the magnitude of the impact load.

 F
WV C C C C R

2g t
b I O D B max=

Δ
π

 (C5-3)

where

 F = impact force, in lb (N)
 W = debris weight in lb (N)
 Vb =  velocity of object (assume equal to velocity of 

water, V) in ft/s (m/s)
 g =  acceleration due to gravity, = 32.2 ft/s2 

(9.81 m/s2)
 Δt =  impact duration (time to reduce object velocity 

to zero), in s
 CI = importance coeffi cient (see Table C5-1)
 CO = orientation coeffi cient, = 0.8
 CD = depth coeffi cient (see Table C5-2, Fig. C5-1)
 CB =  blockage coeffi cient (see Table C5-3, Fig. 

C5-2)
 Rmax =  maximum response ratio for impulsive load 

(see Table C5-4)

The form of Eq. C5-3 and the parameters and 
coeffi cients are discussed in the following text:

Basic Equation. The equation is similar to the 
equation used in ASCE 7-98, except for the π/2 factor 
(which results from the half-sine form of the applied 
impulse load) and the coeffi cients CI, CO, CD, CB, and 

Table C5-1 Values of Importance Coeffi cient, CI

Risk Category CI

I 0.6
II 1.0
III 1.2
IV 1.3

Table C5-2 Values of Depth Coeffi cient, CD

Building Location in Flood Hazard Zone and 
Water Depth CD

Floodway or V-Zone 1.0
A-Zone, stillwater depth > 5 ft 1.0
A-Zone, stillwater depth = 4 ft 0.75
A-Zone, stillwater depth = 3 ft 0.5
A-Zone, stillwater depth = 2 ft 0.25
Any fl ood zone, stillwater depth < 1 ft 0.0

Com_c05.indd   419 4/14/2010   11:05:40 AM



CHAPTER C5 FLOOD LOADS

420

Rmax. With the coeffi cients set equal to 1.0 the 
equation reduces to F = πWVb/2gΔt, and calculates 
the maximum static load from a head-on impact of 
a debris object. The coeffi cients have been added to 
allow design professionals to “calibrate” the resulting 
force to local fl ood, debris, and building characteris-
tics. The approach is similar to that employed by 
ASCE 7 in calculating wind, seismic, and other 
loads. A scientifi cally based equation is used to 
match the physics, and the results are modifi ed by 
coeffi cients to calculate realistic load magnitudes. 
However, unlike wind, seismic, and other loads, the 
body of work associated with fl ood-borne debris 
impact loads does not yet account for the probability 
of impact.

Debris Object Weight. A 1,000 lb object can be 
considered a reasonable average for fl ood-borne 
debris (no change from ASCE 7-98). This represents a 
reasonable weight for trees, logs, and other large 

woody debris that is the most common form of 
damaging debris nationwide. This weight corresponds 
to a log approximately 30 ft (9.1 m) long and just 
under 1 ft (0.3 m) in diameter. The 1,000 lb object 
also represents a reasonable weight for other types of 
debris ranging from small ice fl oes, to boulders, to 
man-made objects.

However, design professionals may wish to 
consider regional or local conditions before the fi nal 
debris weight is selected. The following text provides 
additional guidance. In riverine fl oodplains, large 
woody debris (trees and logs) predominates, with 
weights typically ranging from 1,000 lb (4.5 kN) to 
2,000 lb (9.0 kN). In the Pacifi c Northwest, larger tree 
and log sizes suggest a typical 4,000 lb (18.0 kN) 
debris weight. Debris weights in riverine areas subject 
to fl oating ice typically range from 1,000 lb (4.5 kN) 
to 4,000 lb (18.0 kN). In arid or semiarid regions, 
typical woody debris may be less than 1,000 lb 

FIGURE C5-1 Depth Coeffi cient, CD.

FIGURE C5-2 Blockage Coeffi cient, CB.

Table C5-3 Values of Blockage Coeffi cient, CB

Degree of Screening or Sheltering within 100 ft 
Upstream CB

No upstream screening, fl ow path wider than 30 ft 1.0
Limited upstream screening, fl ow path 20 ft wide 0.6
Moderate upstream screening, fl ow path 10 ft wide 0.2
Dense upstream screening, fl ow path less than 5 ft wide 0.0

Table C5-4 Values of Response Ratio for 
Impulsive Loads, Rmax

Ratio of Impact Duration to 
Natural Period of Structure

Rmax (Response Ratio for 
Half-Sine Wave Impulsive 

Load)

0.00 0.0
0.10 0.4
0.20 0.8
0.30 1.1
0.40 1.4
0.50 1.5
0.60 1.7
0.70 1.8
0.80 1.8
0.90 1.8
1.00 1.7
1.10 1.7
1.20 1.6
1.30 1.6

≥1.40 1.5

Source: Adapted from Clough and Penzien (1993).
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(4.5 kN). In alluvial fan areas, nonwoody debris 
(stones and boulders) may present a much greater 
debris hazard. Debris weights in coastal areas gener-
ally fall into three classes: in the Pacifi c Northwest, a 
4,000 lb (18.0 kN) debris weight due to large trees 
and logs can be considered typical; in other coastal 
areas where piers and large pilings are available 
locally, debris weights may range from 1,000 lb 
(4.5 kN) to 2,000 lb (9.0 kN); and in other coastal 
areas where large logs and pilings are not expected, 
debris will likely be derived from failed decks, steps, 
and building components and will likely average less 
than 500 lb (2.3 kN) in weight.

Debris Velocity. The velocity with which a piece 
of debris strikes a building or structure will depend 
upon the nature of the debris and the velocity of the 
fl oodwaters. Small pieces of fl oating debris, which are 
unlikely to cause damage to buildings or other 
structures, will typically travel at the velocity of the 
fl oodwaters, in both riverine and coastal fl ood 
situations. However, large debris, such as trees, logs, 
pier pilings, and other large debris capable of causing 
damage, will likely travel at something less than the 
velocity of the fl oodwaters. This reduced velocity of 
large debris objects is due in large part to debris 
dragging along the bottom and/or being slowed by 
prior collisions. Large riverine debris traveling along 
the fl oodway (the deepest part of the channel that 
conducts the majority of the fl ood fl ow) is most likely 
to travel at speeds approaching that of the fl oodwa-
ters. Large riverine debris traveling in the fl oodplain 
(the shallower area outside the fl oodway) is more 
likely to be traveling at speeds less than that of the 
fl oodwaters, for those reasons stated in the preceding 
text. Large coastal debris is also likely to be traveling 
at speeds less than that of the fl oodwaters. Eq. C5-2 
should be used with the debris velocity equal to the 
fl ow velocity because the equation allows for reduc-
tions in debris velocities through application of a 
depth coeffi cient, CD, and an upstream blockage 
coeffi cient, CB.

Duration of Impact. A detailed review of the 
available literature (Kriebel et al. 2000), supplemented 
by laboratory testing, concluded the previously 
suggested 1.0 s duration of impact is much too long 
and is not realistic. Laboratory tests showed that 
measured impact durations (from initial impact to 
time of maximum force Δt) varied from 0.01 s to 
0.05 s (Kriebel et al. 2000). Results for one test, for 
example, produced a maximum impact load of 8,300 
lb (37,000 N) for a log weighing 730 lb (3,250 N), 
moving at 4 ft/s, and impacting with a duration of 
0.016 s. Over all the test conditions, the impact 

duration averaged about 0.026 s. The recommended 
value for use in Eq. C5-3 is therefore 0.03 s.

Coeffi cients CI, CO, CD, and CB. The coeffi cients 
are based in part on the results of laboratory testing 
and in part on engineering judgment. The values of 
the coeffi cients should be considered interim, until 
more experience is gained with them.

The importance coeffi cient, CI, is generally used 
to adjust design loads for the structure category and 
hazard to human life following ASCE 7-98 conven-
tion in Table 1-1. Recommended values given in 
Table C5-1 are based on a probability distribution of 
impact loads obtained from laboratory tests in 
Haehnel and Daly (2001).

The Orientation Coeffi cient, CO, is used to reduce 
the load calculated by Eq. C5-3 for impacts that are 
oblique, not head-on. During laboratory tests (Haehnel 
and Daly 2001) it was observed that, while some 
debris impacts occurred as direct or head-on impacts 
that produced maximum impact loads, most impacts 
occurred as eccentric or oblique impacts with reduced 
values of the impact force. Based on these measure-
ments, an orientation coeffi cient of CO = 0.8 has been 
adopted to refl ect the general load reduction observed 
due to oblique impacts.

The depth coeffi cient, CD, is used to account for 
reduced debris velocity in shallow water due to debris 
dragging along the bottom. Recommended values of 
this coeffi cient are based on typical diameters of logs 
and trees, or on the anticipated diameter of the root 
mass from drifting trees that are likely to be encoun-
tered in a fl ood hazard zone. Kriebel et al. (2000) 
suggests that trees with typical root mass diameters 
will drag the bottom in depths of less than 5 ft, while 
most logs of concern will drag the bottom in depths 
of less than 1 ft. The recommended values for the 
depth coeffi cient are given in Table C5-2 and Fig. 
C5-1. No test data are available to fully validate the 
recommended values of this coeffi cient. When better 
data are available, designers should use them in lieu 
of the values contained in Table C5-2 and Fig. C5-1.

The blockage coeffi cient, CB, is used to account 
for the reductions in debris velocities expected due to 
screening and sheltering provided by trees or other 
structures within about 10 log-lengths (300 ft) 
upstream from the building or structure of interest. 
Kriebel et al. (2000) quotes other studies in which 
dense trees have been shown to act as a screen to 
remove debris and shelter downstream structures. The 
effectiveness of the screening depends primarily on 
the spacing of the upstream obstructions relative to 
the design log length of interest. For a 1,000 lb log, 
having a length of about 30 ft, it is therefore assumed 
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that any blockage narrower than 30 ft would trap 
some or all of the transported debris. Likewise, typical 
root mass diameters are on the order of 3 to 5 ft, and 
it is therefore assumed that blockages of this width 
would fully trap any trees or long logs. Recommended 
values for the blockage coeffi cient are given in Table 
C5-3 and Fig. C5-2 based on interpolation between 
these limits. No test data are available to fully validate 
the recommended values of this coeffi cient.

The maximum response ratio, Rmax, is used to 
increase or decrease the computed load, depending on 
the degree of compliance of the building or building 
component being struck by debris. Impact loads are 
impulsive in nature, with the force rapidly increasing 
from zero to the maximum value in time Δt, then 
decreasing to zero as debris rebounds from the 
structure. The actual load experienced by the structure 
or component will depend on the ratio of the impact 
duration Δt relative to the natural period of the 
structure or component, Tn. Stiff or rigid buildings and 
structures with natural periods similar to the impact 
duration will see an amplifi cation of the impact load. 
More fl exible buildings and structures with natural 
periods greater than approximately four times the 
impact duration will see a reduction of the impact 
load. Likewise, stiff or rigid components will see an 
amplifi cation of the impact load; more fl exible 
components will see a reduction of the impact load. 
Successful use of Eq. C5-3, then, depends on estima-
tion of the natural period of the building or compo-
nent being struck by fl ood-borne debris. Calculating 
the natural period can be carried out using established 
methods that take building mass, stiffness, and 
confi guration into account. One useful reference is 
Appendix C of ACI 349 (1985). Design professionals 
are also referred to Chapter 9 of ASCE 7 for addi-
tional information.

Natural periods of buildings generally vary from 
approximately 0.05 s to several seconds (for high-rise, 
moment frame structures). For fl ood-borne debris 
impact loads with a duration of 0.03 s, the critical 
period (above which loads are reduced) is approxi-
mately 0.11 s (see Table C5-4). Buildings and 
structures with natural periods above approximately 
0.11 s will see a reduction in the debris impact load, 
while those with natural periods below approximately 
0.11 s will see an increase.

Recent shake table tests of conventional, one- to 
two-story wood-frame buildings have shown natural 
periods ranging from approximately 0.14 s (7 Hz) to 
0.33 s (3 Hz), averaging approximately 0.20 s (5 Hz). 
Elevating these types of structures for fl ood-resistant 
design purposes will act to increase these natural 

periods. For the purposes of fl ood-borne debris 
impact load calculations, a natural period of 0.5 to 
1.0 s is recommended for one- to three-story 
buildings elevated on timber piles. For one- to 
three-story buildings elevated on masonry columns, 
a similar range of natural periods is recommended. 
For one- to three-story buildings elevated on concrete 
piles or columns, a natural period of 0.2 to 0.5 s is 
recommended. Finally, design professionals are 
referred to Section 12.8.2 of this standard, where an 
approximate natural period for one- to 12-story 
buildings (story height equal to or greater than 10 ft 
[3 m]), with concrete and steel moment-resisting 
frames, can be approximated as 0.1 times the number 
of stories.

Special Impact Loads. U.S. Army Corps of 
Engineers (1995) states that, absent a detailed 
analysis, special impact loads can be estimated as a 
uniform load of 100 lb per ft (1.48 kN/m), acting over 
a 1 ft (0.31 m) high horizontal strip at the design 
fl ood elevation or lower. However, Kriebel et al. 
(2000) suggests that this load may be too small for 
some large accumulations of debris and suggests an 
alternative approach involving application of the 
standard drag force expression

 F = (1/2)CDρAV2 (C5-4)

where

 F = drag force due to debris accumulation, in lb (N)
 V =  fl ow velocity upstream of debris accumulation, 

in ft/s (m/s)
 A =  projected area of the debris accumulation into 

the fl ow, approximated by depth of accumula-
tion times width of accumulation perpendicular 
to fl ow, in ft2 (m2)

 ρ = density of water in slugs/ft3 (kg/m3)
 CD = drag coeffi cient = 1

This expression produces loads similar to the 100 
lb/ft guidance from U.S. Army Corps of Engineers 
(1995) when the debris depth is assumed to be 1 ft 
and when the velocity of the fl oodwater is 10 ft/s. 
Other guidance from Kriebel et al. (2000) and 
Haehnel and Daly (2001) suggests that the depth of 
debris accumulation is often much greater than 1 ft, 
and is only limited by the water depth at the structure. 
Observations of debris accumulations at bridge piers 
listed in these references show typical depths of 5 to 
10 ft, with horizontal widths spanning between 
adjacent bridge piers whenever the spacing of the 
piers is less than the typical log length. If debris 
accumulation is of concern, the design professional 
should specify the projected area of the debris 
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accumulation based on local observations and 
experience, and apply the preceding equation to 
predict the debris load on buildings or other 
structures.
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Chapter C7

SNOW LOADS

load ratio). For example, if a 40 lb/ft2 (1.92 kN/m2) 
roof snow load is exceeded by 20 lb/ft2 (0.96 kN/m2) 
for a roof having a 25 lb/ft2 (1.19 kN/m2) dead load, 
the total load increases by 31 percent from 65 to 
85 lb/ft2 (3.11 to 4.07 kN/m2). If the roof had a 
60-lb/ft2 (2.87 kN/m2) dead load, the total load would 
increase only by 20 percent from 100 to 120 lb/ft2 
(4.79 to 5.75 kN/m2).

C7.2 GROUND SNOW LOADS, pg

The snow load provisions were developed from an 
extreme-value statistical analysis of weather records 
of snow on the ground (Ellingwood and Redfi eld 
1983). The log normal distribution was selected to 
estimate ground snow loads, which have a 2 percent 
annual probability of being exceeded (50-yr mean 
recurrence interval).

Maximum measured ground snow loads and 
ground snow loads with a 2 percent annual probability 
of being exceeded are presented in Table C7-1 for 
204 National Weather Service (NWS) “fi rst-order” 
stations at which ground snow loads have been 
measured for at least 11 years during the period 
1952–1992.

Concurrent records of the depth and load of snow 
on the ground at the 204 locations in Table C7-1 were 
used to estimate the ground snow load and the ground 
snow depth having a 2 percent annual probability of 
being exceeded for each of these locations. The period 
of record for these 204 locations, where both snow 
depth and snow load have been measured, averages 
33 years up through the winter of 1991–1992. A 
mathematical relationship was developed between the 
2 percent depths and the 2 percent loads. The nonlin-
ear best-fi t relationship between these extreme values 
was used to estimate 2 percent (50-yr mean recur-
rence interval) ground snow loads at about 9,200 
other locations at which only snow depths were 
measured. These loads, as well as the extreme-value 
loads developed directly from snow load measure-
ments at 204 fi rst-order locations, were used to 
construct the maps.

In general, loads from these two sources were in 
agreement. In areas where there were differences, 
loads from the 204 fi rst-order locations were 
considered to be more valuable when the map was 

C7.0 SNOW LOADS

Methodology. The procedure established for deter-
mining design snow loads is as follows:

1. Determine the ground snow load for the geo-
graphic location (Sections 7.2 and C7.2).

2. Generate a fl at roof snow load from the ground 
load with consideration given to (1) roof exposure 
(Sections 7.3.1, C7.3, and C7.3.1), (2) roof 
thermal condition (Sections 7.3.2, C7.3, and 
C7.3.2), (3) occupancy and function of structure 
(Sections 7.3.3 and C7.3.3).

3. Consider roof slope (Sections 7.4 through 7.4.5 
and C7.4).

4. Consider partial loading (Sections 7.5 and C7.5).
5. Consider unbalanced loads (Sections 7.6 through 

7.6.4 and C7.6).
6. Consider snow drifts: (1) on lower roofs (Sections 

7.7 through 7.7.2 and C7.7) and (2) from projec-
tions (Sections 7.8 and C7.8).

7. Consider sliding snow (Sections 7.9 and C7.9).
8. Consider extra loads from rain on snow (Sections 

7.10 and C7.10).
9. Consider ponding loads (Section 7.11 and C7.11).

10. Consider existing roofs (Sections 7.12 and 
C7.12).

11. Consider other roofs and sites (Section C7.13).
12. Consider the consequences of loads in excess of 

the design value (see the following text).

Loads in Excess of the Design Value. The 
philosophy of the probabilistic approach used in this 
standard is to establish a design value that reduces the 
risk of a snow load induced failure to an acceptably 
low level. Because snow loads in excess of the design 
value may occur, the implications of such “excess” 
loads should be considered. For example, if a roof is 
defl ected at the design snow load so that slope to 
drain is eliminated, “excess” snow load might cause 
ponding (Section C7.11) and perhaps progressive 
failure.

The snow load/dead load ratio of a roof structure 
is an important consideration when assessing the 
implications of “excess” loads. If the design snow 
load is exceeded, the percentage increase in total load 
would be greater for a lightweight structure (i.e., one 
with a high snow load/dead load ratio) than for a 
heavy structure (i.e., one with a low snow load/dead 
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constructed. This procedure ensures that the map is 
referenced to the NWS observed loads and contains 
spatial detail provided by snow-depth measurements 
at about 9,200 other locations.

The maps were generated from data current 
through the 1991–1992 winter. Where statistical 
studies using more recent information are available, 
they may be used to produce improved design 
guidance.

However, adding a big snow year to data devel-
oped from periods of record exceeding 20 years will 
usually not change 50-yr values much. As examples, 
the databases for Boston and Chattanooga were 
updated to include the winters of 1992–1993 and 
1993–1994 because record snows occurred there 
during that period. In Boston, 50-yr loads based 
on water equivalent measurements only increased 
from 34 to 35 lb/ft2 (1.63 to 1.68 kN/m2) and loads 
generated from snow depth measurements remained 
at 25 lb/ft2 (1.20 kN/m2). In Chattanooga, loads 
generated from water equivalent measurements 
increased from 6 to 7 lb/ft2 (0.29 to 0.34 kN/m2) 
and loads generated from snow depth measurements 
remained at 6 lb/ft2 (0.29 kN/m2).

The following additional information was also 
considered when establishing the snow load zones on 
the map of the United States (Fig. 7-1).

1. The number of years of record available at each 
location.

2. Additional meteorological information available 
from NWS, Soil Conservation Service (SCS) snow 
surveys, and other sources.

3. Maximum snow loads observed.
4. Regional topography.
5. The elevation of each location.

The map is an updated version of that in the 1993 
edition of this standard and is unchanged since the 
1995 edition.

In much of the south, infrequent but severe 
snowstorms disrupted life in the area to the point that 
meteorological observations were missed. In these and 
similar circumstances more value was given to the 
statistical values for stations with complete records. 
Year-by-year checks were made to verify the signifi -
cance of data gaps.

The mapped snow loads cannot be expected to 
represent all the local differences that may occur 
within each zone. Because local differences exist, 
each zone has been positioned so as to encompass 
essentially all the statistical values associated with 
normal sites in that zone. Although the zones repre-
sent statistical values, not maximum observed values, 

the maximum observed values were helpful in 
establishing the position of each zone.

For sites not covered in Fig. 7-1 design values 
should be established from meteorological informa-
tion, with consideration given to the orientation, 
elevation, and records available at each location. The 
same method can also be used to improve upon the 
values presented in Fig. 7-1. Detailed study of a 
specifi c site may generate a design value lower than 
that indicated by the generalized national map. It is 
appropriate in such a situation to use the lower value 
established by the detailed study. Occasionally a 
detailed study may indicate that a higher design value 
should be used than the national map indicates. 
Again, results of the detailed study should be 
followed.

Using the database used to establish the ground 
snow loads in Fig. 7-1, additional meteorological data, 
and a methodology that meets the requirements of 
Section 7.2 (Tobiasson and Greatorex 1996), ground 
snow loads have been determined for every town in 
New Hampshire (Tobiasson et al. 2000, 2002).

The area covered by a site-specifi c case study 
will vary depending on local climate and topography. 
In some places, a single case study will suffi ce for an 
entire community, but in others, varying local 
conditions limit a “site” to a much smaller area. 
The area of applicability usually becomes clear as 
information in the vicinity is examined for the case 
study.

As suggested by the footnote, it is not appropriate 
to use only the site-specifi c information in Table C7-1 
for design purposes. It lacks an appreciation for 
surrounding station information and, in a few cases, is 
based on rather short periods of record. The map or a 
site-specifi c case study provides more valuable 
information.

The importance of conducting detailed studies 
for locations not covered in Fig. 7-1 is shown in 
Table C7-2.

For some locations within the Case Study (CS) 
areas of the northeast (Fig. 7-1), ground snow loads 
exceed 100 lb/ft2 (4.79 kN/m2). Even in the southern 
portion of the Appalachian Mountains, not far from 
sites where a 15-lb/ft2 (0.72 kN/m2) ground snow 
load is appropriate, ground loads exceeding 50 lb/ft2 
(2.39 kN/m2) may be required. Lake-effect storms 
create requirements for ground loads in excess of 
75 lb/ft2 (3.59 kN/m2) along portions of the Great 
Lakes. In some areas of the Rocky Mountains, ground 
snow loads exceed 200 lb/ft2 (9.58 kN/m2).

Local records and experience should also be 
considered when establishing design values.
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The values in Table 7-1 are for specifi c Alaskan 
locations only and generally do not represent appro-
priate design values for other nearby locations. They 
are presented to illustrate the extreme variability of 
snow loads within Alaska. This variability precludes 
statewide mapping of ground snow loads there.

Valuable information on snow loads for the 
Rocky Mountain states is contained in Structural 
Engineers Association of Northern California (1964), 
MacKinlay and Willis (1965), Brown (1970), U.S. 
Department of Agriculture Soil Conservation 
Service (1970), Structural Engineers Association of 
Colorado (1971), Structural Engineers Association 
of Oregon (1971), Structural Engineers Association 
of Arizona (1973), Videon and Stenberg (1978), 
Structural Engineers Association of Washington 
(1981), Placer County Building Division (1985), 
and Sack and Sheikh-Taberi (1986).

Most of these references for the Rocky Mountain 
states use annual probabilities of being exceeded that 
are different from the 2 percent value (50-yr mean 
recurrence interval) used in this standard. Reasonable, 
but not exact, factors for converting from other annual 
probabilities of being exceeded to the value herein are 
presented in Table C7-3.

For example, a ground snow load based on a 3.3 
percent annual probability of being exceeded (30-yr 
mean recurrence interval) should be multiplied by 
1.18 to generate a value of pg for use in Eq. 7-1.

The snow load provisions of several editions of 
the National Building Code of Canada served as a 
guide in preparing the snow load provisions in this 
standard. However, there are some important differ-
ences between the Canadian and the United States 
databases. They include

1. The Canadian ground snow loads are based on a 
3.3 percent annual probability of being exceeded 
(30-yr mean recurrence interval) generated by 
using the extreme-value, Type-I (Gumbel) distribu-
tion, while the normal-risk values in this standard 
are based on a 2 percent annual probability of 
being exceeded (50-yr mean recurrence interval) 
generated by a log-normal distribution.

2. The Canadian loads are based on measured depths 
and regionalized densities based on four or fewer 
measurements per month. Because of the infre-
quency of density measurements, an additional 
weight of rain is added (Newark 1984). In this 
standard, the weight of the snow is based on many 
years of frequently measured weights obtained at 
204 locations across the United States. Those 
measurements contain many rain-on-snow events 

and thus a separate rain-on-snow surcharge load is 
not needed except for some roofs with a slope less 
than 1/2 in./ft (2.38°).

C7.3 FLAT-ROOF SNOW LOADS, pf

The live load reductions in Section 4.8 should not be 
applied to snow loads. The minimum allowable values 
of pf presented in Section 7.3 acknowledge that in 
some areas a single major storm can generate loads 
that exceed those developed from an analysis of 
weather records and snow-load case studies.

The factors in this standard that account for the 
thermal, aerodynamic, and geometric characteristics 
of the structure in its particular setting were devel-
oped using the National Building Code of Canada as a 
point of reference. The case study reports in Peter et 
al. (1963), Schriever et al. (1967), Lorenzen (1970), 
Lutes and Schriever (1971), Elliott (1975), Mitchell 
(1978), Meehan (1979), Taylor (1979 and 1980) were 
examined in detail.

In addition to these published references, an 
extensive program of snow load case studies was 
conducted by eight universities in the United States, 
the U.S. Army Corps of Engineers’ Alaska District, 
and the United States Army Cold Regions Research 
and Engineering Laboratory (CRREL) for the Corps 
of Engineers. The results of this program were used to 
modify the Canadian methodology to better fi t United 
States conditions. Measurements obtained during the 
severe winters of 1976–1977 and 1977–1978 are 
included. A statistical analysis of some of that 
information is presented in O’Rourke et al. (1983). 
The experience and perspective of many design 
professionals, including several with expertise in 
building failure analysis, have also been incorporated.

C7.3.1 Exposure Factor, Ce

Except in areas of “aerodynamic shade,” where 
loads are often increased by snow drifting, less snow 
is present on most roofs than on the ground. Loads in 
unobstructed areas of conventional fl at roofs average 
less than 50 percent of ground loads in some parts of 
the country. The values in this standard are above-
average values, chosen to reduce the risk of snow 
load-induced failures to an acceptably low level. 
Because of the variability of wind action, a conserva-
tive approach has been taken when considering load 
reductions by wind.

The effects of exposure are handled on two 
scales. First, Eq. 7-1 contains a basic exposure factor 
of 0.7. Second, the type of terrain and the exposure of 
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the roof are handled by exposure factor Ce. This 
two-step procedure generates ground-to-roof load 
reductions as a function of exposure that range from 
0.49 to 0.84.

Table 7-2 has been changed from what appeared 
in a prior (1988) version of this standard to separate 
regional wind issues associated with terrain from local 
wind issues associated with roof exposure. This was 
done to better defi ne categories without signifi cantly 
changing the values of Ce.

Although there is a single “regional” terrain 
category for a specifi c site, different roofs of a 
structure may have different exposure factors due to 
obstruction provided by higher portions of the 
structure or by objects on the roof. For example in 
terrain category C, an upper level roof could be fully 
exposed (Ce = 0.9) while a lower level roof would be 
partially exposed (Ce = 1.0) due to the presence of the 
upper level roof, as shown in Example 3.

The adjective “windswept” is used in the “moun-
tainous areas” terrain category to preclude use of this 
category in those high mountain valleys that receive 
little wind.

The normal, combined exposure reduction in this 
standard is 0.70 as compared to a normal value of 
0.80 for the ground-to-roof conversion factor in the 
1990 National Building Code of Canada. The decrease 
from 0.80 to 0.70 does not represent decreased safety, 
but arises due to increased choices of exposure and 
thermal classifi cation of roofs (i.e., fi ve terrain 
categories, three roof exposure categories, and four 
thermal categories in this standard vs. three exposure 
categories and no thermal distinctions in the Canadian 
code).

It is virtually impossible to establish exposure 
defi nitions that clearly encompass all possible 
exposures that exist across the country. Because 
individuals may interpret exposure categories some-
what differently, the range in exposure has been 
divided into several categories rather than just two or 
three. A difference of opinion of one category results 
in about a 10 percent “error” using these several 
categories and an “error” of 25 percent or more if 
only three categories are used.

C7.3.2 Thermal Factor, Ct

Usually, more snow will be present on cold roofs 
than on warm roofs. An exception to this is discussed 
in the following text. The thermal condition selected 
from Table 7-3 should represent that which is likely 
to exist during the life of the structure. Although it is 
possible that a brief power interruption will cause 
temporary cooling of a heated structure, the joint 

probability of this event and a simultaneous peak 
snow load event is very small. Brief power interrup-
tions and loss of heat are acknowledged in the Ct = 
1.0 category. Although it is possible that a heated 
structure will subsequently be used as an unheated 
structure, the probability of this is rather low. Conse-
quently, heated structures need not be designed for 
this unlikely event.

Some dwellings are not used during the winter. 
Although their thermal factor may increase to 1.2 at 
that time, they are unoccupied, so their importance 
factor reduces to 0.8. The net effect is to require 
the same design load as for a heated, occupied 
dwelling.

Discontinuous heating of structures may cause 
thawing of snow on the roof and subsequent refreez-
ing in lower areas. Drainage systems of such roofs 
have become clogged with ice, and extra loads 
associated with layers of ice several inches thick have 
built up in these undrained lower areas. The possibil-
ity of similar occurrences should be investigated for 
any intermittently heated structure.

Similar icings may build up on cold roofs 
subjected to meltwater from warmer roofs above. 
Exhaust fans and other mechanical equipment on 
roofs may also generate meltwater and icings.

Icicles and ice dams are a common occurrence on 
cold eaves of sloped roofs. They introduce problems 
related to leakage and to loads. Large ice dams that 
can prevent snow from sliding off roofs are generally 
produced by heat losses from within buildings. Icings 
associated with solar melting of snow during the day 
and refreezing along eaves at night are often small 
and transient. Although icings can occur on cold or 
warm roofs, roofs that are well insulated and venti-
lated are not commonly subjected to serious icings at 
their eaves. Methods of minimizing eave icings are 
discussed in Grange and Hendricks (1976), Klinge 
(1978), de Marne (1988), Mackinlay (1988), 
Tobiasson (1988), and Tobiasson and Buska (1993). 
Ventilation guidelines to prevent problematic icings 
at eaves have been developed for attics (Tobiasson 
et al. 1998) and for cathedral ceilings (Tobiasson 
et al. 1999).

Because ice dams can prevent load reductions by 
sliding on some warm (Ct ≤ 1.0) roofs, the “unob-
structed slippery surface” curve in Fig. 7-2a now only 
applies to unventilated roofs with a thermal resistance 
equal to or greater than 30 ft2 h °F/Btu (5.3 °C m2/W) 
and to ventilated roofs with a thermal resistance equal 
to or greater than 20 ft2 h °F/Btu (3.5 °C m2/W). For 
roofs that are well insulated and ventilated, see 
Ct = 1.1 in Table 7-3.
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Glass, plastic, and fabric roofs of continuously 
heated structures are seldom subjected to much snow 
load because their high heat losses cause snow melt 
and sliding. For such specialty roofs, knowledgeable 
manufacturers and designers should be consulted. The 
National Greenhouse Manufacturers Association 
(1988) recommends use of Ct = 0.83 for continuously 
heated greenhouses and Ct = 1.00 for unheated or 
intermittently heated greenhouses. They suggest a 
value of Is = 1.0 for retail greenhouses and Is = 0.8 for 
all other greenhouses. To qualify as a continuously 
heated greenhouse, a production or retail greenhouse 
must have a constantly maintained temperature of 
50 °F (10 °C) or higher during winter months. In 
addition, it must also have a maintenance attendant on 
duty at all times or an adequate temperature alarm 
system to provide warning in the event of a heating 
system failure. Finally, the greenhouse roof material 
must have a thermal resistance, R-value, less than 
2 ft2 × h × °F/Btu (0.4 °C m2/W). In this standard, the 
Ct factor for such continuously heated greenhouses is 
set at 0.85. An unheated or intermittently heated 
greenhouse is any greenhouse that does not meet the 
requirements of a continuously heated single or 
double glazed greenhouse. Greenhouses should be 
designed so that the structural supporting members are 
stronger than the glazing. If this approach is used, any 
failure caused by heavy snow loads will be localized 
and in the glazing. This should avert progressive 
collapse of the structural frame. Higher design values 
should be used where drifting or sliding snow is 
expected.

Little snow accumulates on warm air-supported 
fabric roofs because of their geometry and slippery 
surface. However, the snow that does accumulate is a 
signifi cant load for such structures and should be 
considered. Design methods for snow loads on air 
structures are discussed in Air Structures Institute 
(1977) and ASCE (1994).

The combined consideration of exposure and 
thermal conditions generates ground-to-roof factors 
that range from a low of 0.49 to a high of 1.01. The 
equivalent ground-to-roof factors in the 1990 National 
Building Code of Canada are 0.8 for sheltered roofs, 
0.6 for exposed roofs, and 0.4 for exposed roofs in 
exposed areas north of the tree line, all regardless of 
their thermal condition.

Sack (1988) and case history experience indicate 
that the roof snow load on open air structures (e.g., 
parking structures and roofs over loading docks) and 
on buildings intentionally kept below freezing (e.g., 
freezer buildings) can be larger than the nearby 
ground snow load. It is thought that this effect is due 

to the lack of heat fl ow up from the “warm” earth for 
these select groups of structures. Open air structures 
are explicitly included with unheated structures. For 
the freezer buildings,the thermal factor is specifi ed to 
be 1.3 to account for this effect.

C7.3.3 Importance Factor, Is

The importance factor Is has been included to 
account for the need to relate design loads to the 
consequences of failure. Roofs of most structures 
having normal occupancies and functions are designed 
with an importance factor of 1.0, which corresponds 
to unmodifi ed use of the statistically determined 
ground snow load for a 2 percent annual probability 
of being exceeded (50-yr mean recurrence interval).

A study of the 204 locations in Table C7-1 
showed that the ratio of the values for 4 percent and 
2 percent annual probabilities of being exceeded (the 
ratio of the 25-yr to 50-yr mean recurrence interval 
values) averaged 0.80 and had a standard deviation of 
0.06. The ratio of the values for 1 percent and 2 
percent annual probabilities of being exceeded (the 
ratio of the 100-yr to 50-yr mean recurrence interval 
values) averaged 1.22 and had a standard deviation of 
0.08. On the basis of the nationwide consistency of 
these values it was decided that only one snow load 
map need be prepared for design purposes and that 
values for lower and higher risk situations could be 
generated using that map and constant factors.

Lower and higher risk situations are established 
using the importance factors for snow loads in Table 
1.5-2. These factors range from 0.8 to 1.2. The factor 
0.8 bases the average design value for that situation 
on an annual probability of being exceeded of about 4 
percent (about a 25-year mean recurrence interval). 
The factor 1.2 is nearly that for a 1 percent annual 
probability of being exceeded (about a 100-year mean 
recurrence interval).

C7.3.4 Minimum Snow Load for Low-Slope 
Roofs, pm

These minimums account for a number of 
situations that develop on low-slope roofs. They are 
particularly important considerations for regions 
where pg is 20 lb/ft2 (0.96 kN/m2) or less. In such 
areas, single storm events can result in loading for 
which the basic ground-to-roof conversion factor of 
0.7, as well as the Ce and Ct factors, are not 
applicable.

It is noted that the unbalanced load for hip and 
gable roofs, with an eave to ridge distance W of 20 ft 
(6.1 m) or less and having simply supported prismatic 
members spanning from ridge to eave, is greater than 
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or equal to the minimum roof snow load, pm. Hence, 
if such a hip and gable roof has a slope which 
requires unbalanced loading, the minimum snow 
load would not control and need not be checked for 
the roof.

C7.4 SLOPED ROOF SNOW LOADS, ps

Snow loads decrease as the slopes of roofs increase. 
Generally, less snow accumulates on a sloped roof 
because of wind action. Also, such roofs may shed 
some of the snow that accumulates on them by sliding 
and improved drainage of meltwater. The ability of a 
sloped roof to shed snow load by sliding is related to 
the absence of obstructions not only on the roof but 
also below it, the temperature of the roof, and the 
slipperiness of its surface. It is diffi cult to defi ne 
“slippery” in quantitative terms. For that reason a list 
of roof surfaces that qualify as slippery and others 
that do not, are presented in the standard. Most 
common roof surfaces are on that list. The slipperi-
ness of other surfaces is best determined by compari-
sons with those surfaces. Some tile roofs contain 
built-in protrusions or have a rough surface that 
prevents snow from sliding. However, snow will slide 
off other smooth-surfaced tile roofs. When a surface 
may or may not be slippery, the implications of 
treating it either as a slippery or nonslippery surface 
should be determined. Because valleys obstruct 
sliding on slippery surfaced roofs, the dashed lines in 
Figs. 7-2a, b, and c should not be used in such roof 
areas.

Discontinuous heating of a building may reduce 
the ability of a sloped roof to shed snow by sliding, 
because meltwater created during heated periods may 
refreeze on the roof’s surface during periods when the 
building is not heated, thereby “locking” the snow to 
the roof.

All these factors are considered in the slope 
reduction factors presented in Fig. 7-2 and are 
supported by Taylor (1983 and 1985), Sack et al. 
1987, and Sack (1988). The thermal resistance 
requirements have been added to the “unobstructed 
slippery surfaces” curve in Fig. 7-2a to prevent its use 
for roofs on which ice dams often form because ice 
dams prevent snow from sliding. Mathematically the 
information in Fig. 7-2 can be represented as follows:

1. Warm Roofs (Ct = 1.0 or less):
(a) Unobstructed slippery surfaces with 

R ≥ 30 ft2 h °F/Btu (5.3 °C m2/W) if unventi-
lated and R ≥ 20 ft2 h °F/Btu (3.5 °C m2/W) if 
ventilated:

0°–5° slope Cs = 1.0
5°–70° slope Cs = 1.0 – (slope – 5°)/65°
>70° slope Cs = 0

(b) All other surfaces:
0°–30° slope Cs = 1.0
30°–70° slope Cs = 1.0 – (slope – 30°)/40°
>70° slope Cs = 0

2. Cold Roofs with Ct = 1.1
(a) Unobstructed slippery surfaces:

0°–10° slope Cs = 1.0
10°–70° slope Cs = 1.0 – (slope – 10°)/60°
>70° slope Cs = 0

(b) All other surfaces:
0°–37.5° slope Cs = 1.0
37.5°–70° slope Cs = 1.0 – (slope –37.5°)/32.5°
>70° slope Cs = 0

3. Cold Roofs (Ct = 1.2):
(a) Unobstructed slippery surfaces:

0°–15° slope Cs = 1.0
15°–70° slope Cs = 1.0 – (slope – 15°)/55°
>70° slope Cs = 0

(b) All other surfaces:
0°–45° slope Cs = 1.0
45°–70° slope Cs = 1.0 – (slope – 45°)/25°
>70° slope Cs = 0

If the ground (or another roof of less slope) exists 
near the eave of a sloped roof, snow may not be able 
to slide completely off the sloped roof. This may 
result in the elimination of snow loads on upper 
portions of the roof and their concentration on lower 
portions. Steep A-frame roofs that nearly reach the 
ground are subject to such conditions. Lateral as well 
as vertical loads induced by such snow should be 
considered for such roofs.

C7.4.3 Roof Slope Factor for Curved Roofs
These provisions were changed from those in the 

1993 edition of this standard to cause the load to 
diminish along the roof as the slope increases.

C7.4.4 Roof Slope Factor for Multiple Folded 
Plate, Sawtooth, and Barrel Vault Roofs

Because these types of roofs collect extra snow in 
their valleys by wind drifting and snow creep and 
sliding, no reduction in snow load should be applied 
because of slope.

C7.4.5 Ice Dams and Icicles Along Eaves
The intent is to consider heavy loads from ice 

that forms along eaves only for structures where such 
loads are likely to form. It is also not considered 
necessary to analyze the entire structure for such 
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loads, just the eaves themselves. Eave ice dam 
loads with various return periods on roofs with 
overhangs of 4 ft or less are presented in O’Rourke 
et al. (2007).

This provision is intended for short roof over-
hangs and projections, with a horizontal extent less 
than 5 ft. In instances where the horizontal extent 
is greater than 5 ft, the surcharge that accounts for 
eave ice damming need only extend for a maximum 
of 5 ft from the eave of the heated structure (see 
Fig. C7.4).

C7.5 PARTIAL LOADING

In many situations a reduction in snow load on a 
portion of a roof by wind scour, melting, or snow-
removal operations will simply reduce the stresses in 
the supporting members. However, in some cases a 
reduction in snow load from an area will induce 
heavier stresses in the roof structure than occur when 
the entire roof is loaded. Cantilevered roof joists are a 
good example; removing half the snow load from the 
cantilevered portion will increase the bending stress 
and defl ection of the adjacent continuous span. In 
other situations adverse stress reversals may result.

The intent is not to require consideration of 
multiple “checkerboard” loadings.

Separate, simplifi ed provisions have been added 
for continuous beams to provide specifi c partial 
loading requirements for that common structural 
system.

Members that span perpendicular to the ridge in 
gable roofs with slopes of ½ on 12 or greater are 
exempt from partial load provisions because the 
unbalanced load provisions of Section 7.6.1 provide 
for this situation.

C7.6 UNBALANCED ROOF SNOW LOADS

Unbalanced snow loads may develop on sloped roofs 
because of sunlight and wind. Winds tend to reduce 
snow loads on windward portions and increase snow 
loads on leeward portions. Because it is not possible 
to defi ne wind direction with assurance, winds from 
all directions should generally be considered when 
establishing unbalanced roof loads.

C7.6.1 Unbalanced Snow Loads for Hip and 
Gable Roofs

The expected shape of a gable roof drift is 
nominally a triangle located close to the ridgeline. 

Recent research suggests that the size of this nomi-
nally triangular gable roof drift is comparable to a 
leeward roof step drift with the same fetch. For 
certain simple structural systems, for example, wood 
or light gage roof rafter systems with either a ridge 
board or a supporting ridge beam, with small eave to 
ridge distances, the drift is represented by a uniform 
load of Is × pg from eave to ridge. For all other gable 
roofs, the drift is represented by a rectangular distri-
bution located adjacent to the ridge. The location of 
the centroid for the rectangular distribution is identical 
to that for the expected triangular distribution. The 
intensity is the average of that for the expected 
triangular distribution.

The design snow load on the windward side for 
the unbalanced case, 0.3ps, is based upon case 
histories presented in Taylor (1979) and O’Rourke 
and Auren (1997) and discussed in Tobiasson (1999). 
The lower limit of θ = 2.38° is intended to exclude 
low slope roofs, such as membrane roofs, on which 
signifi cant unbalanced loads have not been observed. 
The upper bound of θ > 7 on 12 (30.2°) is intended to 
exclude high slope roofs on which signifi cant unbal-
anced loads have not been observed. That is, although 
an upper bound for the angle of repose for fresh-fallen 
snow is about 70° as given in Fig. 7-2, the upper 
bound for the angle of repose of drifted snow is 
about 30°.

As noted above, observed gable roof drifts are 
nominally triangular in shape. The surcharge is 
essentially zero at the ridge and the top surface of the 
surcharge is nominally horizontal. As such, an upper 
bound for an actual surcharge atop the sloped roof 
snow load, ps, would be a triangular distribution - zero 
at the ridge and a height at the eave equal to the 
elevation difference between the eave and the ridge.

C7.6.2 Unbalanced Snow Loads for Curved Roofs
The method of determining roof slope is the same 

as in the 1995 edition of this standard. Cs is based on 
the actual slope, not an equivalent slope. These 
provisions do not apply to roofs that are concave 
upward. For such roofs, see Section C7.13.

C7.6.3 Unbalanced Snow Loads for Multiple 
Folded Plate, Sawtooth, and Barrel Vault Roofs

A minimum slope of 3/8 in./ft (1.79°) has been 
established to preclude the need to determine unbal-
anced loads for most internally drained, membrane 
roofs that slope to internal drains. Case studies 
indicate that signifi cant unbalanced loads can occur 
when the slope of multiple gable roofs is as low as 
1/2 in./ft (2.38°).
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The unbalanced snow load in the valley is 2pf/Ce 
to create a total unbalanced load that does not exceed 
a uniformly distributed ground snow load in most 
situations.

Sawtooth roofs and other “up-and-down” roofs 
with signifi cant slopes tend to be vulnerable in areas 
of heavy snowfall for the following reasons:

1. They accumulate heavy snow loads and are 
therefore expensive to build.

2. Windows and ventilation features on the steeply 
sloped faces of such roofs may become blocked 
with drifting snow and be rendered useless.

3. Meltwater infi ltration is likely through gaps in the 
steeply sloped faces if they are built as walls, 
because slush may accumulate in the valley during 
warm weather. This can promote progressive 
deterioration of the structure.

4. Lateral pressure from snow drifted against clere-
story windows may break the glass.

5. The requirement that snow above the valley not be 
at an elevation higher than the snow above the 
ridge may limit the unbalanced load to less than 
2pf /Ce.

C7.6.4 Unbalanced Snow Loads for Dome Roofs
This provision is based on a similar provision in 

the 1990 National Building Code of Canada.

C7.7 DRIFTS ON LOWER ROOFS 
(AERODYNAMIC SHADE)

When a rash of snow-load failures occurs during a 
particularly severe winter, there is a natural tendency 
for concerned parties to initiate across-the-board 
increases in design snow loads. This is generally a 
technically ineffective and expensive way of attempt-
ing to solve such problems because most failures 
associated with snow loads on roofs are caused not by 
moderate overloads on every square foot (square 
meter) of the roof, but rather by localized signifi cant 
overloads caused by drifted snow.

Drifts will accumulate on roofs (even on sloped 
roofs) in the wind shadow of higher roofs or terrain 
features. Parapets have the same effect. The affected 
roof may be infl uenced by a higher portion of the 
same structure or by another structure or terrain 
feature nearby if the separation is 20 ft (6.1 m) or 
less. When a new structure is built within 20 ft (6.1 
m) of an existing structure, drifting possibilities 
should also be investigated for the existing structure 
(see Sections C7.7.2 and C7.12). The snow that forms 
drifts may come from the roof on which the drift 

forms, from higher or lower roofs, or, on occasion, 
from the ground.

The leeward drift load provisions are based on 
studies of snow drifts on roofs (Speck 1984, Taylor 
1984, and O’Rourke et al. 1985 and 1986). Drift size 
is related to the amount of driftable snow as quanti-
fi ed by the upwind roof length and the ground snow 
load. Drift loads are considered for ground snow loads 
as low as 5 lb/ft2 (0.24 kN/m2). Case studies show 
that, in regions with low ground snow loads, drifts 3 
to 4 ft (0.9 to 1.2 m) high can be caused by a single 
storm accompanied by high winds.

A change from a prior (1988) edition of this 
standard involves the width w when the drift height hd 
from Fig. 7-9 exceeds the clear height hc. In this 
situation the width of the drift is taken as 4hd

2/hc with 
a maximum value of 8hc. This drift width relation is 
based upon equating the cross-sectional area of this 
drift (i.e., 1/2hc × w) with the cross-sectional area of a 
triangular drift where the drift height is not limited by 
hc (i.e., 1/2hd × 4hd) as suggested by Zallen (1988). 
The upper limit of drift width is based on studies by 
Finney (1939) and Tabler (1975) that suggest that a 
“full” drift has a rise-to-run of about 1:6.5, and case 
studies (Zallen 1988) that show observed drifts with a 
rise-to-run greater than 1:10.

The drift height relationship in Fig. 7-9 is based 
on snow blowing off a high roof upwind of a lower 
roof. The change in elevation where the drift forms is 
called a “leeward step.” Drifts can also form at 
“windward steps.” An example is the drift that forms 
at the downwind end of a roof that abuts a higher 
structure there. Fig. 7-7 shows “windward step” and 
“leeward step” drifts.

For situations having the same amount of 
available snow (i.e., upper and lower roofs of the 
same length) the drifts that form in leeward steps are 
larger than those that form in windward steps. In 
previous versions of the standard, the windward drifts 
height was given as 1/2hd from Fig. 7-9 using the 
length of the lower roof for lu. Based upon an analysis 
of case histories in O’Rourke and DeAngelis (2002), a 
value of 3/4 is now prescribed.

Depending on wind direction, any change in 
elevation between roofs can be either a windward or 
leeward step. Thus the height of a drift is determined 
for each wind direction as shown in Example 3, and 
the larger of the two heights is used as the design 
drift.

The drift load provisions cover most, but not all, 
situations. Finney (1939) and O’Rourke (1989) 
document a larger drift than would have been 
expected based on the length of the upper roof. The 
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larger drift was caused when snow on a somewhat 
lower roof, upwind of the upper roof, formed a drift 
between those two roofs allowing snow from the 
upwind lower roof to be carried up onto the upper 
roof then into the drift on its downwind side. It was 
suggested that the sum of the lengths of both roofs 
could be used to calculate the size of the leeward 
drift. The issue of potential reduction in leeward drift 
size at a roof step due to a parapet wall is discussed in 
O’Rourke (2007).

In another situation (Kennedy et al. 1992) a long 
“spike” drift was created at the end of a long skylight 
with the wind about 30° off the long axis of the 
skylight. The skylight acted as a guide or defl ector 
that concentrated drifting snow. This caused a large 
drift to accumulate in the lee of the skylight. This 
drift was replicated in a wind tunnel.

As shown in Fig. 7-8, the clear height, hc, is 
determined based on the assumption that the upper 
roof is blown clear of snow in the vicinity of the drift. 
This assumption is reasonable for windward drifting 
but does not necessarily hold for leeward drifting. For 
leeward drifting, the last portion of the upper level 
roof that would become blown clear of snow is the 
portion adjacent to the roof step. That is, there may 
still be snow on the upper level roof when the roof 
step drift has stopped growing. Nevertheless, for 
simplicity, the same assumption regarding clear height 
is used for both leeward and windward drifts.

Tests in wind tunnels (Irwin et al. 1992 and 
Isyumou and Mikitiuk 1992) and fl umes (O’Rourke 
and Weitman 1992) have proven quite valuable in 
determining patterns of snow drifting and drift loads. 
For roofs of unusual shape or confi guration, wind 
tunnel or water-fl ume tests may be needed to help 
defi ne drift loads. An ASCE standard for wind tunnel 
testing including procedures to assist in the determina-
tion of snow loads on roofs is currently under 
development.

C7.7.2 Adjacent Structures
One expects a leeward drift to form on an 

adjacent lower roof only if the lower roof is low 
enough and close enough to be in the wind shadow 
(aerodynamic shade) region of the upper roof as 
sketched in Fig. C7-2. The provisions in Section 7.7.2 
are based upon a wind shadow region that trails 
from the upper roof at a 1 downward to 6 horizontal 
slope.

For windward drifts, the requirements of Section 
7.7.1 are to be used. However the resulting drift may 
be truncated by eliminating the drift in the horizontal 
separation region as sketched in Fig. C7-3.

C7.8 ROOF PROJECTIONS AND PARAPETS

Drifts around penthouses, roof obstructions, and 
parapet walls are also of the “windward step” type 
because the length of the upper roof is small or no 
upper roof exists. Solar panels, mechanical equipment, 
parapet walls, and penthouses are examples of roof 
projections that may cause “windward” drifts on the 
roof around them. The drift-load provisions in 
Sections 7.7 and 7.8 cover most of these situations 
adequately, but fl at-plate solar collectors may warrant 
some additional attention. Roofs equipped with 
several rows of them are subjected to additional snow 
loads. Before the collectors were installed, these roofs 
may have sustained minimal snow loads, especially if 
they were windswept. First, because a roof with 
collectors is apt to be somewhat “sheltered” by the 
collectors, it seems appropriate to assume the roof is 
partially exposed and calculate a uniform snow load 
for the entire area as though the collectors did not 
exist. Second, the extra snow that might fall on the 
collectors and then slide onto the roof should be 
computed using the “cold roofs-all other surfaces” 
curve in Fig. 7-2b. This value should be applied as 
a uniform load on the roof at the base of each 
collector over an area about 2 ft (0.6 m) wide along 
the length of the collector. The uniform load com-
bined with the load at the base of each collector 
probably represents a reasonable design load for 
such situations, except in very windy areas where 
extensive snow drifting is to be expected among the 
collectors. By elevating collectors several feet (a 
meter or more) above the roof on an open system of 
structural supports, the potential for drifting will be 
diminished signifi cantly. Finally, the collectors should 
be designed to sustain a load calculated by using the 
“unobstructed slippery surfaces” curve in Fig. 7-2a. 
This last load should not be used in the design of the 
roof because the heavier load of sliding snow from 
the collectors has already been considered. The 
infl uence of solar collectors on snow accumulation 
is discussed in Corotis et al. (1979) and O’Rourke 
(1979).

C7.9 SLIDING SNOW

Situations that permit snow to slide onto lower roofs 
should be avoided (Paine 1988). Where this is not 
possible, the extra load of the sliding snow should be 
considered. Roofs with little slope have been observed 
to shed snow loads by sliding. Consequently, it is 
prudent to assume that any upper roof sloped to an 
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unobstructed eave is a potential source of sliding 
snow.

The fi nal resting place of any snow that slides off 
a higher roof onto a lower roof will depend on the 
size, position, and orientation of each roof (Taylor 
1983). Distribution of sliding loads might vary from a 
uniform 5-ft (1.5-m) wide load, if a signifi cant 
vertical offset exists between the two roofs, to a 20-ft 
(6.1-m) wide uniform load, where a low-slope upper 
roof slides its load onto a second roof that is only a 
few feet (about a meter) lower or where snow drifts 
on the lower roof create a sloped surface that pro-
motes lateral movement of the sliding snow.

In some instances a portion of the sliding snow 
may be expected to slide clear of the lower roof. 
Nevertheless, it is prudent to design the lower roof for 
a substantial portion of the sliding load to account for 
any dynamic effects that might be associated with 
sliding snow.

Snow guards are needed on some roofs to prevent 
roof damage and eliminate hazards associated with 
sliding snow (Tobiasson et al. 1996). When snow 
guards are added to a sloping roof, snow loads on the 
roof can be expected to increase. Thus, it may be 
necessary to strengthen a roof before adding snow 
guards. When designing a roof that will likely need 
snow guards in the future, it may be appropriate to 
use the “all other surfaces” curves in Fig. 7-2 not the 
“unobstructed slippery surfaces” curves.

C7.10 RAIN-ON-SNOW SURCHARGE LOAD

The ground snow-load measurements on which this 
standard is based contain the load effects of light rain 
on snow. However, because heavy rains percolate 
down through snow packs and may drain away, they 
might not be included in measured values. Where pg 
is greater than 20 lb/ft2 (0.96 kN/m2), it is assumed 
that the full rain-on-snow effect has been measured 
and a separate rain-on-snow surcharge is not needed. 
The temporary roof load contributed by a heavy rain 
may be signifi cant. Its magnitude will depend on the 
duration and intensity of the design rainstorm, the 
drainage characteristics of the snow on the roof, the 
geometry of the roof, and the type of drainage 
provided. Loads associated with rain on snow are 
discussed in Colbeck (1977a and 1977b) and 
O’Rourke and Downey (2001).

Calculated rain-on-snow loading in O’Rourke 
and Downey (2001) show that the surcharge is an 
increasing function of eave to ridge distance and a 
decreasing function of roof slope. That is, rain-on-

snow surcharges are largest for wide, low-sloped 
roofs. The minimum slope refl ects that functional 
relationship.

The following example illustrates the evaluation 
of the rain-on-snow surcharge. Consider a monoslope 
roof with slope of 1/4 on 12 and a width of 100 ft 
with Ce = 1.0, Ct = 1.1, I = 1.2, and pg = 15 psf 
(0.72 kN/m2). Because Cs = 1.0 for a slope of 1/4 
on 12, ps = 0.7(1.0)(1.1)(1.0)(1.2)(15) = 14 psf 
(0.67 kN/m2). Because the roof slope 1.19° is less 
than 100/50 = 2.0, the 5 psf (0.24 kN/m2) surcharge 
is added to ps, resulting in a design load of 19 psf 
(0.91 kN/m2). Because the slope is less than 15°, the 
minimum load from 7.34 is I × pg = 1.2(15) = 18 psf 
(0.86 kN/m2). Hence the rain on snow modifi ed load 
controls.

C7.11 PONDING INSTABILITY

Where adequate slope to drain does not exist, or 
where drains are blocked by ice, snow meltwater and 
rain may pond in low areas. Intermittently heated 
structures in very cold regions are particularly 
susceptible to blockages of drains by ice. A roof 
designed without slope or one sloped with only 
1/8 in./ft (0.6°) to internal drains probably contains 
low spots away from drains by the time it is con-
structed. When a heavy snow load is added to such a 
roof, it is even more likely that undrained low spots 
exist. As rainwater or snow meltwater fl ows to such 
low areas, these areas tend to defl ect increasingly, 
allowing a deeper pond to form. If the structure 
does not possess enough stiffness to resist this 
progression, failure by localized overloading can 
result. This mechanism has been responsible for 
several roof failures under combined rain and snow 
loads.

It is very important to consider roof defl ections 
caused by snow loads when determining the likeli-
hood of ponding instability from rain-on-snow or 
snow meltwater.

Internally drained roofs should have a slope of at 
least 1/4 in./ft (1.19°) to provide positive drainage and 
to minimize the chance of ponding. Slopes of 1/4 in./
ft (1.19°) or more are also effective in reducing peak 
loads generated by heavy spring rain on snow. Further 
incentive to build positive drainage into roofs is 
provided by signifi cant improvements in the perfor-
mance of waterproofi ng membranes when they are 
sloped to drain.

Rain loads and ponding instability are discussed 
in detail in Chapter 8.
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C7.12 EXISTING ROOFS

Numerous existing roofs have failed when additions 
or new buildings nearby caused snow loads to 
increase on the existing roof. A prior (1988) edition 
of this standard mentioned this issue only in its 
commentary where it was not a mandatory provision. 
The 1995 edition moved this issue to the standard.

The addition of a gable roof alongside an existing 
gable roof as shown in Fig. C7-1 most likely explains 
why some such metal buildings failed in the South 
during the winter of 1992–1993. The change from a 
simple gable roof to a multiple folded plate roof 
increased loads on the original roof as would be 
expected from Section 7.6.3. Unfortunately, the 
original roofs were not strengthened to account for 
these extra loads and they collapsed.

If the eaves of the new roof in Fig. C7-1 had 
been somewhat higher than the eaves of the existing 
roof, the exposure factor Ce for the original roof may 
have increased, thereby increasing snow loads on it. 
In addition, drift loads and loads from sliding snow 
would also have to be considered.

C7.13 OTHER ROOFS AND SITES

Wind tunnel model studies, similar tests employing 
fl uids other than air, for example water fl umes, and 
other special experimental and computational methods 
have been used with success to establish design snow 
loads for other roof geometries and complicated sites 
(Irwin et al. 1992, Isyumou et al. 1992, and O’Rourke 
and Weitman 1992). To be reliable, such methods 
must reproduce the mean and turbulent characteristics 
of the wind and the manner in which snow particles 
are deposited on roofs then redistributed by wind 
action. Reliability should be demonstrated through 
comparisons with situations for which full-scale 
experience is available.

Examples. The following three examples 
illustrate the method used to establish design snow 
loads for some of the situations discussed in this 
standard. Additional examples are found in O’Rourke 
and Wrenn (2004).

Example 1: Determine balanced and unbalanced 
design snow loads for an apartment complex in a 
suburb of Hartford, Connecticut. Each unit has an 
8-on-12 slope unventilated gable roof. The building 
length is 100 ft (30.5 m) and the eave to ridge 
distance, W, is 30 ft (9.1 m). Composition shingles 
clad the roofs. Trees will be planted among the 
buildings.

Flat-Roof Snow Load:

 pf = 0.7CeCtIspg

where

 pg = 30 lb/ft2 (1.44 kN/m2) (from Fig. 7-1)
 Ce =  1.0 (from Table 7-2 for Terrain Category B and 

a partially exposed roof)
 Ct = 1.0 (from Table 7-3); and
 Is = 1.0 (from Table 1.5-2).

Thus:

 pf =  (0.7)(1.0)(1.0)(1.0)(30) = 21 lb/ft2 (balanced 
load)

in SI: pf = (0.7)(1.0)(1.0)(1.0)(1.44) = 1.01 kN/m2

Because the roof slope is greater than 15°, the 
minimum roof snow load, pm, does not apply (see 
Section 7.3.4).

Sloped-Roof Snow Load:

ps = Cspf where Cs = 0.91 (from solid line, Fig. 7-2a)

Thus:

ps = 0.91(21) = 19 lb/ft2

(in SI: ps = 0.91(1.01) = 0.92 kN/m2)

Unbalanced Snow Load: Because the roof slope 
is greater than 1/2 on 12 (2.38º), unbalanced loads 
must be considered. For pg = 30 psf (1.44 kN/m2) 
and W = lu = 30 ft (9.14 m), hd = 1.86 ft (0.56 m) 
from Fig. 7-9 and γ = 17.9 pcf (2.80 kN/m3) from 
Eq. 7-3. For an 8 on 12 roof, S = 1.5 and hence the 
intensity of the drift surcharge, hdγ/ S , is 27.2 psf 
(1.31 kN/m2) and its horizontal extent 8 S hd/3 is 
6.1 ft (1.87 m).

Rain on Snow Surcharge: A rain-on-snow 
surcharge load need not be considered because 
pg > 20 psf (0.96 kN/m2) (see Section 7.10). See 
Fig. C7-5 for both loading conditions.

Example 2: Determine the roof snow load for a 
vaulted theater that can seat 450 people, planned for a 
suburb of Chicago, Illinois. The building is the tallest 
structure in a recreation-shopping complex surrounded 
by a parking lot. Two large deciduous trees are 
located in an area near the entrance. The building has 
an 80-ft (24.4-m) span and 15-ft (4.6-m) rise circular 
arc structural concrete roof covered with insulation 
and aggregate surfaced built-up roofi ng. The unventi-
lated roofi ng system has a thermal resistance of 
20 ft2 hr °F/Btu (3.5 K m2/W). It is expected that the 
structure will be exposed to winds during its useful 
life.
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Flat-Roof Snow Load:

 pf = 0.7CeCtIpg

where

 pg = 25 lb/ft2 (1.20 kN/m2) (from Fig. 7-1)
 Ce =  0.9 (from Table 7-2 for Terrain Category B and 

a fully exposed roof)
 Ct = 1.0 (from Table 7-3)
 I = 1.1 (from Table 1.5-2)

Thus:

 pf = (0.7)(0.9)(1.0)(1.1)(25) = 17 lb/ft2

In SI: pf = (0.7)(0.9)(1.0)(1.1)(1.19) = 0.83 kN/m2

Tangent of vertical angle from eaves to crown = 5/40 
= 0.375

Angle = 21°.
Because the vertical angle exceeds 10°, the 

minimum roof snow load, pm, does not apply. See 
Section 7.3.4.

Sloped-Roof Snow Load:

 ps = Cspf

From Fig. 7-2a, Cs = 1.0 until slope exceeds 30°, 
which (by geometry) is 30 ft (9.1 m) from the 
centerline. In this area ps = 17(1) = 17 lb/ft2 (in SI ps 
= 0.83(1) = 0.83 kN/m2). At the eaves, where the 
slope is (by geometry) 41°, Cs = 0.72 and ps = 
17(0.72) = 12 lb/ft2 (in SI ps = 0.83(0.72) = 0.60 kN/
m2). Because slope at eaves is 41°, Case II loading 
applies.

Unbalanced Snow Load: Because the vertical 
angle from the eaves to the crown is greater than 10° 
and less than 60°, unbalanced snow loads must be 
considered.

Unbalanced load at crown
= 0.5 pf = 0.5(17) = 9 lb/ft2

 (in SI: = 0.5(0.83) = 0.41 kN/m2)

Unbalanced load at 30° point
= 2 pfCs/Ce = 2(17)(1.0)/0.9 = 38 lb/ft2

 (in SI: = 2(0.83)(1.0)/0.9 = 1.84 kN/m2)

Unbalanced load at eaves
= 2(17)(0.72)/0.9 = 27 lb/ft2

 (in SI: = 2(0.83)(0.72)/0.9 = 1.33 kN/m2)

Rain on Snow Surcharge: A rain-on-snow 
surcharge load need not be considered, since pg > 
20 psf (0.96 kN/m2) (see Section 7.10). See Fig. C7-6 
for both loading conditions.

Example 3: Determine design snow loads for 
the upper and lower fl at roofs of a building located 

where pg = 40 lb/ft2 (1.92 kN/m2). The elevation 
difference between the roofs is 10 ft (3 m). The 
100 ft × 100 ft (30.5 m × 30.5 m) unventilated high 
portion is heated and the 170 ft wide (51.8 m), 100 ft 
(30.5 m) long low portion is an unheated storage area. 
The building is in an industrial park in fl at open 
country with no trees or other structures offering 
shelter.

High Roof:

 pf = 0.7CeCtIpg

where

 pg = 40 lb/ft2 (1.92 kN/m2) (given)
 Ce = 0.9 (from Table 7-2)
 Ct = 1.0 (from Table 7-3)
 I = 1.0 (from Table 1.5-2)

Thus:

 pf = 0.7(0.9)(1.0)(1.0)(40) = 25 lb/ft2

(in SI: pf = 0.7(0.9)(1.0)(1.0)(1.92) = 1.21 kN/m2)

Because pg = 40 lb/ft2 (1.92 kN/m2) and Is = 1.0, the 
minimum roof snow load value of pm = 20(1.0) = 
20 lb/ft2 (0.96 kN/m2) and hence does not control 
(see Section 7.3.4).

Low Roof:

 pf = 0.7CeCtIpg

where

 pg = 40 lb/ft2 (1.92 kN/m2) (given)
 Ce =  1.0 (from Table 7-2) partially exposed due to 

presence of high roof
 Ct = 1.2 (from Table 7-3)
 I = 0.8 (from Table 1.5-2)

Thus:

 pf = 0.7(1.0)(1.2)(0.8)(40) = 27 lb/ft2

In SI: pf = 0.7(1.0)(1.2)(0.8)(1.92) = 1.29 kN/m2

Because pg = 40 lb/ft2 (1.92 kN/m2) and Is = 0.8, 
the minimum roof snow load value of pm = 20(0.8) = 
16 lb/ft2 (0.77 kN/m2) and hence does not control (see 
Section 7.3.4).

Drift Load Calculation:

γ = 0.13(40) + 14 = 19 lb/ft3

(in SI: γ = 0.426(1.92) + 2.2 = 3.02 kN/m3

hb = pf /19 = 27/19 = 1.4 ft
(in SI: hb = 1.29/3.02 = 0.43 m)

hc = 10 – 1.4 = 8.6 ft
(in SI: hc = 3.05 – 0.43 = 2.62 m)
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hc/hb = 8.6/1.4 = 6.1
(in SI: hc/hb = 2.62/0.43 = 6.1)

Because hc/hb ≥ 0.2 drift loads must be consid-
ered (see Section 7.7.1).

hd (leeward step) = 3.8 ft (1.16 m)
(Fig. 7-9 with pg = 40 lb/ft2 (1.92 kN/m2)
and lu = 100 ft [30.5 m])

hd (windward step) = 3/4 × 4.8 ft (1.5 m)
= 3.6 ft (1.1 m) (4.8 ft [1.5 m]
from Fig. 7-9 with pg = 40 lb/ft2 [1.92 kN/m2]
and lu = length of lower roof = 170 ft [52 m])

Leeward drift governs, use hd = 3.8 ft (1.16 m)
Because hd < hc,

hd = 3.8 ft (1.16 m)
w = 4hd = 15.2 ft (4.64 m), say 15 ft (4.6 m)
pd = hdγ = 3.8(19) = 72 lb/ft2

(in SI: pd = 1.16(3.02) = 3.50 kN/m2)

Rain on Snow Surcharge: A rain-on-snow 
surcharge load need not be considered because pg is 
greater than 20 lb/ft2 (0.96 kN/m2). See Fig. C7-7 for 
snow loads on both roofs.
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FIGURE C7-1 Valley in Which Snow will Drift is Created When New Gable Roof is Added alongside 
Existing Gable Roof.

FIGURE C7-2 Leeward Snow Drift on Adjacent Roof, Seperation S < 20 Ft. (A) Elevation View, S ≥ 6H; 
Lower Roof above Wind Shadow (Aerodynamic Shade) Region, No Leeward Drift on Lower Roof. 
(B) Elevation View, S < 6H; Lower Roof within Wind Shadow (Aerodynamic Shade) Region, Leeward Drift 
on Lower Roof; Drift Length Is the Smaller of (6H − S) and 6HD.
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FIGURE C7-3 Windward Snow Drift on Adjacent Roof, Seperation S < 20 Ft.
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FIGURE C7-6 Design Snow Loads for Example 2.

FIGURE C7-5 Design Snow Loads for Example 1.
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FIGURE C7-7 Design Snow Loads for Example 3.
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Table C7-1 Ground Snow Loads at 204 National Weather Service Locations Where Load Measurements 
are Made

Ground Snow Load (lb/ft2)

Location
Years of 
record

Maximum 
observed

2% Annual 
probabilitya

ALABAMA
 Birmingham 40 4 3
 Huntsville 33 7 5
 Mobile 40 1 1
ARIZONA
 Flagstaff 38 88 48
 Tucson 40 3 3
 Winslow 39 12 7
ARKANSAS
 Fort Smith 37 6 5
 Little Rock 24 6 6
CALIFORNIA
 Bishop 31 6 8
 Blue Canyon 26 213 242
 Mt. Shasta 32 62 62
 Red Bluff 34 3 3
COLORADO
 Alamosa 40 14 14
 Colorado Springs 39 16 14
 Denver 40 22 18
 Grand Junction 40 18 16
 Pueblo 33 7 7
CONNECTICUT
 Bridgeport 39 21 24
 Hartford 40 23 33
 New Haven 17 11 15
DELAWARE
 Wilmington 39 12 16
GEORGIA
 Athens 40 6 5
 Atlanta 39 4 3
 Augusta 40 8 7
 Columbus 39 1 1
 Macon 40 8 7
 Rome 28 3 3
IDAHO
 Boise 38 8 9
 Lewiston 37 6 9
 Pocatello 40 12 10
ILLINOIS
 Chicago-O’Hare 32 25 17
 Chicago 26 37 22
 Moline 39 21 19
 Peoria 39 27 15
 Rockford 26 31 19
 Springfi eld 40 20 21
INDIANA
 Evansville 40 12 17
 Fort Wayne 40 23 20
 Indianapolis 40 19 22
 South Bend 39 58 41

Ground Snow Load (lb/ft2)

Location
Years of 
record

Maximum 
observed

2% Annual 
probabilitya

IOWA
 Burlington 11 15 17
 Des Moines 40 22 22
 Dubuque 39 34 32
 Sioux City 38 28 28
 Waterloo 33 25 32
KANSAS
 Concordia 30 12 17
 Dodge City 40 10 14
 Goodland 39 12 15
 Topeka 40 18 17
 Wichita 40 10 14
KENTUCKY
 Covington 40 22 13
 Jackson 11 12 18
 Lexington 40 15 13
 Louisville 39 11 12
LOUISIANA
 Alexandria 17 2 2
 Shreveport 40 4 3
MAINE
 Caribou 34 68 95
 Portland 39 51 60
MARYLAND
 Baltimore 40 20 22
MASSACHUSETTS
 Boston 39 25 34
 Nantucket 16 14 24
 Worcester 33 29 44
 Columbus 40 11 11
 Dayton 40 18 11
 Mansfi eld 30 31 17
 Toledo Express 36 10 10
 Youngstown 40 14 10
MICHIGAN
 Alpena 31 34 48
 Detroit City 14 6 10
 Detroit Airport 34 27 18
 Detroit-Willow 12 11 22
 Flint 37 20 24
 Grand Rapids 40 32 36
 Houghton Lake 28 33 48
 Lansing 35 34 36
 Marquette 16 44 53
 Muskegon 40 40 51
 Sault Ste. Marie 40 68 77
MINNESOTA
 Duluth 40 55 63
 International Falls 40 43 44
 Minneapolis-St. Paul 40 34 51
 Rochester 40 30 47
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Table C7-1 (Continued)

Ground Snow Load (lb/ft2)

Location
Years of 
record

Maximum 
observed

2% Annual 
probabilitya

 St. Cloud 40 40 53
MISSISSIPPI
 Jackson 40 3 3
 Meridian 39 2 2
MISSOURI
 Columbia 39 19 20
 Kansas City 40 18 18
 St. Louis 37 28 21
 Springfi eld 39 14 14
MONTANA
 Billings 40 21 15
 Glasgow 40 18 19
 Great Falls 40 22 15
 Havre 26 22 24
 Helena 40 15 17
 Kalispell 29 27 45
 Missoula 40 24 22
NEBRASKA
 Grand Island 40 24 23
 Lincoln 20 15 22
 Norfolk 40 28 25
 North Platte 39 16 13
 Omaha 25 23 20
 Scottsbluff 40 10 12
 Valentine 26 26 22
NEVADA
 Elko 12 12 20
 Ely 40 10 9
 Las Vegas 39 3 3
 Reno 39 12 11
 Winnemucca 39 7 7
NEW HAMPSHIRE
 Concord 40 43 63
NEW JERSEY
 Atlantic City 35 12 15
 Newark 39 18 15
NEW MEXICO
 Albuquerque 40 6 4
 Clayton 34 8 10
 Roswell 22 6 8
NEW YORK
 Albany 40 26 27
 Binghamton 40 30 35
 Buffalo 40 41 39
 NYC – Kennedy 18 8 15
 NYC – LaGuardia 40 23 16
 Rochester 40 33 38
 Syracuse 40 32 32
NORTH CAROLINA
 Asheville 28 7 14
 Cape Hatteras 34 5 5

Ground Snow Load (lb/ft2)

Location
Years of 
record

Maximum 
observed

2% Annual 
probabilitya

 Charlotte 40 8 11
 Greensboro 40 14 11
 Raleigh-Durham 36 13 14
 Wilmington 39 14 7
 Winston-Salem 12 14 20
NORTH DAKOTA
 Bismark 40 27 27
 Fargo 39 27 41
 Williston 40 28 27
OHIO
 Akron-Canton 40 16 14
 Cleveland 40 27 19
 Austin 39 2 2
 Dallas 23 3 3
 El Paso 38 8 8
 Fort Worth 39 5 4
 Lubbock 40 9 11
 Midland 38 4 4
 San Angelo 40 3 3
 San Antonio 40 9 4
 Waco 40 3 2
 Wichita Falls 40 4 5
OKLAHOMA
 Oklahoma City 40 10 8
 Tulsa 40 5 8
OREGON
 Astoria 26 2 3
 Burns City 39 21 23
 Eugene 37 22 10
 Medford 40 6 6
 Pendleton 40 9 13
 Portland 39 10 8
 Salem 39 5 7
 Sexton Summit 14 48 64
PENNSYLVANIA
 Allentown 40 16 23
 Erie 32 20 18
 Harrisburg 19 21 23
 Philadelphia 39 13 14
 Pittsburgh 40 27 20
 Scranton 37 13 18
 Williamsport 40 18 21
RHODE ISLAND
 Providence 39 22 23
SOUTH CAROLINA
 Charleston 39 2 2
 Columbia 38 9 8
 Florence 23 3 3
 Greenville-Spartanburg 24 6 7
SOUTH DAKOTA
 Aberdeen 27 23 43

Continued
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Table C7-1 (Continued)

Table C7-2 Comparison of Some Site-Specifi c Values and Zoned Values in Fig. 7.1

Elevation Zoned Value Case Study Valuea

State Location ft (m) lb/ft2 (kN/m2) lb/ft2 (kN/m2)

California Mount Hamilton 4,210 (1,283) 0 to 2,400 ft (732 m) 30 (1.44)
0 to 3,500 ft (1,067 m)

Arizona Palisade Ranger Station 7,950 (2,423) 5 to 4,600 ft (0.24 to 1,402 m) 120 (5.75)
10 to 5,000 ft (0.48 to 1,524 m)

Tennessee Monteagle 1,940 (591) 10 to 1,800 ft (0.48 to 549 m) 15 (0.72)
Maine Sunday River Ski Area 900 (274) 90 to 700 ft (4.31 to 213 m) 100 (4.79)

aBased on a detailed study of information in the vicinity of each location.

Table C7-3 Factors for Converting from Other Annual Probabilities of Being Exceeded, and Other Mean 
Recurrence Intervals, to That Used in This Standard

Annual Probability of Being Exceeded (%) Mean Recurrence Interval (yr) Multiplication Factor

10 10 1.82
4 25 1.20
3.3 30 1.15
1 100 0.82

Ground Snow Load (lb/ft2)

Location
Years of 
record

Maximum 
observed

2% Annual 
probabilitya

 Huron 40 41 46
 Rapid City 40 14 15
 Sioux Falls 39 40 40
TENNESSEE
 Bristol 40 7 9
 Chattanooga 40 6 6
 Knoxville 40 10 9
 Memphis 40 7 6
 Nashville 40 6 9
TEXAS
 Abilene 40 6 6
 Amarillo 39 15 10
UTAH
 Milford 23 23 14
 Salt Lake City 40 11 11
 Wendover 13 2 3
VERMONT
 Burlington 40 43 36
VIRGINIA
 Dulles Airport 29 15 23
 Lynchburg 40 13 18
 National Airport 40 16 22
 Norfolk 38 9 10
 Richmond 40 11 16

Ground Snow Load (lb/ft2)

Location
Years of 
record

Maximum 
observed

2% Annual 
probabilitya

 Roanoke 40 14 20
WASHINGTON
 Olympia 40 23 22
 Quillayute 25 21 15
 Seattle-Tacoma 40 15 18
 Spokane 40 36 42
 Stampede Pass 36 483 516
 Yakima 39 19 30
WEST VIRGINIA
 Beckley 20 20 30
 Charleston 38 21 18
 Elkins 32 22 18
 Huntington 30 15 19
WISCONSIN
 Green Bay 40 37 36
 La Crosse 16 23 32
 Madison 40 32 35
 Milwaukee 40 34 29
WYOMING
 Casper 40 9 10
 Cheyenne 40 18 18
 Lander 39 26 24
 Sheridan 40 20 23

aIt is not appropriate to use only the site-specifi c information in this table for design purposes. Reasons are given in Section C7.2.
NOTE: To convert lb/ft2 to kN/m2, multiply by 0.0479.
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Chapter C8

RAIN LOADS

overfl ow scuppers to reduce the magnitude of the 
design rain load. Where geometry permits, free 
discharge is the preferred form of emergency 
drainage.

When determining these water loads, it is 
assumed that the roof does not defl ect. This eliminates 
complexities associated with determining the distribu-
tion of water loads within defl ection depressions. 
However, it is quite important to consider this water 
when assessing ponding instability in Section 8.4.

The depth of water, dh, above the inlet of the 
secondary drainage system (i.e., the hydraulic head) is 
a function of the rainfall intensity, i, at the site, the 
area of roof serviced by that drainage system, and the 
size of the drainage system.

The fl ow rate through a single drainage system is 
as follows:

 Q = 0.0104A i (C8-1)

(in SI: Q = 0.278 × 10–6 A i)
The hydraulic head, dh, is related to fl ow rate, Q, 

for various drainage systems in Table C8-1. That table 
indicates that dh can vary considerably depending on 
the type and size of each drainage system and the 
fl ow rate it must handle. For this reason the single 
value of 1 in. (25 mm) (i.e., 5 lb/ft2 (0.24 kN/m2)) 
used in ASCE 7-93 has been eliminated.

The hydraulic head, dh, is zero when the second-
ary drainage system is simply overfl ow all along a 
roof edge.

C8.4 PONDING INSTABILITY

Water may accumulate as ponds on relatively fl at 
roofs. As additional water fl ows to such areas, the 
roof tends to defl ect more, allowing a deeper pond to 
form there. If the structure does not possess enough 
stiffness to resist this progression, failure by localized 
overloading may result. Haussler (1962), Chinn 
(1965), Marino (1966), Salama and Moody (1967), 
Sawyer (1967), Chinn et al. (1969), Sawyer (1969), 
Heinzerling (1971), Burgett (1973), AITC (1978), 
Associate Committee on the National Building Code 
(1990), Factory Mutual Engineering Corp. (1991), 
SBCCI (1991), BOCA (1993), AISC (2005), and SJI 
(2007) contain information on ponding and its 
importance in the design of fl exible roofs. Rational 

C8.1 SYMBOLS

 A =  roof area serviced by a single drainage system, in 
ft2 (m2)

 i =  design rainfall intensity as specifi ed by the code 
having jurisdiction, in./h (mm/h)

 Q =  fl ow rate out of a single drainage system, in gal/
min (m3/s)

C8.2 ROOF DRAINAGE

Roof drainage systems are designed to handle all the 
fl ow associated with intense, short-duration rainfall 
events. For example, the BOCA (1993) and Factory 
Mutual Engineering Corp. (1991) use a 1-h duration 
event with a 100-yr return period; SBCCI (1991) uses 
1-h and 15-min duration events with 100-yr return 
periods for the primary and secondary drainage 
systems, respectively, and Associate Committee on 
the National Building Code (1990) uses a 15-min 
event with a 10-yr return period. A very severe local 
storm or thunderstorm may produce a deluge of such 
intensity and duration that properly designed primary 
drainage systems are temporarily overloaded. Such 
temporary loads are adequately covered in design 
when blocked drains (see Section 8.3) and ponding 
instability (see Section 8.4) are considered.

Roof drainage is a structural, architectural, and 
mechanical (plumbing) issue. The type and location of 
secondary drains and the hydraulic head above their 
inlets at the design fl ow must be known in order to 
determine rain loads. Design team coordination is 
particularly important when establishing rain loads.

C8.3 DESIGN RAIN LOADS

The amount of water that could accumulate on a roof 
from blockage of the primary drainage system is 
determined and the roof is designed to withstand the 
load created by that water plus the uniform load 
caused by water that rises above the inlet of the 
secondary drainage systems at its design fl ow. If 
parapet walls, cant strips, expansion joints, and other 
features create the potential for deep water in an area, 
it may be advisable to install in that area secondary 
(overfl ow) drains with separate drain lines rather than 
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design methods to preclude instability from ponding 
are presented in AISC (2005) and SJI (2007).

Regardless of roof slope, if water is impounded 
on the roof in order to reach a secondary drainage 
system, ponding instability can occur. Where such 
impounded water situations exist, the bay is consid-
ered a susceptible bay. Shown in Fig. C8.3 are typical 
susceptible bays for a roof with slope of 1/4 in./ft or 
greater. For the same structure with a roof slope less 
than 1/4 in./ft, all bays are susceptible. Figure C8.4 
shows a roof with perimeter overfl ow (secondary) 
drains and interior primary drains. Irrespective of the 
roof slope, all bays are susceptible. Susceptible bays 
must be checked to preclude ponding instability.

C8.5 CONTROLLED DRAINAGE

In some areas of the country, ordinances are in effect 
that limit the rate of rainwater fl ow from roofs into 
storm drains. Controlled-fl ow drains are often used on 
such roofs. Those roofs must be capable of sustaining 
the storm water temporarily stored on them. Many 
roofs designed with controlled-fl ow drains have a 
design rain load of 30 lb/ft2 (1.44 kN/m2) and are 
equipped with a secondary drainage system (for 
example, scuppers) that prevents water depths (ds + 
dh) greater than 5.75 in. (145 mm) on the roof.

Examples
The following two examples illustrate the method 
used to establish design rain loads based on Chapter 8 
of this standard.

Example 1: Determine the design rain load, R, 
at the secondary drainage for the roof plan shown in 
Fig. C8-1, located at a site in Birmingham, AL. The 
design rainfall intensity, i, specifi ed by the plumbing 
code for a 100-yr, 1-h rainfall is 3.75 in./h (95 mm/h). 
The inlet of the 4 in. diameter (102 mm) secondary 
roof drains are set 2 in. (51 mm) above the roof 
surface.

Flow rate, Q, for the secondary drainage 4 in. 
diameter (102 mm) roof drain:

 Q = 0.0104A i (C8-1)

Q = 0.0104(2,500)(3.75) = 97.5 gal/min (0.0062 m3/s)

Hydraulic head, dh:
Using Table C8-1, for a 4 in. diameter (102 mm) 

roof drain with a fl ow rate of 97.5 gal/min 
(0.0062 m3/s) interpolate between a hydraulic head 
of 1 and 2 in. (25 mm and 51 mm) as follows:

 dh = 1 + [(97.5 – 80) ÷ (170 – 80)] = 1.19 in. (30.2 mm)

Static head ds = 2 in. (51 mm); the water depth from 
drain inlet to the roof surface.

Design rain load, R, adjacent to the drains:

 R = 5.2(ds + dh) (8-1)

R = 5.2(2 + 1.19) = 16.6 psf (0.80 kN/m2)

Example 2: Determine the design rain load, R, 
at the secondary drainage for the roof plan shown 
in Fig. C8-2, located at a site in Los Angeles, CA. 
The design rainfall intensity, i, specifi ed by the 
plumbing code for a 100-yr, 1-h rainfall is 1.5 in./h 
(38 mm/h). The inlet of the 12 in. (305 mm) 
secondary roof scuppers are set 2 in. (51 mm) 
above the roof surface.

Flow rate, Q, for the secondary drainage, 12 in. 
(305 mm) wide channel scupper:

 Q = 0.0104A i (C8-1)

Q = 0.0104(11,500)(1.5) = 179 gal/min (0.0113 m3/s)

Hydraulic head, dh:
Using Tables C8-1 and C8-2, by interpolation, 

the fl ow rate for a 12 in. (305 mm) wide channel 
scupper is twice that of a 6 in. (152 mm) wide 
channel scupper. Using Tables C8-1 and C8-2, the 
hydraulic head, dh, for one-half the fl ow rate, Q, or 
90 gal/min (0.0057 m3/s), through a 6 in. (152 mm) 
wide channel scupper is 3 in. (76 mm).

dh = 3 in. (76 mm) for a 12 in. wide (305 mm) 
channel scupper with a fl ow rate, Q, of 179 gal/min 
(0.0113 m3/s).

Static head, ds = 2 in. (51 mm); depth of water 
from the scupper inlet to the roof surface.

Design rain load, R, adjacent to the scuppers:

 R = 5.2(dh + ds)

R = 5.2(2 + 3) = 26 psf (1.2 kN/m2)
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 FIGURE C8-1 Example 1 Roof Plan. FIGURE C8-2 Example 2 Roof Plan.
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Figure C8.3 Susceptible Bays for Ponding Evaluation for Roof with Slope of ¼ In./Ft or Greater.

Figure C8-4 Roof with Slope of ¼ In./Ft or More. All Bays Susceptible to Ponding.
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Table C8-2 in Si, Flow Rate, Q, in Cubic Meters Per Second of Various Drainage Systems at Various 
Hydraulic Heads, dh in Millimeters

Hydraulic Head dh, mm

Drainage System 25 51 64 76 89 102 114 127 178 203
102 mm diameter drain .0051 .0107 .0114
152 mm diameter drain .0063 .0120 .0170 .0240 .0341
203 mm diameter drain .0079 .0145 .0214 .0353 .0536 .0694 .0738
152 mm wide, channel scupperb .0011 .0032 a .0057 a .0088 a .0122 .0202 .0248
610 mm wide, channel scupper .0045 .0126 a .0227 a .0353 a .0490 .0810 .0992
152 mm wide, 102 mm high, closed scupperb .0011 .0032 a .0057 a .0088 a .0112 .0146 .0160
610 mm wide, 102 mm high, closed scupper .0045 .0126 a .0227 a .0353 a .0447 .0583 .0638
152 mm wide, 152 mm high, closed scupper .0011 .0032 a .0057 a .0088 a .0122 .0191 .0216
610 mm wide, 152 mm high, closed scupper .0045 .0126 a .0227 a .0353 a .0490 .0765 .0866

a Interpolation is appropriate, including between widths of each scupper.
b Channel scuppers are open-topped (i.e., 3-sided). Closed scuppers are 4-sided.

Table C8-1 Flow Rate, Q, in Gallons Per Minute of Various Drainage Systems at Various Hydraulic Heads, 
dh in Inches (Factory Mutual Engineering Corp. 1991)

Hydraulic Head dh, in.

Drainage System 1 2 2.5 3 3.5 4 4.5 5 7 8
4 in. diameter drain 80 170 180
6 in. diameter drain 100 190 270 380 540
8 in. diameter drain 125 230 340 560 850 1,100 1,170
6 in. wide, channel scupperb 18 50 a 90 a 140 a 194 321 393
24 in. wide, channel scupper 72 200 a 360 a 560 a 776 1,284 1,572
6 in. wide, 4 in. high, closed scupperb 18 50 a 90 a 140 a 177 231 253
24 in. wide, 4 in. high, closed scupper 72 200 a 360 a 560 a 708 924 1,012
6 in. wide, 6 in. high, closed scupper 18 50 a 90 a 140 a 194 303 343
24 in. wide, 6 in. high, closed scupper 72 200 a 360 a 560 a 776 1,212 1,372

aInterpolation is appropriate, including between widths of each scupper.
bChannel scuppers are open-topped (i.e., 3-sided). Closed scuppers are 4-sided.
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Chapter C10

ICE LOADS—ATMOSPHERIC ICING

climatology for the 48 contiguous states based on 
recent meteorological data.

C10.1.1 Site-Specifi c Studies
In-cloud icing may cause signifi cant loadings on 

ice-sensitive structures in mountainous regions and for 
very tall structures in other areas. Mulherin (1996) 
reports that of 120 communications tower failures in 
the United States due to atmospheric icing, 38 were 
due to in-cloud icing, and in-cloud icing combined 
with freezing rain caused an additional 26 failures. 
In-cloud ice accretion is very sensitive to the degree 
of exposure to moisture-laden clouds, which is related 
to terrain, elevation, and wind direction and velocity. 
Large differences in accretion size can occur over a 
few hundred feet and cause severe load unbalances in 
overhead wire systems. Advice from a meteorologist 
familiar with the area is particularly valuable in these 
circumstances. In Arizona, New Mexico, and the 
panhandles of Texas and Oklahoma, the United States 
Forest Service specifi es ice loads due to in-cloud 
icing for towers constructed at specifi c mountaintop 
sites (U.S. Forest Service 1994). Severe in-cloud 
icing has been observed in southern California 
(Mallory and Leavengood 1983a and 1983b), eastern 
Colorado (NOAA Feb. 1978), the Pacifi c Northwest 
(Winkleman 1974, Richmond et al. 1977, and Sinclair 
and Thorkildson 1980), Alaska (Ryerson and Claffey 
1991), and the Appalachians (Ryerson 1987, 1988a, 
1988b, and 1990 and Govoni 1990).

Snow accretions also can result in severe struc-
tural loads and may occur anywhere snow falls, even 
in localities that may experience only one or two 
snow events per year. Some examples of locations 
where snow accretion events resulted in signifi cant 
damage to structures are Nebraska (NPPD 1976), 
Maryland (Mozer and West 1983), Pennsylvania 
(Goodwin et al. 1983), Georgia and North Carolina 
(Lott 1993), Colorado (McCormick and Pohlman 
1993), Alaska (Peabody and Wyman 2005), and the 
Pacifi c Northwest (Hall 1977 and Richmond et al. 
1977).

For Alaska, available information indicates that 
moderate to severe snow and in-cloud icing can be 
expected. The measurements made by Golden Valley 
Electric Association (Jones et al. 2002) are consistent 
in magnitude with visual observations across a broad 
area of central Alaska (Peabody 1993). Several 

C10.1 GENERAL

In most of the contiguous United States, freezing rain 
is considered the cause of the most severe ice loads. 
Values for ice thicknesses due to in-cloud icing and 
snow suitable for inclusion in this standard are not 
currently available.

Very few sources of direct information or 
observations of naturally occurring ice accretions 
(of any type) are available. Bennett (1959) presents 
the geographical distribution of the occurrence of 
ice on utility wires from data compiled by various 
railroad, electric power, and telephone associations 
in the 9-yr period from the winter of 1928–1929 to 
the winter of 1936–1937. The data includes measure-
ments of all forms of ice accretion on wires including 
glaze ice, rime ice, and accreted snow, but does not 
differentiate between them. Ice thicknesses were 
measured on wires of various diameters, heights 
above ground, and exposures. No standardized 
technique was used in measuring the thickness. The 
maximum ice thickness observed during the 9-yr 
period in each of 975 squares, 60 mi (97 km) on a 
side, in a grid covering the contiguous United States 
is reported. In every state except Florida, thickness 
measurements of accretions with unknown densities 
of approximately one radial inch were reported. 
Information on the geographical distribution of the 
number of storms in this 9-yr period with ice accre-
tions greater than specifi ed thicknesses is also 
included.

Tattelman and Gringorten (1973) reviewed ice 
load data, storm descriptions, and damage estimates 
in several meteorological publications to estimate 
maximum ice thicknesses with a 50-yr Mean 
Recurrence Interval in each of seven regions in the 
United States. Storm Data (NOAA 1959–Present) 
is a monthly publication that describes damage from 
storms of all sorts throughout the United States. The 
compilation of this qualitative information on storms 
causing damaging ice accretions in a particular region 
can be used to estimate the severity of ice and 
wind-on-ice loads. The Electric Power Research 
Institute has compiled a database of icing events from 
the reports in Storm Data (Shan and Marr 1996). 
Damage severity maps were also prepared.

Bernstein and Brown (1997) and Robbins and 
Cortinas (1996) provide information on freezing rain 
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meteorological studies using an ice accretion model to 
estimate ice loads have been performed for high-volt-
age transmission lines in Alaska (Gouze and Rich-
mond 1982a and 1982b, Richmond 1985, 1991, and 
1992, and Peterka et al. 1996). Estimated 50-yr mean 
recurrence interval accretion thicknesses from snow 
range from 1.0 to 5.5 in. (25 to 140 mm), and 
in-cloud ice accretions from 0.5 to 6.0 in. (12 to 
150 mm). The assumed accretion densities for snow 
and in-cloud ice accretions, respectively, were 5 to 
31 lb/ft3 (80 to 500 kg/m3) and 25 lb/ft3 (400 kg/m3). 
These loads are valid only for the particular regions 
studied and are highly dependent on the elevation and 
local terrain features.

In Hawaii, for areas where freezing rain (Wylie 
1958), snow, and in-cloud icing are known to occur at 
higher elevations, site-specifi c meteorological investi-
gations are needed.

Local records and experience should be consid-
ered when establishing the design ice thickness, 
concurrent wind speed, and concurrent temperature. In 
determining equivalent radial ice thicknesses from 
historical weather data, the quality, completeness, and 
accuracy of the data should be considered along with 
the robustness of the ice accretion algorithm. Meteo-
rological stations may be closed by ice storms because 
of power outages, anemometers may be iced over, and 
hourly precipitation data recorded only after the storm 
when the ice in the rain gauge melts. These problems 
are likely to be more severe at automatic weather 
stations where observers are not available to estimate 
the weather parameters or correct erroneous readings. 
Note also that (1) air temperatures are recorded only 
to the nearest 1 °F, at best, and may vary signifi cantly 
from the recorded value in the region around the 
weather station; (2) the wind speed during freezing 
rain has a signifi cant effect on the accreted ice load 
on objects oriented perpendicular to the wind direc-
tion; (3) wind speed and direction vary with terrain 
and exposure; (4) enhanced precipitation may occur 
on the windward side of mountainous terrain; and (5) 
ice may remain on the structure for days or weeks 
after freezing rain ends, subjecting the iced structure 
to wind speeds that may be signifi cantly higher than 
those that accompanied the freezing rain. These 
factors should be considered both in estimating the 
accreted ice thickness at a weather station in past 
storms and in extrapolating those thicknesses to a 
specifi c site.

In using local data, it must also be emphasized 
that sampling errors can lead to large uncertainties in 
the specifi cation of the 50-yr ice thickness. Sampling 
errors are the errors associated with the limited size of 

the climatological data samples (years of record). 
When local records of limited extent are used to 
determine extreme ice thicknesses, care should be 
exercised in their use.

A robust ice accretion algorithm will not be 
sensitive to small changes in input variables. For 
example, because temperatures are normally recorded 
in whole degrees, the calculated amount of ice 
accreted should not be sensitive to temperature 
changes of fractions of a degree.

C10.1.2 Dynamic Loads
While design for dynamic loads is not specifi cally 

addressed in this edition of the standard, the effects of 
dynamic loads are an important consideration for 
some ice-sensitive structures and should be considered 
in the design when they are anticipated to be signifi -
cant. For example, large amplitude galloping (Rawlins 
1979 and Section 6.2 of Simiu and Scanlan 1996) of 
guys and overhead cable systems occurs in many 
areas. The motion of the cables can cause damage due 
to direct impact of the cables on other cables or 
structures and can also cause damage due to wear and 
fatigue of the cables and other components of the 
structure (White 1999). Ice shedding from the guys on 
guyed masts can cause substantial dynamic loads in 
the mast.

C10.1.3 Exclusions
Additional guidance is available in ASCE (1982) 

and CSA (1987 and 1994).

C10.2 DEFINITIONS

FREEZING RAIN: Freezing rain occurs when warm 
moist air is forced over a layer of subfreezing air at 
the earth’s surface. The precipitation usually begins as 
snow that melts as it falls through the layer of warm 
air aloft. The drops then cool as they fall through the 
cold surface air layer and freeze on contact with 
structures or the ground. Upper air data indicates that 
the cold surface air layer is typically between 1,000 
and 3,900 ft (300 and 1,200 m) thick (Young 1978), 
averaging 1,600 ft (500 m) (Bocchieri 1980). The 
warm air layer aloft averages 5,000 ft (1,500 m) thick 
in freezing rain, but in freezing drizzle the entire 
temperature profi le may be below 32 °F (0 °C) 
(Bocchieri 1980).

Precipitation rates and wind speeds are typically 
low to moderate in freezing rain storms. In freezing 
rain the water impingement rate is often greater than 
the freezing rate. The excess water drips off and may 
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freeze as icicles, resulting in a variety of accretion 
shapes that range from a smooth cylindrical sheath, 
through a crescent on the windward side with icicles 
hanging on the bottom, to large irregular protuber-
ances, see Fig. C10-1. The shape of an accretion 
depends on a combination of varying meteorological 
factors and the cross-sectional shape of the structural 
member, its spatial orientation, and fl exibility.

Note that the theoretical maximum density of ice 
(917 kg/m3 or 57 lb/ft3) is never reached in naturally 
formed accretions due to the presence of air bubbles.

HOARFROST: Hoarfrost, which is often 
confused with rime, forms by a completely different 
process. Hoarfrost is an accumulation of ice crystals 
formed by direct deposition of water vapor from the 
air on an exposed object. Because it forms on objects 
with surface temperatures that have fallen below the 
frost point (a dew point temperature below freezing) 
of the surrounding air due to strong radiational 
cooling, hoarfrost is often found early in the morning 
after a clear, cold night. It is feathery in appearance 
and typically accretes up to about 1 in. (25 mm) in 
thickness with very little weight. Hoarfrost does not 
constitute a signifi cant loading problem; however, it is 
a very good collector of supercooled fog droplets. In 
light winds a hoarfrost-coated wire may accrete rime 
faster than a bare wire (Power 1983).

ICE-SENSITIVE STRUCTURES: Ice-sensitive 
structures are structures for which the load effects 
from atmospheric icing control the design of part or 
all of the structural system. Many open structures are 
effi cient ice collectors, so ice accretions can have a 
signifi cant load effect. The sensitivity of an open 
structure to ice loads depends on the size and number 

of structural members, components, and appurte-
nances and also on the other loads for which the 
structure is designed. For example, the additional 
weight of ice that may accrete on a heavy wide-fl ange 
member will be smaller in proportion to the dead load 
than the same ice thickness on a light angle member. 
Also, the percentage increase in projected area for 
wind loads will be smaller for the wide-fl ange 
member than for the angle member. For some open 
structures other design loads, for example, snow loads 
and live loads on a catwalk fl oor, may be larger than 
the design ice load.

IN-CLOUD ICING: This icing condition occurs 
when a cloud or fog (consisting of supercooled water 
droplets 100 m or less in diameter) encounters a 
surface that is at or below-freezing temperature. It 
occurs in mountainous areas where adiabatic cooling 
causes saturation of the atmosphere to occur at 
temperatures below freezing, in free air in super-
cooled clouds, and in supercooled fogs produced by a 
stable air mass with a strong temperature inversion. 
In-cloud ice accretions can reach thicknesses of 1 ft 
(0.30 m) or more since the icing conditions can 
include high winds and typically persist or recur 
episodically during long periods of subfreezing 
temperatures. Large concentrations of supercooled 
droplets are not common at air temperatures below 
about 0 °F (–18 °C).

In-cloud ice accretions have densities ranging 
from that of low-density rime to glaze. When convec-
tive and evaporative cooling removes the heat of 
fusion as fast as it is released by the freezing droplets, 
the drops freeze on impact. When the cooling rate is 
lower, the droplets do not completely freeze on 
impact. The unfrozen water then spreads out on the 
object and may fl ow completely around it and even 
drip off to form icicles. The degree to which the 
droplets spread as they collide with the structure and 
freeze governs how much air is incorporated in the 
accretion and thus its density. The density of ice 
accretions due to in-cloud icing varies over a wide 
range from 5 to 56 pcf (80 to 900 kg/m3) (Macklin 
1962 and Jones 1990). The resulting accretion can be 
either white or clear, possibly with attached icicles; 
see Fig. C10-2.

The amount of ice accreted during in-cloud icing 
depends on the size of the accreting object, the 
duration of the icing condition, and the wind speed. 
If, as often occurs, wind speed increases and air 
temperature decreases with height above ground, 
larger amounts of ice will accrete on taller structures. 
The accretion shape depends on the fl exibility of the 
structural member, component, or appurtenance. If it 

FIGURE C10-1 Glaze Ice Accretion Due to 
Freezing Rain.
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is free to rotate, such as a long guy or a long span of 
a single conductor or wire, the ice accretes with a 
roughly circular cross-section. On more rigid struc-
tural members, components, and appurtenances, the 
ice forms in irregular pennant shapes extending into 
the wind.

SNOW: Under certain conditions snow falling on 
objects may adhere due to capillary forces, inter-parti-
cle freezing (Colbeck and Ackley 1982), and/or 
sintering (Kuroiwa 1962). On objects with circular 
cross-section such as a wire, cable, conductor, or guy, 
sliding, deformation, and/or torsional rotation of the 
underlying cable may occur, resulting in the formation 
of a cylindrical sleeve, even around bundled conduc-
tors and wires; see Fig. C10-3. Since accreting snow 
is often accompanied by high winds, the density of 
accretions may be much higher than the density of the 
same snowfall on the ground.

Damaging snow accretions have been observed 
at surface air temperatures ranging from about 23 to 

36 °F (–5 to 2 °C). Snow with a high moisture 
content appears to stick more readily than drier snow. 
Snow falling at a surface air temperature above 
freezing may accrete even at wind speeds above 
25 mi/h (10 m/s), producing dense 37 to 50 pcf 
(600 to 800 kg/m3) accretions. Snow with a lower 
moisture content is not as sticky, blowing off the 
structure in high winds. These accreted snow densities 
are typically between 2.5 and 16 pcf (40 and 
250 kg/m3) (Kuroiwa 1965).

Even apparently dry snow can accrete on struc-
tures (Gland and Admirat 1986). The cohesive 
strength of the dry snow is initially supplied by the 
interlocking of the fl akes and ultimately by sintering, 
as molecular diffusion increases the bond area 
between adjacent snowfl akes. These dry snow 
accretions appear to form only in very low winds and 
have densities estimated at between 5 and 10 pcf (80 
and 150 kg/m3) (Sakamoto et al. 1990 and Peabody 
1993).

C10.4 ICE LOADS DUE TO FREEZING RAIN

C10.4.1 Ice Weight
The ice thicknesses shown in Figs. 10-2 through 

10-6 were determined for a horizontal cylinder 
oriented perpendicular to the wind. These ice thick-
nesses cannot be applied directly to cross-sections that 
are not round, such as channels and angles. However, 
the ice area from Eq. 10-1 is the same for all shapes 
for which the circumscribed circles have equal 
diameters. It is assumed that the maximum dimension 
of the cross-section is perpendicular to the trajectory 
of the raindrops. Similarly the ice volume in Eq. 10-2 
is for a fl at plate perpendicular to the trajectory of the 

FIGURE C10-2 Rime Ice Accretion Due to 
In-Cloud Icing.

FIGURE C10-3 Snow Accretion on Wires.
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raindrops. For vertical cylinders and horizontal 
cylinders parallel to the wind direction the ice area 
given by Eq. 10-1 is conservative.

C10.4.2 Nominal Ice Thickness
The 50-year mean recurrence interval ice thick-

nesses shown in Figs. 10-2 to 10-6 are based on 
studies using an ice accretion model and local data.

Historical weather data from 540 National 
Weather Service (NWS), military, Federal Aviation 
Administration (FAA), and Environment Canada 
weather stations were used with the CRREL and 
Simple ice accretion models (Jones 1996 and 1998) to 
estimate uniform radial glaze ice thicknesses in past 
freezing rain storms. For the 2010 edition of ASCE 7, 
the models and algorithms have been applied to 
additional stations in Canada along the border of the 
lower 48 states. The station locations are shown in 

Fig. C10-4 for the 48 contiguous states and in Fig. 
10-6 for Alaska. The period of record of the meteoro-
logical data at any station is typically 20 to 50 years. 
The ice accretion models use weather and precipita-
tion data to simulate the accretion of ice on cylinders 
33 ft (10 m) above the ground, oriented perpendicular 
to the wind direction in freezing rain storms. Accreted 
ice is assumed to remain on the cylinder until after 
freezing rain ceases and the air temperature increases 
to at least 33 °F (0.6 °C). At each station, the 
maximum ice thickness and the maximum wind-on-
ice load were determined for each storm. Severe 
storms, those with signifi cant ice or wind-on-ice loads 
at one or more weather stations, were researched in 
Storm Data (NOAA 1959–Present), newspapers, and 
utility reports to obtain corroborating qualitative 
information on the extent of and damage from the 
storm. Yet very little corroborating information was 

FIGURE C10-4 Locations of Weather Stations Used in Preparation of Figures 10-2 Through 10-5.
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obtained about damaging freezing rain storms in 
Alaska, perhaps because of the low population 
density and relatively sparse newspaper coverage 
in the state.

Extreme ice thicknesses were determined from an 
extreme value analysis using the peaks-over-threshold 
method and the generalized Pareto distribution 
(Hoskins and Wallis 1987, Wang 1991, and Abild et 
al. 1992). To reduce sampling error, weather stations 
were grouped into superstations (Peterka 1992) based 
on the incidence of severe storms, the frequency of 
freezing rain storms, latitude, proximity to large 
bodies of water, elevation, and terrain. Concurrent 
wind-on-ice speeds were back-calculated from the 
extreme wind-on-ice load and the extreme ice 
thickness. The analysis of the weather data and the 
calculation of extreme ice thicknesses are described in 
more detail in Jones et al. (2002).

This map represents the most consistent and best 
available nationwide map for nominal design ice 
thicknesses and wind-on-ice speeds. The icing model 
used to produce the map has not, however, been 
verifi ed with a large set of collocated measurements 
of meteorological data and uniform radial ice thick-
nesses. Furthermore, the weather stations used to 
develop this map are almost all at airports. Structures 
in more exposed locations at higher elevations or in 
valleys or gorges, for example, Signal and Lookout 
Mountains in Tennessee, the Ponatock Ridge and the 
edge of the Yazoo Basin in Mississippi, the Shenan-
doah Valley and Poor Mountain in Virginia, Mt. 
Washington in New Hampshire, and Buffalo Ridge in 
Minnesota and South Dakota, may be subject to larger 
ice thicknesses and higher concurrent wind speeds. 
On the other hand, structures in more sheltered 
locations, for example, along the north shore of Lake 
Superior within 300 vertical feet of the lake, may be 
subject to smaller ice thicknesses and lower concur-
rent wind speeds. Loads from snow or in-cloud icing 
may be more severe than those from freezing rain (see 
Section C10.1.1).

Special Icing Regions. Special icing regions are 
identifi ed on the map. As described above, freezing 
rain occurs only under special conditions when a cold, 
relatively shallow layer of air at the surface is overrun 
by warm, moist air aloft. For this reason, severe 
freezing rain storms at high elevations in mountainous 
terrain will typically not occur in the same weather 
systems that cause severe freezing rain storms at the 
nearest airport with a weather station. Furthermore, in 
these regions ice thicknesses and wind-on-ice loads 
may vary signifi cantly over short distances because of 
local variations in elevation, topography, and expo-

sure. In these mountainous regions, the values given 
in Fig. 10-1 should be adjusted, based on local 
historical records and experience, to account for 
possibly higher ice loads from both freezing rain and 
in cloud icing (see Section C10.1.1).

C10.4.4 Importance Factors
The importance factors for ice and concurrent 

wind adjust the nominal ice thickness and concurrent 
wind pressure for Risk Category I structures from a 
50-yr mean recurrence interval to a 25-yr mean 
recurrence interval. For Risk Category III and IV 
structures, they are adjusted to a 100-yr mean recur-
rence interval. The concurrent wind speed used with 
the nominal ice thickness is based on both the winds 
that occur during the freezing rain storm and those 
that occur between the time the freezing rain stops 
and the time the temperature rises to above freezing. 
When the temperature rises above freezing, it is 
assumed that the ice melts enough to fall from the 
structure. In the colder northern regions, the ice will 
generally stay on structures for a longer period of 
time following the end of a storm resulting in higher 
concurrent wind speeds. The results of the extreme 
value analysis show that the concurrent wind speed 
does not change signifi cantly with mean recurrence 
interval. The lateral wind-on-ice load does, however, 
increase with mean recurrence interval because the ice 
thickness increases. The importance factors differ 
from those used for both the wind loads in Chapter 6 
and the snow loads in Chapter 7 because the extreme 
value distribution used for the ice thickness is 
different from the distributions used to determine the 
extreme wind speeds in Chapter 6 and snow loads in 
Chapter 7. See also Table C10-1 and the discussion 
under Section C10.4.6.

Table C10-1 Mean Recurrence Interval Factors

Mean Recurrence 
Interval

Multiplier on 
Ice Thickness

Multiplier on 
Wind Pressure

25 0.80 1.0
50 1.00 1.0

100 1.25 1.0
200 1.5 1.0
250 1.6 1.0
300 1.7 1.0
400 1.8 1.0
500 2.0 1.0

1,000 2.3 1.0
1,400 2.5 1.0
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C10.4.6 Design Ice Thickness for Freezing Rain
The design load on the structure is a product of 

the nominal design load and the load factors specifi ed 
in Chapter 2. The load factors for load and resistance 
factor design (LRFD) design for atmospheric icing are 
1.0. This is similar to the practice followed in this 
standard for seismic loads. Figs. 10-2 through 10-6 
show the 50-yr mean recurrence interval ice thickness 
due to freezing rain and the concurrent wind speeds. 
The probability of exceeding the 50-yr event in 50 
years of a structure’s life is 64 percent. The design 
wind loads in this standard (nominal loads times the 
load factors in Chapter 2) have a mean recurrence 
interval of approximately 500 years, which reduces 
the probability of being exceeded to approximately 10 
percent in 50 years. Consistent with the design wind 
loads, the design level mean recurrence interval for 
atmospheric ice loads on ordinary structures, includ-
ing load factors, is approximately 500 years. Table 
C10-1 shows the multipliers on the 50-yr mean 
recurrence interval ice thickness and concurrent wind 
speed to adjust to other mean recurrence intervals.

The factor 2.0 in Eq. 10-5 is to adjust the design 
ice thickness from a 50-yr mean recurrence interval to 
a 500-yr mean recurrence interval. The multiplier is 
applied on the ice thickness rather than on the ice load 
because the ice load from Eq. 10-1 depends on the 
diameter of the circumscribing cylinder as well as the 
design ice thickness. The studies of ice accretion on 
which the maps are based indicate that the concurrent 
wind speed on ice does not increase with mean 
recurrence interval (see Section C10.4.4).

When the reliability of a system of structures or 
one interconnected structure of large extent is impor-
tant, spatial effects should also be considered. All of 
the cellular telephone antenna structures that serve a 
state or a metropolitan area could be considered to be 
a system of structures. Long overhead electric 
transmission lines and communications lines are 
examples of large interconnected structures. Figs. 
10-2 through 10-6 are for ice loads appropriate for a 
single structure of small areal extent. Large intercon-
nected structures and systems of structures are hit by 
icing storms more frequently than a single structure. 
The frequency of occurrence increases with the area 
encompassed or the linear extent. To obtain equal 
risks of exceeding the design load in the same icing 
climate, the individual structures forming the system 
or the large interconnected structure should be 
designed for a larger ice load than a single structure.

Several studies of the spatial effects of ice storms 
and wind storms have been published. Golikova et al. 
(1982) present a simple approach for determining the 

risk of ice storms to extended systems compared to 
single structures. The results indicate that the mean 
recurrence interval of a given ice load for a transmis-
sion line decreases as the ratio of the line length to 
the ice storm width increases. For a line length to 
storm width ratio of 2, for example, the mean recur-
rence interval of a 50-yr load as experienced by a 
single tower will be reduced to 17 years for the entire 
line. In another study, Lafl amme and Periard (1996) 
analyzed the maximum annual ice thickness from 
triads of passive ice meters spaced about 50 km apart. 
The 50-yr ice thicknesses obtained by extreme value 
analysis of the triad maxima averaged 10 percent 
higher than those for the single stations.

C10.5 WIND ON ICE-COVERED STRUCTURES

Ice accretions on structures change the structure’s 
wind drag coeffi cients. The ice accretions tend to 
round sharp edges reducing the drag coeffi cient for 
such members as angles and bars. Natural ice accre-
tions can be irregular in shape with an uneven 
distribution of ice around the object on which the ice 
has accreted. The shape varies from storm to storm 
and from place to place within a storm. The actual 
projected area of a glaze ice accretion may be larger 
than that obtained by assuming a uniform ice 
thickness.

C10.5.5 Wind on Ice-Covered Guys and Cables
There is practically no published experimental 

data giving the force coeffi cients for ice-covered guys 
and cables. There have been many studies of the force 
coeffi cient for cylinders without ice. The force 
coeffi cient varies with the surface roughness and the 
Reynolds number. At subcritical Reynolds numbers, 
both smooth and rough cylinders have force coeffi -
cients of approximately 1.2 as do square sections with 
rounded edges (Fig. 4.5.5 in Simiu and Scanlan 
1996). For a wide variety of stranded electrical 
transmission cables the supercritical force coeffi cients 
are approximately 1.0 with subcritical values as high 
as 1.3 (Fig. 5-2 in Shan 1997). The transition from 
subcritical to supercritical depends on the surface 
characteristics and takes place over a wide range of 
Reynolds numbers. For the stranded cables described 
in Shan (1997) the range is from approximately 
25,000 to 150,000. For a square section with rounded 
edges, the transition takes place at a Reynolds number 
of approximately 800,000 (White 1999). The concur-
rent 3-s gust wind speed in Figs. 10-2 through 10-5 
for the contiguous 48 states varies from 30 to 60 mi/h 
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(13.4 to 26.8 m/s) with speeds in Fig. 10-6 for Alaska 
up to 80 mi/h (35.8 m/s). Table C10-2 shows the 
Reynolds numbers (using U.S. standard atmosphere) 
for a range of iced guys and cables. In practice the 
Reynolds numbers range from subcritical through 
critical to supercritical depending on the roughness of 
the ice accretion. Considering that the shape of ice 
accretions is highly variable from relatively smooth 
cylindrical shapes to accretions with long icicles with 
projected areas greater than the equivalent radial 
thickness used in the maps, a single force coeffi cient 
of 1.2 has been chosen.

C10.6 DESIGN TEMPERATURES FOR 
FREEZING RAIN

Some ice-sensitive structures, particularly those utilizing 
overhead cable systems, are also sensitive to changes in 
temperature. In some cases the maximum load effect 
will occur around the melting point of ice (32 °F or 0 °C) 
and in others at the lowest temperature that occurs while 
the structure is loaded with ice. Figures 10-7 and 10-8 
show the low temperatures to be used for design in 
addition to the melting temperature of ice.

The freezing rain model described in Section 
C10.4.2 tracked the temperature during each modeled 
icing event. For each event, the minimum temperature 
that occurred with the maximum ice thickness was 
recorded. The minimum temperatures for all the 
freezing rain events used in the extreme value 
analysis of ice thickness were analyzed to determine 
the 10th percentile temperature at each superstation 
(i.e., the temperature that was exceeded during 90% 
of the extreme icing events). These temperatures were 
used to make the maps shown in Figures 10-7 and 

10-8. In areas where the temperature contours were 
close to the wind or ice thickness contours, they were 
moved to coincide with, fi rst, the concurrent wind 
boundaries, and, second, the ice zone boundaries.

C10.7 PARTIAL LOADING

Variations in ice thickness due to freezing rain on 
objects at a given elevation are small over distances 
of about 1,000 ft (300 m). Therefore, partial loading 
of a structure from freezing rain is usually not 
signifi cant (Cluts and Angelos 1977).

In-cloud icing is more strongly affected by wind 
speed, thus partial loading due to differences in 
exposure to in-cloud icing may be signifi cant. 
Differences in ice thickness over several structures or 
components of a single structure are associated with 
differences in the exposure. The exposure is a 
function of shielding by other parts of the structure as 
well as by the upwind terrain.

Partial loading associated with ice shedding may 
be signifi cant for snow or in-cloud ice accretions and 
for guyed structures when ice is shed from some guys 
before others.
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Chapter C11

SEISMIC DESIGN CRITERIA

sponsorship of the Federal Emergency Management 
Agency (FEMA). The National Earthquake Hazards 
Reduction Program (NEHRP) is managed by FEMA. 
Since 1985, the NEHRP Provisions have been 
updated every 3 to 5 years. The efforts by BSSC 
to produce the NEHRP Provisions were preceded 
by work performed by the Applied Technology 
Council (ATC) that originated after the 1971 San 
Fernando Valley earthquake,which demonstrated 
the design rules of that time for seismic resistance 
had some serious shortcomings. Each subsequent 
major earthquake has taught new lessons. ATC, 
BSSC, and ASCE have endeavored to work indivi-
dually and collectively to improve each succeeding 
document to provide the best earthquake engineering 
design and construction provisions possible and to 
ensure that the provisions would have nationwide 
applicability.

Content of Commentary. The commentary of 
Chapters 11 through 23 does not attempt to explain 
the earthquake loading provisions in great detail. The 
reader is referred to two excellent resources:

• Part 2, Commentary, of the NEHRP Recommended 
Provisions for the Development of Seismic Regula-
tions for New Buildings and Other Structures, 
Building Seismic Safety Council, Federal 
Emergency Management Agency, 2008 edition

• Recommended Lateral Force Requirements and 
Commentary, Seismology Committee, Structural 
Engineers Association of California, 1999

Most of the commentary contained herein is 
devoted to noting and explaining the differences of 
major substance between ASCE 7 and the NEHRP 
Recommended Provisions.

Nature of Earthquake “Loads.” The 1988 
edition of ASCE 7 and the 1982 edition of ANSI 
A58.1 contained seismic provisions based upon those 
in the Uniform Building Code (UBC) of 1985 and 
earlier. The UBC provisions for seismic safety have 
been based upon recommendations of the Structural 
Engineers Association of California (SEAOC) and 
predecessor organizations. Until 1988, the UBC and 
SEAOC provisions had not yet been fully infl uenced 
by the ATC and BSSC efforts. The 1972 and 1955 
editions of A58.1 contained seismic provisions based 
upon much earlier versions of SEAOC and UBC 
recommendations.

C11.1 GENERAL

In preparing the seismic provisions for the 2005 
edition of this standard, the Seismic Task Committee 
of ASCE 7 established a Scope and Format Subcom-
mittee to review the layout and presentation of the 
seismic provisions and to make recommendations to 
improve the clarity and use of the standard. As a 
result of the efforts of this subcommittee, the seismic 
provisions are now presented in Chapters 11 through 
23 and Appendices 11A and 11B, as opposed to prior 
editions, wherein the seismic provisions were pre-
sented in a single section (Section 9). The increase in 
number of sections has greatly reduced the depth of 
paragraph numbering. The goal was to keep the 
section numbering to four deep or less and, except for 
a few isolated sections, the goal was achieved. Users 
will also note that the major subject areas are now 
identifi ed as “chapters” whereas in ASCE 7-02 they 
were called sections. Individual provisions within a 
chapter are referred to herein as “sections.”

Of foremost concern in the reformat effort was to 
organize the seismic provisions in a logical sequence 
for the general structural design community and to 
clarify the various headings to more accurately refl ect 
their content. Accomplishing these two primary goals 
led to the decision to create 13 separate chapters and 
to relocate provisions into their most logical location.

The provisions for buildings and nonbuilding 
structures are now distinctly separate, as are the 
provisions for nonstructural components. Less 
commonly used provisions, such as those for seismi-
cally isolated structures, have also been located in 
their own distinct section. We hope that the users of 
ASCE 7 will fi nd the reformatted seismic provisions 
to be a signifi cant improvement in organization and 
presentation over prior editions and will be able to 
more quickly locate applicable provisions. Table 
C11-1 of ASCE 7-05 was created to assist users in 
locating provisions between the 2002 and the 2005 
editions of this standard and was deleted for this 
edition.

Many of the technical changes made to the 2010 
edition were primarily based on the 2008 edition 
of the NEHRP Recommended Provisions for the 
Development of Seismic Regulations for New Build-
ings and Other Structures, which is prepared by the 
Building Seismic Safety Council (BSSC) under 
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The two most far-reaching differences among the 
1993, 1995, 1998, 2002, and 2005 editions of ASCE 7 
and these prior editions are that the newer editions are 
based upon a strength-level limit state rather than an 
equivalent loading for use with allowable stress 
design and that it contains a much larger set of 
provisions that are not directly statements of loading. 
The intent is to provide a more reliable and consistent 
level of seismic safety in new building construction.

Earthquakes “load” structures indirectly. As the 
ground displaces, a building will follow and vibrate. 
The vibration produces deformations with associated 
strains and stresses in the structure. Computation of 
dynamic response to earthquake ground shaking is 
complex. As a simplifi cation, this standard is based 
upon the concept of a response spectrum. A response 
spectrum for a specifi c earthquake ground motion 
does not refl ect the total time history of response, but 
only approximates the maximum value of response for 
simple structures to that ground motion. The design 
response spectrum is a smoothed and normalized 
approximation for many different ground motions, 
adjusted at the extremes for characteristics of larger 
structures. The BSSC NEHRP Commentary, Chapters 
4 and 5, contains a much fuller description of the 
development of the design response spectrum and the 
maps that provide the background information for 
various levels of seismic hazard and various ground 
conditions.

The seismic requirements of ASCE 7 are stated in 
terms of forces and loads. However, the user should 
always bear in mind that there are no external forces 
applied to the above-ground portion of a structure 
during an earthquake. The design forces are intended 
only as approximations to produce the same deforma-
tions, when multiplied by the Defl ection Amplifi cation 
factor Cd, as would occur in the same structure should 
an earthquake ground motion at the design level 
occur.

The design limit state for resistance to an 
earthquake is unlike that for any other load within the 
scope of ASCE 7. The earthquake limit state is based 
upon system performance, not member performance, 
and considerable energy dissipation through repeated 
cycles of inelastic straining is assumed. The reason is 
the large demand exerted by the earthquake and the 
associated high cost of providing enough strength to 
maintain linear elastic response in ordinary buildings. 
This unusual limit state means that several conve-
niences of elastic behavior, such as the principle of 
superposition, are not applicable, and makes it 
diffi cult to separate design provisions for loads from 
those for resistance. This is the reason the NEHRP 

Provisions contain so many provisions that modify 
customary requirements for proportioning and 
detailing structural members and systems. It is also 
the reason for the construction quality assurance 
requirements. All these “nonload” provisions are 
presented in Chapter 14.

Use of Allowable Stress Design Standards. The 
conventional design of nearly all masonry structures 
and many wood and steel structures has been accom-
plished using Allowable Stress Design (ASD) 
standards. Although the fundamental basis for the 
earthquake loads in Chapters 11 through 23 is a 
strength limit state beyond fi rst yield of the structure, 
the provisions are written such that the conventional 
ASD standards can be used by the design engineer. 
Conventional ASD standards may be used in one of 
two fashions:

1. The earthquake load as defi ned in Chapters 11 
through 23 may be used directly in allowable stress 
load combinations of Section 2.4 and the resulting 
stresses compared directly with conventional 
allowable stresses.

2. The earthquake load may be used in strength 
design load combinations and resulting stresses 
compared with amplifi ed allowable stresses (for 
those materials for which the design standard gives 
the amplifi ed allowable stresses, e.g., masonry).

Method 1 is changed somewhat since the 1995 edition 
of the standard. The factor on E in the ASD combina-
tions has been reduced to 0.7 from 1.0. This change 
was accomplished simultaneously with reducing the 
factor on D in the combination where dead load 
resists the effects of earthquake loads from 1.0 
to 0.6.

The factor 0.7 was selected as somewhat of a 
compromise among the various materials for which 
ASD may still be used. The basic premise suggested 
herein is that for earthquake loadings ASD is an 
alternative to strength-based design, and that ASD 
should generally result in a member or cross-section 
with at least as much true capacity as would result in 
strength-based design. As this commentary will 
explain, this is not always precisely the case.

There are two general load combinations, one 
where the effects of earthquake load and gravity load 
add, and a second where they counteract. In the 
second, the gravity load is part of the resistance, and 
therefore only dead load is considered. These combi-
nations can be expressed as follows, where α is the 
factor on E in the ASD combination, calibrated to 
meet the premise of the previous paragraph. Using the 
combinations from Sections 2.3 and 2.4:
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Additive combinations:

Strength: 1.2D + 0.5L + 0.2S + 1.0E ≤ φ × Strength
ASD: 1.0D + 0.75 × (1.0L + 1.0S + αE) ≤ Allowable 

Stress and
1.0D + αE ≤ Allowable Stress

Counteracting combinations:

Strength: 0.9D + 1.0E ≤ φ × Strength
ASD: 0.6D + αE ≤ Allowable Stress

For any given material and limit state, the factor 
α depends on the central factor of safety between the 
strength and the allowable stress, the resistance factor 
φ, and ratios of the effects of the various loads. Table 
C11-1 summarizes several common cases of interest, 
including those where the designer opts to use the 
one-third increase in allowable stress permitted in 
various reference standards.

The bold entries indicate circumstances in which 
the 0.7 factor in the ASD equations will result in a 
structural capacity less than required by strength 
design. Given the current basis of the earthquake load 
provisions, such situations should be carefully 

considered in design. For wood, equivalency factors 
greater than 0.7 identify conservatism in wood LRFD) 
resistance values rather than potential overstress when 
using ASD.

The amplifi cation for Method 2 is accomplished 
by the introduction of two sets of factors to amplify 
conventional allowable stresses to approximate the 
equivalent yield strength: one is a stress increase 
factor (1.7 for steel, 2.16 for wood, and 2.5 for 
masonry) and the second is a resistance or strength 
reduction factor (less than or equal to 1.0) that varies 
depending on the type of stress resultant and compo-
nent. The 2.16 factor is selected for conformance 
with the new design standard for wood (Load and 
Resistance Factor Standard for Engineered Wood 
Construction, ASCE 16-95) and with an existing 
ASTM standard. It should not be taken to imply an 
accuracy level for earthquake engineering.

Although the modifi cation factors just described 
accomplish a transformation of allowable stresses to 
the earthquake strength limit state, it is not conserva-
tive to ignore the provisions in the standard as well as 
the supplementary provisions in the appendix that deal 

Table C11-1

Ratio of Load Effects (Moment, 
Axial Load, Etc.) in the Load 

Combination Being Considered
Equivalency 

Factor

Structural Element and Limit State ASD Rules D/E L/E α

Steel girder; bending per Section 2.4.1 0 0 0.67
0.5 0.25 0.65
1 0.5 0.48

Steel brace, tension per Section 2.4.1 0 0 0.67
1 0 0.67

Steel brace, compression per Section 2.4.1 0.25 0.25 0.66
0.5 0.5 0.45

Masonry wall, reinforcement for 
in-plane bending

per Section 2.4.1 0 0 0.50
1.11 0 0.64

1/3 increase per reference standard 0 0 0.67
1.11 0 0.67

Masonry wall, in-plane shear 
(reinforced, with M/Vd ≥ 1)

per 2.4.1 0 0 0.47
1/3 increase per reference standard 0 0 0.63

Wood shear panel per 2.4.1 (1/3 increase not 
permitted in reference standard)

0 0 0.63

Wood collector, tension 0 0 0.74
–1 0 0.67

Bolts in wood 0 0 0.74
0.25 0.5 0.70
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with design or construction issues that do not appear 
directly related to computation of equivalent loads, 
because the specifi ed loads are derived assuming 
certain levels of damping and ductile behavior. In 
many instances this behavior is not necessarily 
delivered by designs conforming to conventional 
standards, which is why there are so many seemingly 
“nonload” provisions in this standard and appendix.

Past design practices (the SEAOC and UBC 
requirements prior to 1997) for earthquake loads 
produce loads intended for use with allowable stress 
design methods. Such procedures generally appear 
very similar to this standard, but a coeffi cient Rw 
was used in place of the response modifi cation 
factor R. Rw was always larger than R, generally by 
a factor of about 1.4; thus the loads produced were 
smaller, much as allowable stresses are smaller that 
nominal strengths. However, the other procedures 
contain as many, if not more, seemingly “nonload” 

provisions for seismic design to assure the assumed 
performance.

Story Above Grade. Figure C11-1 illustrates this 
defi nition.

Occupancy Importance Factor. The NEHRP 
1997 Provisions introduced the occupancy importance 
factor, I. It was a new factor in NEHRP provisions, 
but not for ASCE 7 or UBC provisions. Editions of 
this standard prior to 1995, as well as other current 
design procedures for earthquake loads, make use of 
an occupancy importance factor, I, in the computation 
of the total seismic force. This factor was removed 
from the 1995 edition of the standard when it intro-
duced the provisions consistent with the 1994 edition 
of NEHRP provisions. The 1995 edition did include a 
classifi cation of buildings by occupancy, but this 
classifi cation did not affect the total seismic force.

The NEHRP provisions in Section 1.1, identify 
two purposes of the provisions, one of which 

FIGURE C11-1 Illustration of Defi nition of Story above Grade Plane.
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specifi cally is to “improve the capability of essential 
facilities and structures containing substantial quanti-
ties of hazardous materials to function during and 
after design earthquakes.” This is achieved by 
introducing the occupancy importance factor of 1.25 
for Seismic Use Group II structures and 1.5 for 
Seismic Use Group III structures. The NEHRP 
Commentary Sections 1.4, 5.2, and 5.2.8 explain that 
the factor is intended to reduce the ductility demands 
and result in less damage. When combined with the 
more stringent drift limits for such essential or 
hazardous facilities the result is improved perfor-
mance of such facilities.

Federal Government Construction. The 
Interagency Committee on Seismic Safety in 
Construction has prepared an order executed by 
the President, Executive Order 12699, that all feder-
ally owned or leased building construction, as well as 
federally regulated and assisted construction, should 
be constructed to mitigate seismic hazards and that 
the NEHRP Provisions are deemed to be the suitable 
standard. It is expected that this standard would be 
deemed equivalent, but the reader should bear in mind 
that there are certain differences, which are summa-
rized in this commentary.

C11.1.1 Purpose
The purpose of Section 11.1.1 is to clarify that 

when the design load combinations involving the 
wind forces of Chapter 6 produce greater effects than 
the design load combinations involving the earthquake 
forces of Chapters 11 through 23 such that the wind 
design governs the basic strength of the lateral force 
resisting system, the detailing requirements and 
limitations prescribed in this section and referenced 
standards are still required to be followed.

C11.1.3 Applicability
Industrial buildings may be classifi ed as non-

building structures in certain situations for the 
purposes of determining seismic design coeffi cients 
and factors, system limitations, height limits, and 
associated detailing requirements. Many industrial 
building structures have geometries and/or framing 
systems that are different from the broader class of 
occupied structures addressed by Chapter 12, and the 
limited nature of the occupancy associated with these 
buildings reduces the hazard associated with their 
performance in earthquakes. Therefore, when the 
occupancy is limited primarily to maintenance and 
monitoring operations, these structures may be 
designed in accordance with the provisions of Section 
15.5 for nonbuilding structures similar to buildings. 

Examples of such structures include, but are not 
limited to, boiler buildings, aircraft hangars, steel 
mills, aluminum smelting facilities, and other auto-
mated manufacturing facilities, whereby the occu-
pancy restrictions for such facilities should be 
uniquely reviewed in each case. These structures may 
be clad or open structures.

C11.2 DEFINITIONS

BASE: Many factors affect the location of the seismic 
base. Some of the factors are

• location of the grade relative to fl oor levels,
• soil conditions adjacent to the building,
• openings in the basement walls,
• location and stiffness of vertical elements of the 

seismic force-resisting system,
• location and extent of seismic separations,
• depth of basement,
• manner in which basement walls are supported,
• proximity to adjacent buildings, and
• slope of grade.

For typical buildings on level sites with compe-
tent soils, the base is generally close to the grade 
plane. For a building without a basement, the base is 
generally established near the ground level slab 
elevation as shown in Fig. C11-2. Where the vertical 
elements of the seismic force-resisting system are 
supported on interior footings or pile caps, the base is 
the top of these elements. Where the vertical elements 
of the seismic force-resisting system are supported on 
top of perimeter foundation walls, the base is typically 
established at the top of the foundation walls. Often 
vertical elements are supported at various elevations 
on the top of footings, piles caps, and perimeter 
foundation walls. Where this occurs, the base is 
generally established as the lowest elevation of the 
tops of elements supporting the vertical elements of 
the seismic force-resisting system.

For a building with a basement located on a level 
site, it is often appropriate to locate the base at the 
fl oor closest to grade, as shown in Fig. C11-3. If the 
base is to be established at the level located closest to 
grade, the soil profi le over the depth of the basement 
should not be liquefi able in the MCEG ground motion. 
The soil profi le over the depth of the basement should 
also not include quick and highly sensitive clays or 
weakly cemented soils prone to collapse in the MCEG 

ground motion. Where liquefi able soils or soils 
susceptible to failure or collapse in an MCEG ground 
motion are located within the depth of the basement, 
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the base may need to be located below these soils 
rather than close to grade. Stiff soils are required over 
the depth of the basement because seismic forces will 
be transmitted to and from the building at this level 
and over the height of the basement walls. The 
engineer of record is responsible for establishing 
whether the soils are stiff enough to transmit seismic 
forces near grade. For tall or heavy buildings or where 
soft soils are present within the depth of the base-
ment, the soils may compress laterally too much 
during an earthquake to transmit seismic forces near 
grade. For these cases, the base should be located at a 
level below grade.

In some cases, the base may be at the fl oor level 
adjacent to but above grade. In order for the base to 
be located at a fl oor level above grade, stiff founda-
tion walls on all sides of the building should extend to 
the underside of the elevated level considered the 
base. The validity of having the base above grade is 
based on the same principles used to justify the 
two-stage equivalent lateral force procedure for a 
fl exible upper portion of a building with one-tenth the 
stiffness of the lower portion of the building as 

permitted in Section 12.2.3.1 of ASCE 7-05. For a 
fl oor level above grade to be considered the base, it 
should generally not be above grade more than 
one-half the height of the basement story, as shown in 
Fig. C11-4.

If the base is located at the level closest to grade, 
the lateral stiffness of the basement walls should be 
substantially stiffer than the stiffness of the vertical 
elements of the seismic force-resisting system. A 
condition where the basement walls that extend above 
grade on a level site may not provide adequate 
stiffness is where the basement walls have many 
openings for items such as light wells, areaways, 
windows, and doors, as shown in Fig. C11-5. Where 
the basement wall stiffness is inadequate, the base 
should be taken as the level close to but below grade. 
If all of the vertical elements of the seismic force-
resisting system are located on top of basement walls 
and there are many openings in the basement walls, it 
may be appropriate to establish the base at the bottom 
of the openings. Another condition where the base-
ment walls may not be stiff enough is where the 
vertical elements of the seismic force-resisting system 

FIGURE C11-2 Base for a Level Site.

FIGURE C11-3 Base at Ground Floor Level.
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are long concrete shear walls extending over the full 
height and length of the building, as shown in Fig. 
C11-6. For this case, the appropriate location for the 
base is the foundation level of the basement walls.

Where the base is established below grade, the 
weight of the portion of the story above the base that 
is partially above and below grade must be included 
as part of the effective seismic weight. If the equiva-

lent lateral force procedure is used, this can result in 
disproportionately high forces in upper levels due to a 
large mass at this lowest level above the base. The 
magnitude of these forces can often be mitigated by 
using the two-stage equivalent lateral force procedure 
where allowed or by using a dynamic analysis to 
determine force distribution over the height of the 
building. If a dynamic analysis is used, it may be 

FIGURE C11-4 Base at Level Closest to Grade Elevation.

FIGURE C11-5 Base below Substantial Openings in Basement Wall.

FIGURE C11-6 Base at Foundation Level Where There are Full-Length Exterior Shear Walls.
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necessary to include multiple modes to capture the 
required mass participation unless soil springs are 
incorporated into the model. Incorporation of soil 
springs into the model will generally reduce seismic 
forces in the upper levels. With one or more stiff 
stories below more fl exible stories, the dynamic 
behavior of the structure may result in the portion of 
the base shear from the fi rst mode being less than the 
portion of base shear from higher modes. 

Other conditions may also necessitate establishing 
the base below grade for a building with a basement 
that is located on a level site. Such conditions include 
where seismic separations extend through all fl oors 
including those located close to and below grade, the 
fl oor diaphragms close to and below grade are not tied 
to the foundation wall, the fl oor diaphragms including 
the diaphragm for the fl oor close to grade are fl exible, 
and other buildings are located nearby. Knowledge of 
dynamic response of buildings and engineering 
judgment are often critical in defi ning the base of 
these structures.

For a building with seismic separations extending 
through the height of the building including levels 
close to and below grade, the separate structures will 
not be supported by the soil against a basement wall 
on all sides in all directions. If there is only one joint 
through the building, assigning the base to the level 
close to grade may still be appropriate if the soils over 
the depth of the basement walls are stiff and the 
diaphragm is rigid. Stiff soils are required so that the 
seismic forces can be transferred between the soils 
and basement walls in both bearing and side friction. 
If the soils are not stiff, adequate side friction may not 
develop for movement in the direction perpendicular 
to the joint.

For large footprint buildings, seismic separation 
joints may extend through the building in two 
directions and there may be multiple parallel joints in 
a given direction. For individual structures within 
these buildings, substantial differences in the location 
of the center of rigidity for the levels below grade 
relative to levels above grade can lead to torsional 
response. For such buildings, the base should usually 
be at the foundation elements below the basement or 
the highest basement slab level where the separations 
are no longer provided.

Where fl oor levels are not tied to foundation 
walls, the base may need to be located well below 
grade at the foundation level. An example is a 
building with tie-back walls and post-tensioned fl oor 
slabs. For such a structure, the slabs may not be tied 
to the wall to allow relative movement between them. 
In other cases a soft joint may be provided. If shear 

forces cannot be transferred between the wall and a 
ground level or basement fl oor, the location of the 
base will depend on whether forces can be transferred 
through bearing between the fl oor diaphragm and 
basement wall and between the basement wall and the 
surrounding soils. Floor diaphragms bearing against 
the basement walls must resist the compressive stress 
from earthquake forces without buckling. If a seismic 
or expansion joint is provided in one of these build-
ings, the base will almost certainly need to be located 
at the foundation level or a level below grade where 
the joint no longer exists.

If the diaphragm at grade is fl exible and does not 
have substantial compressive strength, the base of the 
building may need to be located below grade. This 
condition is more common with existing buildings. 
Newer buildings with fl exible diaphragms should be 
designed for compression to avoid the damage that 
will otherwise occur.

The proximity to other structures can also affect 
where the base should be located. If other buildings 
with basements are located adjacent to one or more 
sides of a building, it may be appropriate to locate the 
base at the bottom of the basement. The closer the 
adjacent building is to the building, the more likely it 
is that the base should be below grade.

For sites with sloping grade, many of the same 
considerations for a level site are applicable. For 
example, on steeply sloped sites the earth may be 
retained by a tie-back wall so that the building does 
not have to resist the lateral soil pressures. For such a 
case, the building will be independent of the wall, so 
the base should be located at a level close to the 
elevation of grade on the side of the building where it 
is lowest, as shown in Fig. C11-7. Where the build-
ing’s vertical elements of the seismic force-resisting 
system also resist lateral soil pressures, as shown in 
Fig. C11-8, the base should also be located at a level 
close to the elevation of grade on the side of the 
building where grade is low. For these buildings, the 
seismic force-resisting system below highest grade is 
often much stiffer than the system used above it, as 
shown in Fig. C11-9, and the seismic weights for 
levels close to and below highest grade are greater 
than for levels above highest grade. Use of a two-
stage equivalent lateral force procedure can be useful 
for these buildings.

Where the site is moderately sloped such that it 
does not vary in height by more than a story, stiff 
walls often extend to the underside of the level close 
to the elevation of high grade, and the seismic 
force-resisting system above grade is much more 
fl exible above grade than it is below grade. If the stiff 
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FIGURE C11-7 Building with Tie-Back or Cantilevered Retaining Wall That is Separate from the Building.

FIGURE C11-8 Building with Vertical Elements of the Seismic Force-Resisting System Supporting Lateral 
Earth Pressures.

FIGURE C11-9 Building with Vertical Elements of the Seismic Force-Resisting System Supporting Lateral 
Earth Pressures.
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walls extend to the underside of the level close to 
high grade on all sides of the building, locating the 
base at the level closest to high grade may be appro-
priate. If the stiff lower walls do not extend to the 
underside of the level located closest to high grade on 
all sides of the building, the base should be assigned 
to the level closest to low grade. If there is doubt as 
to where to locate the base, it should conservatively 
be taken at the lower elevation.

ATTACHMENTS, COMPONENTS, and 
SUPPORTS: The distinction between attachments, 
components, and supports is necessary to the under-
standing of the requirements for nonstructural 
components and nonbuilding structures. Common 
cases associated with nonstructural elements are 
illustrated in Fig. C11-10. The defi nitions of compo-
nents, supports, and attachments are generally 
applicable to components with a defi ned envelope in 
the as-manufactured condition and for which addi-
tional supports and attachments are required to 

provide support in the as-built condition. This 
distinction may not always be clear, particularly when 
the component is equipped with prefabricated sup-
ports; therefore, judgment must be used in the 
assignment of forces to specifi c elements in accor-
dance with the provisions of Chapter 13.

C11.4 SEISMIC GROUND MOTION VALUES

The basis for the mapped values of the MCER ground 
motions in ASCE 7-10 is signifi cantly different from 
that of the mapped values of MCE ground motions in 
previous editions of ASCE 7. These differences 
include use of (1) probabilistic ground motions that 
are based on uniform risk, rather than uniform hazard, 
(2) deterministic ground motions that are based on 
the 84th percentile (approximately 1.8 times median), 
rather than 1.5 times median response spectral 
acceleration for sites near active faults, and (3) 
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Attachment 

Attachment 

Component Component 

Component 

Attachment 
Support 

Support 

Structure 

Support 

Component (pipe) 
Support 

Housekeeping pad 
integral with the 
structure 

Attachment 

Support 
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FIGURE C11-10 Examples of Components, Supports, and Attachments.

Com_c11.indd   476 4/14/2010   11:06:09 AM



MINIMUM DESIGN LOADS

477

ground motion intensity that is based on maximum, 
rather than the average (geometrical mean), response 
spectra acceleration in the horizontal plane. These 
differences are explained in detail in the Commentary 
of the 2009 NEHRP Recommended Provisions. Except 
for determining the MCEG PGA values in Chapters 11 
and 21, the mapped values are given as MCER spectral 
values.

C11.7 DESIGN REQUIREMENTS FOR 
SEISMIC DESIGN CATEGORY A

The 2002 edition of this standard included a new 
provision of minimum lateral force for Seismic 
Design Category A structures. The minimum load is a 
structural integrity issue related to the load path. It is 
intended to specify design forces in excess of wind 
loads in heavy low-rise construction. The design 
calculation is simple and easily done to ascertain if it 
governs or the wind load governs. This provision 
requires a minimum lateral force of 1 percent of the 
total gravity load assigned to a story to assure general 
structural integrity.

C11.8.2 Geotechnical Investigation Report 
Requirements for Seismic Design Categories 
C through F

Earthquake motion is only one factor in assessing 
potential for geologic and seismic hazards. All of 

the listed hazards can lead to surface ground 
displacements with potential adverse consequences 
to structures. Finally, hazard identifi cation alone 
has little value unless mitigation options are also 
identifi ed.

C11.8.3 Additional Geotechnical Investigation 
Report Requirements for Seismic Design 
Categories D through F

In the 2003 NEHRP Commentary, liquefaction 
requires consideration of both peak ground accelera-
tion and earthquake magnitude. The 2003 NEHRP 
Provisions specify a default value of SDS/2.5 for peak 
ground acceleration. However, Section 11.8.3 of this 
standard specifi es a default value of SS/2.5, which is 
generally more conservative than the default value 
specifi ed in the NEHRP Provisions, except in the 
case of lower values of SS for Site Class E. The 
2.5 factor is a nominal amplifi cation from peak 
ground acceleration to short period spectral response 
acceleration.

The assessment of liquefaction potential may 
be based on the Summary Report and supporting 
documentation contained in NCEER-97-0022, 
Proceedings of the NCEER Workshop on Evaluation 
of Liquefaction Resistance of Soils, available from 
the Multidisciplinary Center for Earthquake Engi-
neering Research, State University of New York at 
Buffalo, Red Jacket Quadrangle, Buffalo, New York, 
14261.
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Chapter C12

SEISMIC DESIGN REQUIREMENTS FOR 
BUILDING STRUCTURES

revised requirement is “intended to quantify the 
importance of redundancy.” The NEHRP Commen-
tary points out that “many non-redundant structures 
have been designed in the past using values of R that 
were intended for use in designing structures with 
higher levels of redundancy.” In other words, the use 
of the R factor in the design has led to slant in design 
in the wrong direction. The NEHRP Commentary 
indicates that the source of the revised factor is 
Technical Subcommittee 2 of the NEHRP Provisions.

C12.4.3 Seismic Load Effect Including 
Overstrength Factor

Some elements of properly detailed structures are 
not capable of safely resisting ground-shaking 
demands through inelastic behavior. To ensure safety, 
these elements must be designed with suffi cient 
strength to remain elastic. The Ω0 coeffi cient approxi-
mates the inherent overstrength in typical structures 
having different seismic force-resisting systems. The 
special seismic loads, factored by the Ω0 coeffi cient, 
are an approximation of the maximum force these 
elements are ever likely to experience. This standard 
permits the special seismic loads to be taken as less 
than the amount computed by applying the Ω0 

coeffi cient to the design seismic forces when it can be 
shown that yielding of other elements in the structure 
will limit the amount of load that can be delivered to 
the element. As an example, the axial load in a 
column of a moment-resisting frame will derive from 
the shear forces in the beams that connect to this 
column. The axial loads due to lateral seismic action 
need never be taken as greater than the sum of the 
shears in these beams at the development of a full 
structural mechanism, considering the probable 
strength of the materials and strain-hardening effects 
(for frames controlled by beam hinge-type mecha-
nisms this would typically be 2Mp/L, where for steel 
frames Mp is the expected plastic moment capacity of 
the beam as defi ned in the AISC Seismic Specifi ca-
tion and for concrete frames, Mp would be the 
probable fl exural strength of the beam, where L is the 
clear span length). In other words, as used in this 
section, the term “capacity” means the expected or 
median anticipated strength of the element, consider-
ing potential variation in material yield strength and 

C12.3.3.3 Elements Supporting Discontinuous 
Walls or Frames

The purpose of the special load combinations is 
to protect the gravity load-carrying system against 
possible overloads caused by overstrength of the 
lateral force-resisting system. Either columns or 
beams may be subject to such failure, therefore, both 
should include this design requirement. Beams may 
be subject to failure due to overloads in either the 
downward or upward directions of force. Examples 
include reinforced concrete beams, the weaker top 
laminations of glulam beams, or unbraced fl anges of 
steel beams or trusses. Hence, the provision has not 
been limited simply to downward force, but instead to 
the larger context of “vertical load.” A remaining 
issue that has not been fully addressed in this edition 
is clarifi cation of the appropriate load case for the 
design of the connections between the discontinuous 
walls or frames and the supporting elements.

The connection between the discontinuous 
element and the supporting member must be adequate 
to transmit the forces for which the discontinuous 
element was designed. For example, where the 
discontinuous element is required to comply with the 
special loads specifi ed in Section 12.4.3, as is the case 
for steel columns in braced and steel moment frames, 
its connection to the supporting member will also be 
required to be designed to transmit the same forces. 
These same special seismic loads are not required for 
shear wall systems and, as such, the connection 
between the shear wall and the supporting member 
would only need to be designed to transmit the loads 
associated with the shear wall and not the special 
seismic loads.

C12.3.4 Redundancy
This standard introduces a revised redundancy 

factor for structures in Seismic Design Categories D, 
E, and F to quantify redundancy. The value of this 
factor is either 1.0 or 1.3. This factor has an effect of 
reducing the R factor for less redundant structures, 
thereby increasing the seismic demand. The factor is 
specifi ed in recognition of the need to address the 
issue of redundancy in the design. The National 
Earthquake Hazards Reduction Program (NEHRP) 
Commentary Section 5.2.4 explains that this new 
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strain-hardening effects. When calculating the 
capacity of elements for this purpose, material 
strengths should not be reduced by capacity or 
resistance factors.

C12.6 ANALYSIS PROCEDURE SELECTION 

Table 12.6-1 provides the permitted analysis proce-
dures for all seismic design categories. The table is 
applicable only to buildings without seismic isolation 
(Chapter 17) or passive energy devices (Chapter 18).

The four basic procedures provided in Table 
12.6-1 are Equivalent Lateral Force (ELF) analysis 
(Section 12.8), modal response spectrum (MRS) 
analysis (Section 12.9), and linear response history 
(LRH) analysis and nonlinear response history (NRH) 
analysis. Requirements for performing response 
history analysis are provided in Chapter 16 of the 
standard. Nonlinear static pushover analysis is not 
provided as an “approved” analysis procedure in 
ASCE 7-05.

The ELF method is allowed for all SDC B and C 
buildings, and for all SDC D, E, and F buildings, with 
the following two exceptions:

Regular structures with height > 160 ft (48.8 m) and 
T > 3.5Ts

Structures with height < 160 ft (48.8 m) and with one 
or more of the following irregularities: torsion, 
extreme torsion, soft story, extreme soft story, 
weight (mass), or vertical geometric.

Ts = SD1/SDS is the period at which the horizontal 
and descending parts of the response spectrum 
intersect (Figure 11.4-1). The value of Ts will depend 
on the Site Class because SDS and SD1 include such 
effects. When ELF is not allowed, the analysis must 
be performed using modal response spectrum or 
response history analysis.

ELF is not allowed for buildings with the listed 
irregularities because the procedure is based on an 
assumption of a gradually varying distribution of mass 
and stiffness along the height and negligible torsional 
response. The basis for the 3.5Ts limitation is that the 
higher modes become more dominant in taller build-
ings (Lopez and Cruz 1996, Chopra 2007), and as a 
result, the ELF method may underestimate the design 
base shear and may not correctly predict the vertical 
distribution of seismic forces in taller buildings.

C12.7.1 Foundation Modeling
This section provides direction as to how to treat 

the interface between the structure and soils. Founda-

tion fl exibility may be included as part of the model 
of the structure, but doing so is not required. Where 
foundation fl exibility is not considered, the foundation 
elements and the base of the structure may be rigidly 
restrained. The rigid restraints should be consistent 
with the design of the structure. As an example, 
consider a moment frame building without a basement 
and with moment-frame columns supported on 
footings designed to support shear and axial loads, 
i.e., pinned column bases. For such a building, the 
base is the level at the top of the footings. If founda-
tion fl exibility is not considered, the columns should 
be restrained horizontally and vertically, but not 
rotationally. Consider a moment-frame building with 
a basement and the base defi ned as the level closest to 
grade. For this building, horizontal restraint may be 
provided at the level closest to grade, as long as the 
diaphragm is designed to transfer the shear out of the 
moment frame. Because the columns extend through 
the basement, they may also be restrained rotationally 
and vertically at this level. However, many times it is 
better to extend the model through the basement and 
provide the vertical and rotational restraints at the 
foundation elements, which is more consistent with 
the actual building geometry.

C12.8.4.1 Inherent Torsion
Where earthquake forces are applied concurrently 

in two orthogonal directions the 5 percent displace-
ment of the center of mass should be applied along a 
single orthogonal axis chosen to produce the greatest 
effect, but need not be applied simultaneously along 
two axes (i.e., in a diagonal direction).

Most diaphragms of light-frame construction are 
somewhere between rigid and fl exible for analysis 
purposes, that is, semirigid. Such diaphragm behavior 
is diffi cult to analyze when considering torsion of the 
structure. As a result, it is believed that consideration 
of the amplifi cation of the torsional moment is a 
refi nement that is not warranted for light-frame 
construction.

Historically, the intent of the Ax term was not to 
amplify the natural torsion component, only the 
accidental torsion component. There does not appear 
reason to further increase design forces by amplifying 
both components together.

C12.11.2 Anchorage of Structural Walls and 
Transfer of Design Forces into Diaphragms

There are numerous instances in U.S. earthquakes 
of tall, single-story, and heavy walls becoming 
detached from supporting roofs, resulting in collapse 
of walls and supported bays of roof framing 
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(Hamburger and McCormick 1994). The response 
involves dynamic amplifi cation of ground motion by 
response of vertical system and further dynamic 
amplifi cation from fl exible diaphragms. The design 
forces for seismic design category D and higher have 
been developed over the years in response to studies 
of specifi c failures. It is generally accepted that the 
rigid diaphragm value is reasonable for structures 
subjected to high ground motions. For a simple 
idealization of the dynamic response, these values 
imply that the combined effects of inelastic action in 
the main framing system supporting the wall, the wall 
(acting out of plane), and the anchor itself correspond 
to a reduction factor of 4.5 from elastic response to an 
MCE motion and therefore the R value associated 
with nonlinear action in the wall or the anchor itself is 
3.0. Such reduction is generally not achievable in the 
anchorage itself, thus it must come from yielding 
elsewhere in the structure, for example, the vertical 
elements of the seismic force resisting system (SFRS), 
the diaphragm, or walls acting out of plane. The 
minimum forces are based upon the concept that less 
yielding will occur with smaller ground motions and 
less yielding will be achievable for systems with 
smaller R factors, which are permitted in Seismic 
Design Categories B and C. The minimum R factor in 
Seismic Design Category D is 3.25, excepting 
cantilever column systems and light-frame walls 

sheathed with materials other than wood structural 
panels, whereas the minimum R factors for Categories 
B and C are 1.5 and 2.0, respectively.

Where the roof framing is not perpendicular to 
anchored walls, provision needs to be made to transfer 
both the tension and sliding components of the 
anchorage force into the roof diaphragm. Where a 
wall cantilevers above its highest attachment to, or 
near, a higher level of the structure, the reduction 
factor based upon height within the structure, 
(1 + 2z/h)/3, may result in a lower anchorage force 
than appropriate. In such an instance, using a value of 
1.0 for the reduction factor may be more appropriate.
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Chapter C13

SEISMIC DESIGN REQUIREMENTS FOR 
NONSTRUCTURAL COMPONENTS

The requirements are intended to apply only to 
permanent components, not furnishings and temporary 
or mobile equipment. Furnishings (with the exception 
of more massive elements like storage cabinets) may 
shift during strong ground shaking, but pose minimal 
hazards. Equipment must be anchored if it is perma-
nently attached to the structure utility services, such 
as electricity, gas, or water. For the purposes of this 
requirement, “permanently attached” includes all 
electrical connections except plugs for duplex 
receptacles.

Temporary components remain in place for short 
periods of time (measured in months). It does not 
include components that, while movable, are expected 
to remain in place for long periods. For example, 
although modular offi ce systems can be taken apart 
and relocated, they ordinarily remain in place for 
years and therefore are not temporary.

Mobile units include components that are moved 
from one point in the structure to another during 
ordinary use. Examples include desktop computers, 
offi ce equipment, and other components that are not 
permanently attached to the building utility systems. 
Components mounted on wheels to facilitate periodic 
maintenance or cleaning but which otherwise remain 
in the same location are not considered movable for 
the purposes of anchorage and bracing.

With the exception of parapets supported by 
bearing walls or shear walls, all components in 
Seismic Design Categories A and B are exempt, due 
to the low levels of ground shaking expected. Parapets 
are not exempt because experience has shown that 
these items can fail and pose a signifi cant falling 
hazard, even at low-level shaking levels.

C13.2.2 Special Certifi cation Requirements for 
Designated Seismic Systems

This section addresses the qualifi cation of active 
designated seismic equipment, its supports, and 
attachments with the goal of improving survivability 
and achieving a high level of confi dence that a facility 
will be functional following a design earthquake. 
Active equipment has parts that rotate, move mechan-
ically, or are energized during operation. Active 
designated seismic equipment constitutes a limited 
subset of designated seismic systems. Failure of active 

C13.0 SEISMIC DESIGN REQUIREMENTS 
FOR NONSTRUCTURAL COMPONENTS

In Section 13.5.1 of ASCE 7-05, nonstructural 
components supported by chains or otherwise sus-
pended from the structure are exempt from lateral 
bracing requirements, provided they are designed not 
to infl ict damage to themselves or any other compo-
nent when subject to seismic motion. However, for 
the 2005 edition, it was determined that clarifi cations 
were needed on the type of nonstructural components 
allowed by these exceptions and the acceptable 
consequences of interaction between components. In 
ASCE 7-02, certain nonstructural components that 
could represent a fi re hazard following an earthquake 
were exempted from meeting the Section 9.6.1 
requirements. For example, gas-fi red space heaters 
clearly pose a fi re hazard following an earthquake, but 
were permitted to be exempted from the Section 9.6.1 
requirements. The fi re hazard following the seismic 
event must be given the same level of consideration 
as the structural failure hazard when considering 
components to be covered by this exception. In 
addition, the ASCE 7-02 language was sometimes 
overly restrictive because it did not distinguish 
between credible seismic interactions and incidental 
interactions. In ASCE 7-02, if a suspended lighting 
fi xture could hit and dent a sheet metal duct, it would 
have to be braced, although no credible danger is 
created by the impact. The new reference in Section 
13.2.3 of ASCE 7-05 allowed the designer to consider 
whether the failures of the component and/or the 
adjacent components are likely to occur if contact 
is made.

C13.1.4 Exemptions
Several classes of nonstructural components are 

exempted from the requirements of Chapter 13. The 
exemptions are made on the assumption that, either 
due to their inherent strength and stability, or the 
lower level of earthquake demand (accelerations 
and relative displacements), or both, these nonstruc-
tural components and systems can achieve the 
performance goals described earlier in this commen-
tary without explicitly satisfying the requirements of 
this chapter.
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designated seismic equipment itself may pose a 
signifi cant hazard. For active designated seismic 
equipment, failure of structural integrity or loss of 
function are to be avoided.

Examples of active designated seismic equipment 
include mechanical (HVAC and refrigration) or 
electrical (power supply distribution) equipment, 
medical equipment, fi re pump equipment, and 
uninterruptible power supplies for hospitals.

Evaluating post-earthquake operational perfor-
mance for active equipment by analysis generally 
involves sophisticated modeling with experimental 
validation and may not be reliable. Therefore, the use 
of analysis for active or energized components is not 
permitted unless a comparison can be made to 
components that have been otherwise deemed as 
rugged. As an example, a transformer is energized but 
contains components that can be shown to remain 
linearly elastic and are inherently rugged. On the 
other hand, switch equipment that contains fragile 
components is similarly energized but not inherently 
rugged, and therefore cannot be certifi ed solely by 
analysis. For complex components, testing or experi-
ence may therefore be the only practical way to 
ensure that the equipment will be operable following 
a design earthquake. Past earthquake experience has 
shown that most active equipment is inherently 
rugged. Therefore, evaluation of experience data 
together with analysis of anchorage is adequate to 
demonstrate compliance of active equipment such as 
pumps, compressors, and electric motors. In other 
cases, such as for motor control centers and switching 
equipment, shake table testing may be required.

As a rule of thumb, active mechanical and 
electrical equipment to be considered under Section 
13.2.2 can be limited to equipment that contains an 
electric motor greater than 10 hp or heat transfer 
capacity greater than 200 MBH. Components with 
lesser motor hp and thermal exchange capacity are 
generally considered to be small active components 
and are deemed rugged. Exceptions to this rule may 
be appropriate for specifi c cases, such as elevator 
motors that have higher horsepower but have been 
shown by experience to be rugged. Analysis is still 
required to ensure the structural integrity of the 
nonactive components. For example, a 15-ton con-
denser would require analysis of the load path 
between the condenser fan and coil to the building 
structure attachment.

C13.3.2 Seismic Relative Displacements
The design of some nonstructural components 

that span vertically in the structure can be compli-

cated when supports for the element do not occur at 
horizontal diaphragms. The language in Section 13.3.2 
was previously amended to clarify that story drift 
must be accommodated in the elements that will 
actually distort. For example, a glazing system 
supported by precast concrete spandrels must be 
designed to accommodate the full story drift, even 
though the height of the glazing system is only a 
fraction of the fl oor-to-fl oor height. This condition 
arises because the precast spandrels will behave as 
rigid bodies relative to the glazing system and 
therefore all the drift must be accommodated by 
anchorage of the glazing unit, the joint between the 
precast spandrel and the glazing unit, or some 
combination of the two.

C13.4.2.3 Post-Installed Anchors in Concrete 
and Masonry

Post-installed anchors in concrete and masonry 
should be qualifi ed for seismic loading through 
appropriate testing. The requisite tests for expansion 
and undercut anchors in concrete are given in the ACI 
standard ACI 355.2, Qualifi cation of Post-Installed 
Mechanical Anchors in Concrete and Commentary. 
Testing and assessment procedures based on the ACI 
standard that address expansion, undercut, screw and 
adhesive anchors are incorporated in ICC-ES accep-
tance criteria AC193, Acceptance Criteria for 
Mechanical Anchors in Concrete Elements and 
AC308, Acceptance Criteria for Post-installed 
Adhesive Anchors in Concrete Elements. For post-
installed anchors in masonry, seismic prequalifi cation 
procedures are contained in ICC-ES acceptance 
criteria AC01, Acceptance Criteria for Expansion 
Anchors in Masonry Elements AC58, Acceptance 
Criteria for Adhesive Anchors in Masonry Elements 
and AC106, Acceptance Criteria for Predrilled 
Fasteners (Screw Anchors) in Masonry Elements.

C13.4.6 Friction Clips
The term friction clip is defi ned in Section 11.2 

in a general way to encompass C-type beam clamps, 
as well as cold-formed metal channel (strut) connec-
tions. Friction clips are suitable to resist seismic 
forces provided they are properly designed and 
installed, but under no circumstances should they be 
relied upon to resist sustained gravity loads. C-type 
clamps must be provided with restraining straps, as 
shown in Fig. C13-1.

C13.5.6.2.2 Seismic Design Categories D through F 
Typical splay wire lateral bracing allows for some 
movement before it effectively restrains the ceiling. 
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The intent of the 2-in. perimeter closure wall angle is 
to permit back and forth motion of the ceiling during 
an earthquake without loss of support, and the width 
of the closure angle is key to good performance. This 
has been experimentally verifi ed by large-scale testing 
conducted by ANCO Engineering in 1983.

Extensive testing using the ICC-ES AC 156 
protocol by major manufacturers of suspended 
ceilings has shown that perimeter clips can provide 
equivalent performance if they are designed to 
accommodate the same degree of movement as the 
closure angle while supporting the tee ends.

C13.5.9 Glass in Glazed Curtain Walls, Glazed 
Storefronts, and Glazed Partitions

The 2000 National Earthquake Hazards Reduc-
tion Program (NEHRP (2000) Provisions contains 
seismic design provisions for glazing systems. For 
ASCE 7, it was found that clarity of the provisions 
could be improved by reformatting the equations.

C13.6 MECHANICAL AND 
ELECTRICAL COMPONENTS

The revisions to Table 13.6-1 in ASCE-07 are the 
result of work done in recent years to better under-
stand the performance of mechanical and electrical 
components and their attachment to the structure. The 
primary concepts of fl exible and rigid equipment and 
ductile and rugged behavior are drawn from the 

Structural Engineers Association of California, 
Recommended Lateral Force Requirements and 
Commentary, 1999 Edition, Commentary Section 
C107.1.7. Material on HVAC is based on The 
American Society of Heating, Refrigerating and 
Air-Conditioning Engineers, Inc. publication A 
Practical Guide to Seismic Restraint, RP-812, 1999. 
Other material on industrial piping, boilers, and 
pressure vessels is based on the American Society 
of Mechanical Engineers codes and standards 
publications.

C13.6.5.5 Additional Requirements
Most sheet metal connection points for seismic 

anchorage do not exhibit the same mechanical 
properties as bolted connections with structural 
elements. The use of Belleville washers improves the 
seismic performance of sheet metal connections by 
distributing the stress over a larger surface area of the 
sheet metal connection interface, allowing for bolted 
connections to be torqued to recommended values for 
proper preload while reducing the tendency for weak 
axis bending. The intrinsic spring loading capacity of 
the Belleville washer assists with long-term preload 
retention to maintain integrity of the seismic 
anchorage.

Manufacturers test or design their equipment to 
handle seismic loads at the equipment “hard points” 
or anchor locations. The interface between the anchor 
bolt and the equipment hard point should be in 
accordance with the specifi cation that was the basis 

FIGURE C13-1 C-Type Beam Clamp Equipped with a Restraining Strap.
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for the equipment seismic qualifi cation in order to 
maintain the integrity of the seismic load path from 
the equipment to the structure or seismic restraint 
system and should be provided in the manufacturer’s 
instructions. Where such guidance does not exist, it is 
the responsibility of the engineer-of-record or author-
ity having jurisdiction to ensure that appropriate 
reinforcement is provided.

C13.6.5.6 Conduit, Cable Tray, and Other Electrical 
Distribution Systems (Raceways)

The term raceway is defi ned in several standards 
with somewhat varying language. As used here, it is 
intended to describe all electrical distribution systems 
including conduit, cable trays, and open and closed 
raceways. Experience indicates that a size limit of 2.5 
in. can be established for the provision of fl exible 
connections to accommodate seismic relative displace-
ments that might occur between pieces of connected 
equipment because smaller conduit normally pos-
sesses the required fl exibility to accommodate such 
displacements. Where rod hangers are less than 12 in. 
in length, they may be exempted from design only if 
they will not experience bending moments, i.e., by the 
provision of a swivel at the top of the rod. Where this 
is not done and where braces are not provided, the rod 
hangers (and, where applicable, the anchors) must be 
designed for the resultant bending forces.

C13.6.8 Piping Systems
Due to the typical redundancy of piping system 

supports, total collapse of pipes in earthquakes are 
rare; however, pipe leakage resulting from excessive 
displacement or overstress often results in nonstruc-
tural damage. Loss of fl uid containment (leakage) 
normally occurs at discontinuities such as threads, 
grooves, geometric discontinuities, or locations where 
incipient cracks exist, such as at the toe or root of a 
weld or braze. Numerous building and industrial 
national standards and guidelines address a wide 
variety of piping systems materials and applications. 
Construction in accordance with the national stan-
dards referenced in these provisions is usually 
effective in limiting damage to piping systems and 
avoiding loss of fl uid containment under earthquake 
conditions.

The American Society of Heating, Refrigerating 
and Air-Conditioning Engineers (ASHRAE) A 
Practical Guide to Seismic Restraint and the Manufac-
turers Standardization Society (MSS) standard SP-127, 
Bracing for Piping Systems Seismic-Wind-Dynamic 
Design, Selection, Application, are derived in large 
part from the Sheet Metal and Air Conditioning 

Contractors’ National Association (SMACNA) 
standard Seismic Restraint Manual: Guidelines for 
Mechanical Systems. These documents may be 
appropriate references for use in the seismic design of 
piping systems. As the SMACNA standard does not 
refer to pipe stresses in the determination of hanger 
and brace spacing, however, a supplementary check of 
pipe stresses may be necessary when this document is 
used. The American Society of Mechanical Engineers 
(ASME) B31E Standard for the Seismic Design and 
Retrofi t of Above-Ground Piping Systems applies 
specifi cally to ASME piping, but could conservatively 
be applied to other cases as well. Code-compliant 
seismic design manuals prepared for proprietary 
systems may also be appropriate references.

Table 13.6-1 entries for piping previously listed 
the amplifi cation factor related to the response of 
piping systems as rigid (ap = 1.0) and values for 
component response modifi cation factors lower than 
in the current table. However, it was realized that 
most piping systems are fl exible and that the amplifi -
cation factor values should refl ect this fact; thus, ap 
was increased to 2.5 and the Rp values adjusted 
accordingly such that ap/Rp remains roughly consistent 
with earlier provisions.

Although seismic design in accordance with 
Section 13.6.8 generally ensures that effective seismic 
forces will not fail piping, seismic displacements may 
be underestimated such that impact with near struc-
tural, mechanical, or electrical components could 
occur. In marginal cases it may be advisable to protect 
the pipe with wrapper plates where impacts could 
occur, including at gapped supports. Insulation may in 
some cases also serve to protect the pipe from impact 
damage. Piping systems are typically designed for 
pressure containment, and piping designed with a 
factor of safety of 3 or more against pressure failure 
(rupture) may be inherently robust enough to survive 
impact with nearby structures, equipment, and other 
piping, particularly if the piping is insulated. Piping 
having less than standard wall thickness may require 
the evaluation of the effects of impact locally on the 
pipe wall and may necessitate means to protect the 
pipe wall.

It is usually preferable for piping to be detailed to 
accommodate seismic relative displacements between 
the fi rst seismic support upstream or downstream from 
connections to other seismically supported compo-
nents or headers. This may be achieved by means of 
pipe fl exure or fl exible supports. Piping not otherwise 
detailed to accommodate such seismic relative 
displacements must be provided with connections 
having suffi cient fl exibility to avoid failure of the 
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piping. This option may be less desirable due to the 
need for greater maintenance efforts to ensure 
continued proper function of the fl exible connections.

Grooved couplings, ball joints, resilient gasket 
compression fi ttings, and other articulating-type 
connections are used in many piping systems and can 
serve to increase the overall rotational design capacity 
of the piping connections. Grooved couplings are 
classifi ed as either rigid or fl exible. Flexible grooved 
couplings demonstrate limited free rotational capacity. 
The free rotational capacity is the maximum articulat-
ing angle where the connection behaves essentially as 
a pinned joint with limited or negligible stiffness. The 
remaining rotational capacity of the connection is 
associated with conventional joint behavior, and 
design force demands in the connection are deter-
mined by traditional means.

Industry-wide procedures for the determination of 
coupling fl exibility are not currently available; 
however, guidance may be found in the provisions for 
fi re sprinkler piping, where grooved couplings are 
classifi ed as either rigid or fl exible on the basis of 
specifi c requirements on angular movement. In 
Section 3.5.4 of the 2007 Edition of NFPA 13, 
Standard for the Installation of Sprinkler Systems, 
fl exible couplings are defi ned as follows:

A listed coupling or fi tting that allows axial 
displacement, rotation, and at least 1 degree of 
angular movement of the pipe without inducing 
harm on the pipe. For pipe diameters of 8-inch 
(203.2 mm) and larger, the angular movement 
shall be permitted to be less than 1 degree but not 
less than 0.5 degrees.

Couplings determined to be fl exible on this basis are 
listed either with FM 1920, Approval Standard for 
Pipe Couplings and Fittings for Aboveground Fire 
Protection Systems, or UL 213, Rubber Gasketed 
Fittings for Fire-Protection Service.

Piping component testing suggests that the 
ductility capacity of carbon steel threaded and fl exible 
grooved piping component joints ranges between 1.4 
and 3.0, implying an effective stress intensifi cation of 
approximately 2.5. These types of connections have 
been classifi ed as having limited deformability, and 
piping systems with these connections have Rp values 
lower than piping with welded or brazed joints.

The allowable stresses for piping constructed with 
ductile materials assumed to be materials with high 
deformability not designed in accordance with an 
applicable standard or recognized design basis are 
based on values consistent with structural steel 
standards for comparable piping materials.

The allowable stresses for piping constructed 
with low-deformability materials not designed in 
accordance with an applicable standard or recognized 
design basis are derived from values consistent 
with ASME standards for comparable piping 
materials.

For typical piping materials, pipe stresses are 
seldom the governing parameter in determining the 
hanger and brace spacing. Other considerations, such 
as the capacity of the hanging and bracing connec-
tions to the structure, limits on the lateral displace-
ments between bracing to avoid impacts, or the need 
to limit pipe sag between hangers in order to avoid 
the pooling of condensing gases may be more likely 
to govern the design. Nevertheless, seismic span 
tables, based on limiting stresses and displacements in 
the pipe, can be a useful adjunct for establishing 
bracing locations.

Piping systems’ service loads of pressure and 
temperature need also be considered in conjunction 
with seismic loads. The potential for lower than 
ambient operating temperatures should be considered 
in the designation of the piping system materials as 
having high or low deformability. High deformability 
may often be assumed for steels, particularly ASME 
listed materials operating at high temperatures, copper 
and copper alloys, and aluminum. Low deformability 
should be assumed for any piping material that 
exhibits brittle behavior, such as glass, ceramics, and 
many plastics.

Piping should be designed to accommodate 
relative displacements between the fi rst rigid piping 
support and connections to equipment or piping 
headers often assumed to be anchors. Barring such 
design, the equipment or header connection could be 
designed to have suffi cient fl exibility to avoid failure. 
The specifi cation of such fl exible connections should 
consider the necessity of connection maintenance.

Where appropriate, a walkdown of the fi nally 
installed piping system by an experienced design 
professional familiar with seismic design is recom-
mended, particularly for piping greater than 6 in. 
(152.4 mm) nominal pipe size, high-pressure piping, 
piping operating at higher than ambient temperatures, 
and piping containing hazardous materials. The need 
for a walkdown may also be related to the scope, 
function, and complexity of the piping system as well 
as the expected performance of the facility. In 
addition to providing a review of seismic restraint 
location and attachment, the walkdown verifi es that 
the required separation exists between the piping and 
nearby structures, equipment, and other piping in the 
as-built condition.
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C13.6.8.1 ASME Pressure Piping Systems
In Table 13-6-1, the increased Rp values listed 

for ASME B31-compliant piping systems are 
intended to refl ect the more rigorous design, construc-
tion, and quality control requirements as well as 
the intensifi ed stresses associated with ASME B31 
designs.

Materials meeting ASME toughness requirements 
may be considered to be high-deformability materials.

C13.6.8.2 Fire Protection Sprinkler Piping Systems
The lateral design procedures of NFPA (2007) 

have been revised for consistency with the ASCE/SEI 
7 design approach while retaining traditional sprinkler 
system design concepts. Using conservative upper-
bound values of the various design parameters, a 

single lateral force coeffi cient, Cp, was developed. It 
is a function of the mapped short period response 
parameter Ss. Stresses in the pipe and connections are 
controlled by limiting the maximum reaction at 
bracing points, as a function of pipe diameter.

Other components of fi re protection systems, e.g., 
pumps and control panels, are subject to the general 
requirements of ASCE/SEI 7.

C13.6.8.3 Exceptions
The conditions under which the force and 

displacement requirements of Section 13.3 may be 
waived are based on observed performance in past 
earthquakes. The 12-in. (305-mm) limit on the hanger 
or trapeze drop must be met by all the hangers or 
trapezes supporting the piping system.
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MATERIAL-SPECIFIC SEISMIC DESIGN AND 
DETAILING REQUIREMENTS

than 2.5 are required to be designed as columns in 
compliance with Section 21.9 if they are utilized as 
part of the lateral force-resisting system, even though 
the shortest cross-sectional dimension may be less 
than 12 in. in violation of Section 21.6.1.1. However, 
because such segments are part of walls that do not 
need to satisfy 21.6.1.1’s limitation on the shortest 
cross-sectional dimension of 12 in., such segments 
may be designed to comply with Section 21.13 if they 
are not utilized as part of the lateral force-resisting 
system. Wall segments with a horizontal length-to-
thickness ratio larger than or equal to 2.5, which do 
not meet the defi nition of wall piers (Section 
14.2.2.1), must be designed as special structural walls 
or as portions of special structural walls in full 
compliance with Section 21.9 or 21.10.

C14.2.2.6 Foundations
The intention is that there should be no confl icts 

between the provisions of Section 21.12 of ACI 318 
and Sections 12.1.5, 12.13, or 14.2 of ASCE 7. 
However, the additional detailing requirements for 
concrete piles of Section 14.2.3 can result in confl icts 
with ACI 318 provisions if the pile in not fully 
embedded in the soil.

C14.2.2.7 Intermediate Precast Structural Walls
Section 21.4 of ACI 318 imposes requirements on 

precast walls for moderate seismic risk applications. 
Ductile behavior is to be ensured by yielding of the 
steel elements or reinforcement between panels or 
between panels and foundations. This provision 
requires the designer to determine the deformation in 
the connection corresponding to the earthquake design 
displacement, and then to check from experimental 
data that the connection type used can accommodate 
that deformation without signifi cant strength degrada-
tion. By contrast, the 2006 edition of the International 
Building Code (IBC) restricts yielding to steel 
reinforcement only because of concern that steel 
elements in the body of a connection could fracture 
due to inelastic strain demands.

The wall pier requirements of Section 21.4.5 are 
patterned after the same requirements of Section 
14.2.2.5 for wall piers that are part of structures in 
high seismic design categories.

C14.2 CONCRETE

The section adopts by reference ACI 318-08 for 
structural concrete design and construction. In 
addition, modifi cations to ACI 318-08 are made 
that are needed to coordinate the provisions of that 
material design standard with the provisions of 
ASCE 7. Work is ongoing to better coordinate the 
provisions of the two documents (ACI 318 and 
ASCE 7) such that the provisions in Section 14.2 
will be signifi cantly reduced in future editions of 
ASCE 7.

C14.2.2.1 ACI 318, Section 7.10
Section 7.10.5.6 of ACI 318 prescribes reinforce-

ment details for ties in compression members. This 
modifi cation prescribes additional details for ties 
around anchor bolts in structures assigned to SDC C 
through F.

C14.2.2.2 Defi nitions
The fi rst two defi nitions describe wall types for 

which defi nitions currently do not exist in ACI 318. 
These defi nitions are essential to the proper interpreta-
tion of the R and Cd factors for each wall type 
specifi ed in Table 12.2-1 of ASCE 7-05.

A wall pier is recognized as a separate category 
of structural element in this document but not in 
ACI 318.

C14.2.2.3 Scope
This provision describes how the ACI 318 

provisions should be interpreted for consistency with 
the ASCE 7 provisions.

C14.2.2.4 Wall Piers and Wall Segments
Wall piers are typically segments between 

openings in walls that are thin in the direction normal 
to the horizontal length of the wall. In current practice 
these elements are often not regarded as columns or 
as part of the structural walls. If not properly rein-
forced, these elements are vulnerable to shear failure 
and that failure prevents the wall from developing the 
assumed fl exural hinging. Section 21.9.10 is written to 
reduce the likelihood of a shear failure. Wall seg-
ments with a horizontal length-to-thickness ratio less 
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Several steel element connections have been 
tested under simulated seismic loading, and the 
adequacy of their load-deformation characteristics and 
strain capacity have been demonstrated (Schultz and 
Magana 1996). One such connection was used in the 
fi ve-story building test that was part of the PRESSS 
Phase 3 research. The connection was used to provide 
damping and energy dissipation, and it demonstrated a 
very large strain capacity (Nakaki et al. 2001). Since 
then, several other steel element connections have 
been developed that can achieve similar results 
(Banks and Stanton 2005, Nakaki et al. 2005). In 
view of these results, it is appropriate to allow 
yielding in steel elements that have been shown 
experimentally to have adequate strain capacity to 
maintain at least 80% of their yield force through the 
full design displacement of the structure.

C14.2.2.8 Detailed Plain Concrete Shear Walls
Design requirements for plain masonry walls 

have existed for many years, and the corresponding 
type of concrete construction is the plain concrete 
wall. To allow the use of such walls as the lateral 
force-resisting system in SDC A and B, this provision 
requires such walls to contain at least the minimal 
reinforcement specifi ed in Section 22.6.7.2.

C14.2.2.9 Strength Requirements for Anchors
ACI 318-08 requires laboratory testing to 

establish the strength of anchor bolts greater than 2 in. 
in diameter or exceeding 25 in. in tensile embedment 
depth. This modifi cation makes the ACI 318 equation 
giving the basic concrete breakout strength of a single 
anchor in tension in cracked concrete applicable 
irrespective of the anchor bolt diameter and tensile 
embedment depth.

Korean Power Engineering (KPE) (Lee et al. 
2007) has made tension tests on anchors with diam-
eters up to 4.25 in. and embedment depths up to 45 
in. and found that the diameter and embedment depth 
limits of Section D4.2.2 of ACI 318-08 for the design 
procedure for anchors in tension (Section D5.2) can 
be eliminated. KPE has also made shear tests on 
anchors with diameters up to 3.0 in. and embedment 
depths as large as 30 in. and found no effect of the 
embedment depth on shear strength. However, the 
diameter tests showed that the basic shear breakout 
strength (Eq. D-24) needed some modifi cation for the 
complete elimination of the 2-in. limit to be fully 
appropriate (Lee 2006). Use of anchor reinforcement 
is recommended for that case. Analytical work 
performed at the University of Stuttgart supports the 
need for some modifi cation to Eq. D-24. Changes 

consistent with the Korean and Stuttgart fi ndings have 
already been made to the FIB Design Guide for 
anchors.

C14.2.3 Additional Detailing Requirements for 
Concrete Piles

Chapter 20 of PCI (2004) Bridge Design Manual 
(Ref. x) provides detailed information on the struc-
tural design of piles and on pile to cap connections 
for precast prestressed concrete piles. ACI 318 does 
not contain provisions governing the design and 
installation of portions of concrete piles, drilled piers, 
and caissons embedded in ground except for SDC D, 
E, and F structures.

C14.2.3.1.2 Reinforcement for Uncased Concrete 
Piles (SDC C) The transverse reinforcing require-
ments in the potential plastic hinge zone of uncased 
concrete piles in Seismic Design Category C is a 
selective composite of two ACI 318 requirements. In 
the potential plastic hinge region of an intermediate 
moment-resisting concrete frame column, the trans-
verse reinforcement spacing is restricted to the least 
of (1) eight times the diameter of the smallest 
longitudinal bar, (2) 24 times the diameter of the tie 
bar, (3) one-half the smallest cross-sectional dimen-
sion of the column, and (4) 12 in. Outside of the 
potential plastic hinge region of a special moment-
resisting frame column, the transverse reinforcement 
spacing is restricted to the smaller of six times the 
diameter of the longitudinal column bars and 6 in.

C14.2.3.1.5 Reinforcement for Precast Nonprestressed 
Concrete Piles (SDC C) Transverse reinforcement 
requirements in and outside of the plastic hinge zone 
of precast nonprestressed piles are clarifi ed. The 
transverse reinforcement requirement in the potential 
plastic hinge zone is a composite of two ACI 318 
requirements (see Section C14.2.3.1.2). Outside of the 
potential plastic hinge region, the transverse reinforce-
ment spacing is restricted to sixteen (16) times the 
longitudinal bar diameter. This should permit the 
longitudinal bars to reach compression yield before 
buckling. The maximum 8-in. tie spacing comes from 
current building code provisions for precast concrete 
piles.

C14.2.3.1.6 Reinforcement for Precast Prestressed 
Piles (SDC C) The transverse and longitudinal 
reinforcing requirements given in ACI 318, 
Chapter 21, were never intended for slender precast 
prestressed concrete elements and will result in 
unbuildable piles. These requirements are based on 
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Recommended Practice for Design, Manufacture and 
Installation of Prestressed Concrete Piling, PCI 
Committee on Prestressed Concrete Piling (1993).

Equation 14.2-1, originally from ACI 318, has 
always been intended to be a lower-bound spiral 
reinforcement ratio for larger diameter columns. It is 
independent of the member section properties and can 
therefore be applied to large or small diameter piles. 
For cast-in-place concrete piles and precast pre-
stressed concrete piles, the resulting spiral reinforcing 
ratios from this formula are considered to be suffi cient 
to provide moderate ductility capacities (Fanous et al. 
2007).

Full confi nement per Eq. 14.2-1 is required for 
the upper 20 ft of the pile length where curvatures are 
large. The amount is relaxed by 50 percent outside of 
that length in view of lower curvatures and in 
consideration of confi nement provided by the soil.

C14.2.3.2.3 Reinforcement for Uncased Concrete 
Piles (SDC D through F) The reinforcement require-
ments for uncased concrete piles are taken from 
current building code requirements and are intended 
to provide ductility in the potential plastic hinge zones 
(Fanous et al. 2007).

C14.2.3.2.5 Reinforcement for Precast Concrete Piles 
(SDC D through F) The transverse reinforcement 
requirements for precast nonprestressed concrete piles 
are taken from the IBC (2006) requirements and 
should be adequate to provide ductility in the poten-
tial plastic hinge zones (Fanous et al. 2007).

C14.2.3.2.6 Reinforcement for Precast Prestressed 
Piles (SDC D through F) The reduced amounts of 
transverse reinforcement specifi ed in this provision 
compared to those required for column members in 
ACI 318 are justifi ed by the results of the study by 
Fanous et al. (2007). The last paragraph provides 
minimum transverse reinforcement outside of the zone 
of prescribed ductile reinforcing.

C14.4 MASONRY

This section adopts by reference and then makes 
modifi cations to TMS 402/ACI 530/ASCE 5 and TMS 
602/ACI 530.1/ASCE 6, which are commonly 
referred to as the “MSJC Standards (Code and 
Specifi cation)” after the Masonry Standards Joint 
Committee, which is charged with development and 
maintenance of these standards. In past editions of 
ASCE 7, modifi cations to these referenced standards 

were made. During the development of the 2008 
edition of the MSJC standards, each of these modifi -
cations were considered by the MSJC. Some were 
incorporated directly into the MSJC standards. These 
modifi cations have accordingly been removed from 
the modifi cations in ASCE 7-10. Work is ongoing to 
better coordinate the provisions of the two documents 
(MSJC and ASCE 7) such that the provisions in 
Section 14.4 will be signifi cantly reduced or elimi-
nated in future editions.
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Chapter C15

SEISMIC DESIGN REQUIREMENTS FOR 
NONBUILDING STRUCTURES

building-like nonbuilding structures as well as 
nonbuilding structures not similar to buildings.

Building-Like Nonbuilding Structures. Provi-
sions of Table 12.6-1 serve as a guideline for selec-
tion of analysis method for building-like nonbuilding 
structures. However, as illustrated in the following 
text, these provisions need to be carefully scrutinized 
for their relevance to building-like nonbuilding 
structures:

1. Consideration of irregularities: The criteria for 
analysis method selection, as delineated in Table 
12.6-1 of this standard, refer to various kinds of 
plan and vertical irregularities that can trigger a 
dynamic analysis requirement. In particular, 
plan irregularities of Types 1a and 1b as well as 
vertical irregularities of Types 1, 2, and 3 require 
dynamic analysis for Seismic Design Categories D, 
E, and F (the various types of plan and vertical 
irregularities are summarized in Tables 12.3-1 
and 12.3-2 of this standard, respectively). The 
vertical irregularities concerning a weak or 
soft story are equally relevant to building-like 
nonbuilding structures. The following discussion 
provides some guidance on the relevance of the 
plan irregularities and Types 2 and 3 vertical 
irregularities.
(a) Plan irregularities: It is worth noting that the 

premise behind the plan irregularities is the 
assumption that the structure in question has 
rigid horizontal diaphragms. As such, a 
building-like nonbuilding structure should be 
examined for the relevance of this assumption 
because building-like nonbuilding structures 
can have no diaphragms at all, nonrigid 
diaphragms, or both.

(b) Vertical irregularities: The Type 2 vertical 
irregularity concerns weight/mass distribution. 
This provision is relevant when the various 
story levels do actually support signifi cant 
loads. As such, this provision is not applicable 
when a building-like nonbuilding structure 
supports signifi cant masses only at certain 
elevations while other levels support small 
masses associated with stair landings, access 
platforms, and so forth.

C15.0 SEISMIC DESIGN REQUIREMENTS 
FOR NONBUILDING STRUCTURES

The National Earthquake Hazards Reduction Program 
(NEHRP) Provisions contain additional design 
requirements for nonbuilding structures in an 
Appendix to Chapter 14 of the NEHRP Provisions. 
The NEHRP Commentary contains, in addition to 
Chapter 14, additional guidance in an Appendix to 
Chapter 14. These additional resources should be 
referred to in designing nonbuilding structures for 
seismic loads.

C15.1.3 Structural Analysis Procedure Selection
In Section 12.6 of this standard, specifi c seismic 

analysis procedure requirements for building struc-
tures are defi ned on the bases of the seismic design 
category, fundamental period, T, and the presence of 
certain plan and vertical irregularities in the structural 
system. Review of Table 12.6-1 shows that the use of 
the equivalent lateral force procedure is not permitted 
for structures with fundamental period greater than 
3.5Ts (where Ts = SD1/SDS). This requirement is based 
on the fact that, unlike the dominance of the fi rst 
mode response in case of buildings with lower fi rst 
mode period, higher vibration modes do contribute 
more signifi cantly in situations when the fi rst mode 
period is larger than 3.5Ts. The provision refl ects that 
the second mode frequency is at least 3.50 times the 
fi rst mode frequency (corresponding to the assumption 
of a classic shear building model) so that the spectral 
acceleration corresponding to the second and/or 
higher modes will fall on the peak of the design 
response spectrum, resulting in a larger contribution 
of higher modes to the total response.

Based on the above discussion, it follows that 
dynamic analysis (modal response analysis, linear 
time-history analysis, and nonlinear time-history 
analysis) is required for building-like nonbuilding 
structures if the fi rst mode period is larger than 3.5Ts 
(nonbuilding structures such as single pedestal 
elevated water tanks that are single degree of freedom 
systems for all practical purposes are not subject to 
this requirement).

Some additional guidelines and recommendations 
for nonbuilding structures are provided below for 
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The Type 3 vertical irregularity concerns 
the extent of difference between the horizontal 
dimensions of adjacent levels. A typical 
scenario is that the lower level is wider than 
the upper level (the opposite situation is 
generally uncommon) such that there can be 
signifi cant disparity between the stiffnesses of 
the two levels (the width disparity could also 
trigger a weight/mass irregularity, depending 
on the magnitudes of masses supported at the 
two levels). A signifi cantly uneven stiffness 
distribution can result in a different (fi rst) 
mode shape than the one(s) assumed in the 
development of the equivalent lateral force 
procedure. Given that the concern stems from 
uneven stiffness distribution, one needs to look 
at whether the lower story indeed has greater 
lateral stiffness. It may be possible that the 
added bay at the lower level(s) does not 
provide additional lateral stiffness (and 
strength) because it does not involve a lateral 
force resisting element (e.g., additional 
bracing, shear wall, moment frame, etc.).

2. Arrangement of supported masses: Despite their 
potential building-like appearance, not all non-
building structures are building-like in terms of 
how the attached masses are supported. For 
example, the response of nonbuilding structures 
composed of suspended vessels and boilers cannot 
be reliably determined using the equivalent lateral 
force procedure because of the pendulum mode 
shape(s) associated with the signifi cant mass of the 
vessel/boiler. The resulting pendulum mode 
shape(s), while benefi cial in terms of reducing the 
demand for story shears and base shear, may pose 
a problem in terms of providing suffi cient clear-
ances to allow pendulum motion of the supported 
vessel/boiler or piping. Dynamic analysis should be 
performed in such cases, with consideration for 
appropriate impact forces in the absence of 
adequate clearances.

3. Relative rigidity of beams and girders: Even when 
a classic shear building model may seem appropri-
ate, the use of the equivalent lateral force proce-
dure results in an underestimation of the total 
response if the girders are fl exible relative to the 
columns (in case of moment frame systems) or 
relative to braces (in case of braced systems). This 
is because increase in the fl exibility of girders 
results in diminution of the modal contribution 
factor associated with the fi rst mode so that the 
higher modes may contribute more signifi cantly to 
the total response. The reason for this increased 

contribution of higher modes is different in this 
case than the standard provision requiring dynamic 
analysis when the fi rst mode period is larger than 
3.50Ts in that fl exible girders increase the higher 
mode contributions regardless of how much larger 
the fi rst mode period is compared to Ts. The 
situation of fl exible girders can be pertinent to 
nonbuilding structures due to the potential absence 
of “normal” fl oors common to buildings. There-
fore, the dynamic analysis procedures are recom-
mended for building-like nonbuilding structures 
with fl exible beams and girders. Alternatively, the 
equivalent lateral force procedure may be used in 
these situations if the shape of the design response 
spectrum (see Fig 11-1) is modifi ed past period Ts 
by using the relationship Sa = SD1/T2/3 (instead of 
Sa = SD1/T). This ad hoc adjustment accounts for 
the expected increase in higher mode contributions 
associated with the presence of fl exible beams and 
girders.

Nonbuilding Structures Not Similar to 
Buildings. The equivalent lateral force procedure is 
based on the assumption of a classic shear building 
model. By their very nature, many nonbuilding 
structures not similar to buildings cannot be idealized 
with a shear building model for characterization of 
their dynamic behavior. The following discussion is 
intended to illustrate the type of issues that should be 
considered for selecting an appropriate method for 
their dynamic analysis as well as for determining the 
nature of lateral force distribution if an equivalent 
static force method is deemed appropriate.

1. Structural geometry: Nonbuilding structures, such 
as bottom-supported vertical vessels, stacks, and 
chimneys (i.e., structures with a fi xed base and a 
relatively uniform distribution of their mass and 
stiffness), can be adequately represented by a 
cantilever model (e.g., the shear building model) so 
that they can be satisfactorily analyzed using the 
equivalent lateral force procedure provided in this 
standard. The procedure described in this standard 
is a special application (for cantilever/shear 
building models) of the more general Equivalent 
Static Method, which treats the response as being 
dominated by the fi rst mode.

A generalized version of the equivalent 
static method may be suitable for other simple 
nonbuilding structures with uniform mass and 
stiffness distribution. In such cases, it is necessary 
to identify the fi rst mode shape (from classic 
literature and/or from use of the Rayleigh–Ritz 
method) for distribution of the dynamic forces. 
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Alternatively, the dynamic forces can be conserva-
tively assumed to be evenly distributed along the 
entire structure.

Dynamic analysis is recommended for struc-
tures that either do not have uniform mass and 
stiffness distribution and/or an easily discernible 
fi rst mode shape.

2. Number of lateral supports: Cantilever models are 
obviously unsuitable for structures with multiple 
supports. A nonbuilding structure could yet be a 
candidate for application of the equivalent static 
method depending on the number and locations of 
the supports. For example, most beam type 
confi gurations lend themselves for application of 
the equivalent static method.

3. Method of supporting dead weight: Certain 
nonbuilding structures (e.g., power boilers) are 
supported from the top. They may be idealized as 
pendulums with uniform mass distribution. In 
contrast, a suspended platform may be idealized as 
a classic pendulum with concentrated mass. In 
either case, these types of nonbuilding structures 
can be adequately analyzed using the equivalent 
static method by calculating the appropriate 
frequency and mode shape.

4. Mass irregularities: Just as in the case of building-
like nonbuilding structures, the presence of 
signifi cantly uneven mass distribution can render 
the structures unsuitable for application of the 
equivalent static method. The dynamic analysis 
methods are recommended in such situations.

5. Torsional irregularities: Structures in which the 
fundamental mode of response is torsional and/or 
in which modes with signifi cant mass participation 
exhibit a prominent torsional component may also 
experience inertial force distributions that are 
signifi cantly different than that predicted by the 
equivalent static method. Consideration should be 
given to performing dynamic analyses for such 
structures, as well.

6. Stiffness and strength irregularities: Just as in the 
case of building-like nonbuilding structures, 
irregularities, such as abrupt changes in the 
stiffness and/or strength distribution in a nonbuild-
ing structure not similar to buildings, can result in 
substantially different distributions of inertial 
forces in the real structure than indicated by the 
equivalent static technique. For structures having 
such confi gurations, consideration should be given 
to the use of dynamic analysis procedures.

This standard does not defi ne in any detail the 
degree of modeling required for a dynamic analysis 

model. An adequate model may have a few dynamic 
degrees of freedom or 20,000 dynamic degrees of 
freedom. The important point is that the model 
captures the signifi cant dynamic response features so 
that the structural engineer of record considers the 
resulting lateral force distribution to be valid. There-
fore, the responsibility for the determination of 
whether a dynamic analysis is required for nonbuild-
ing structures and the degree of detailing required to 
ensure adequate seismic performance is based on the 
judgment and experience of the structural engineer of 
record.

C15.2 REFERENCE DOCUMENTS

The NEHRP Provisions contain additional references 
for the design and construction of nonbuilding 
structures that cannot be referenced directly by ASCE 
7. The references are as follows:

American Society of Civil Engineers (ASCE). 
(1997a). Design of secondary containment in 
petrochemical facilities, American Society of 
Civil Engineers, New York, Task Committee on 
Secondary Containment of the Petrochemical 
Committee of the Energy Division of the ASCE, 
Committee Report.

American Society of Civil Engineers (ASCE). 
(1997b). Guidelines for seismic evaluation and design 
of petrochemical facilities, American Society of Civil 
Engineers, New York, Task Committee on Seismic 
Evaluation and Design of Petrochemical Facilities of 
the Petrochemical Committee of the Energy Division 
of the ASCE, Committee Report.

Troitsky, M. S. (1990). Tubular steel structures: 
Theory and design, James F. Lincoln Arc Welding 
Foundation, Cleveland, Ohio.

Wozniak, R. S., and Mitchell, W. W. (1978). 
Basis of seismic design provisions for welded steel oil 
storage tanks, American Petroleum Institute, 
Washington, D.C.

Table C15-1 is a cross-reference of the Reference 
Standards listed in Chapter 23 references that cannot 
be referenced directly by ASCE 7 and the applicable 
nonbuilding structures.

References to industry standards on nonbuilding 
structures have been added to aid the design profes-
sional and the authority having jurisdiction in the 
design of nonbuilding structures. The addition of 
these references to ASCE 7 provides a controlled link 
between the requirements of ASCE 7 and industry 
design standards.
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Some of the standards listed are not consensus 
documents. As done in Chapter 13, the standards have 
been divided into “Consensus Standards” and 
“Accepted Standards.” Several “Industry References” 
are listed in the commentary.

Many of the referenced standards contain seismic 
design provisions, appropriate design stress levels, or 
both for the particular nonbuilding structure. In many 
cases, the proposed revisions to Chapter 15 modify 
these requirements found in the industry standards. A 
summary of some of the changes are shown in the 
following text:

API 620, API 650, AWWA D100, AWWA 
D103, AWWA D110, AWWA D115, and ACI 350.3 
all have seismic requirements based on earlier editions 
of seismic codes (Mean Recurrence Interval [MRI] = 
475 years) and all are working stress design based. 
The proposed revisions to ASCE 7 provide working 
stress-based substitute equations for each of these 
industry standards to bring the seismic design force 
level up to speed with that required in the NEHRP 
document.

NFPA 59A has seismic requirements consider-
ably in excess of ASCE 7. ASCE 7 provides analysis 
methods that can augment this industry standard.

Other standards, such as NFPA 30 and API 2510, 
provide guidance on safety, plant layout, and so 
forth. These documents have signifi cant impact on 
the actual level of risk to which the general public is 
exposed.

All nonbuilding structures supported by other 
structures were contained in Chapter 13 of previous 

editions of ASCE 7. Signifi cant nonbuilding structures 
(where the weight of nonbuilding structure equals or 
exceeds 25 percent of the combined weight of the 
nonbuilding structure and the supporting structure) 
cannot be analyzed or designed for seismic forces 
independent of the supporting structure. The require-
ments of Section 9.14 are more appropriate for the 
design of these combined systems.

C15.4.4 Fundamental Period
Nonbuilding structures that are similar to build-

ings may use the equations for approximate period 
found in Section 12.8.2 when these structures are 
truly similar to buildings incorporating fl oor and roof 
diaphragms, wall cladding, and a reasonably uniform 
distribution of mass throughout the structure. The 
limitation on period found in Table 12-6 is not 
appropriate for nonbuilding structures even if the 
structures are truly similar to buildings.

C15.4.9.3 Post-Installed Anchors in Concrete 
and Masonry

Post-installed anchors in concrete and masonry 
should be qualifi ed for seismic loading through 
appropriate testing. The requisite tests for expansion 
and undercut anchors in concrete are given in the ACI 
standard ACI 355.2, Qualifi cation of Post-Installed 
Mechanical Anchors in Concrete and Commentary. 
Testing and assessment procedures based on the 
ACI standard that address expansion, undercut, 
screw, and adhesive anchors are incorporated in 
ICC-ES acceptance criteria AC193, Acceptance 

Table C15-1 Standards, Industry Standards, and References

Application Reference

Steel storage racks RMI
Welded steel tanks for water storage ACI 371R, AWWA D100
Welded steel tanks for petroleum and petrochemical storage API 620, API 650, API 653, Wozniak and Mitchell (1978)
Bolted steel tanks for water storage AWWA D103
Bolted steel tanks for petroleum and petrochemical storage API 12B
Concrete tanks for water storage ACI 350.3, AWWA D110, AWWA D115
Pressure vessels ASME BPVC
Refrigerated liquids storage:
 Liquefi ed natural gas NFPA 59A
Concrete silos and stacking tubes ACI 313
Petrochemical structures ASCE (1997b)Seismic Guidelines [Ref. C15.1]
Impoundment dikes and walls:
 Liquefi ed natural gas NFPA 59A
 General ASCE (1997a)Design of Secondary Containment [Ref. C15.2]
Guyed steel stacks and chimneys Troitsky (1990)
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Criteria for Mechanical Anchors in Concrete 
Elements and AC308, Acceptance Criteria for 
Post-installed Adhesive Anchors in Concrete 
Elements. For post-installed anchors in masonry, 
seismic prequalifi cation procedures are contained 
in ICC-ES acceptance criteria AC01, Acceptance 
Criteria for Expansion Anchors in Masonry Elements 
AC58, Acceptance Criteria for Adhesive Anchors in 
Masonry Elements and AC106, Acceptance Criteria 
for Predrilled Fasteners (Screw Anchors) in Masonry 
Element.

C15.6.5 Secondary Containment Systems
This section differs from the requirements in 

NEHRP (2003). In preparing the 2002 edition, the 
ASCE 7 committee felt that the NEHRP (2000) 
requirements for designing all impoundment dikes for 
the maximum considered earthquake ground motion 
when full and to size all impoundment dikes for the 
sloshing wave was too conservative. Designing the 
impoundment dike full for the maximum considered 
earthquake assumes the failure of the primary contain-
ment and the occurrence of a signifi cant aftershock. 
Signifi cant (same magnitude as the maximum consid-
ered earthquake ground motion) aftershocks are rare 
and do not occur in all locations.

While designing for aftershocks has never been 
part of the design loading philosophy found in ASCE 
7, secondary containment must be designed full for an 
aftershock to protect the general public. The use of 
two-thirds of the maximum considered ground motion 
as the magnitude of the design aftershock is supported 
by Bath’s Law, according to which, the maximum 
expected aftershock magnitude may be estimated as 
1.2 scale units below that of the main shock 
magnitude.

The risk assessment and risk management plan 
as described in Section 1.5.2 should be used to 
determine when the secondary containment is to 
be designed for the full maximum considered 
earthquake seismic when full. The decision to 
design secondary containment for this more severe 
condition should be based on the likelihood of a 
signifi cant aftershock occurring at the particular 
site and the risk posed to the general public by the 
release of the hazardous material from the secondary 
containment.

Secondary containment systems must be designed 
to contain the sloshing wave where the release of 
liquid would place the general public at risk by 
exposing them to hazardous materials, scouring of 
foundations of adjacent structures, or causing other 
damage to the adjacent structures.

C15.6.6 Telecommunication Towers
This section as presented in ASCE 7 differs from 

the requirements in NEHRP (2000). Telecommunica-
tion towers are contained in the Appendix to NEHRP 
(2000). Although limited in what is presented, the 
ASCE 7 committee felt that it benefi ted the design 
professional and building offi cials to leave these 
requirements in the standard.

C15.7 TANKS AND VESSELS

This section contains specifi c requirements for tanks 
and vessels. Most (if not all) industry standards 
covering the design of tanks and vessels contain 
seismic design requirements based on earlier (lower 
force level) seismic codes. Many of the provisions of 
the standard show how to modify existing industry 
standards to get to the same force levels as required 
by ASCE 7-05 and NEHRP (2003). As the organiza-
tions responsible for maintaining these industry 
standards adopt seismic provisions based on NEHRP, 
the specifi c requirements in ASCE 7 can be deleted 
and direct reference made to the industry standards.

C15.7.2 Design Basis
The effective increase in liquid density specifi ed 

in Section 15.7.2.c(1) is not to be applied to the liquid 
density used in Eq. 15-9 for the calculation of the 
hydrodynamic hoop forces defi ned in Section 
15.7.1.c(2). The effective liquid density increase 
specifi ed in Section 15.7.2.c(1) is automatically 
accomplished by adding Nh (Eq. 15-9) to the static 
liquid hoop force per unit height.

C15.7.6 Ground-Supported Storage Tanks 
for Liquids

In this section, the same force reduction factor R 
is applied to the impulsive and the convective base 
shears. The convective response is generally so 
fl exible (period between 2s and 10s) that any 
increased fl exibility on account of nonlinearity has 
negligible infl uence on the period and damping of 
the convective response. It is, therefore, not justifi ed 
to apply the ductility reduction to the convective 
response—however, the overstrength reduction 
can still be applied. The overstrength factor, Ωo, 
unfortunately represents an upper-bound value of 
overstrength. Therefore, the Seismic Task Committee 
decided to use an approximation of the lower bound 
of overstrength equal to 1.5.

Additionally, the formulation provided for the 
convective load underestimates the load when 
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compared to the similar formulations used by AWWA 
D100, API 650, API 620, and ACI 350.3. Because of 
the good performance experienced by tanks designed 
to AWWA D100, API 650, and so forth, the Seismic 
Task Committee of ASCE 7 felt that Eq. 15.7-6 
should be modifi ed to give results similar to those of 
the nationally recognized standards on tank design.

The 2003 NEHRP provisions replaced R in their 
version of Eq. 15.7-6 with R

1–
2. Although this reduction 

in R gave the desired answer, the Seismic Task 
Committee felt more comfortable, from a theoretical 
point of view, using a lower-bound value for Ωo 

instead of R
1–
2.

C15.7.6.1.4 Internal Elements A recognized analysis 
method for determining the lateral loads due to 
the sloshing liquid can be found in Wozniak and 
Mitchell (1978).

C15.7.8.2 Bolted Steel
As a temporary structure, it may be valid to 

design for no seismic loads or for reduced seismic 
loads based on a reduced return period. The actual 
force level must be based on the time period that this 
structure will be in place. This becomes a decision 
between the authority having jurisdiction and the 
design professional.

C15.7.13 Refrigerated Gas Liquid Storage Tanks 
and Vessels

The seismic design of the tanks and facilities for 
the storage of liquefi ed hydrocarbons and refrigerated 
liquids require many considerations that are beyond 
the scope of this section. The design of such tanks is 
addressed in part by various reference documents 
listed in Chapter 23. Designs in accordance with API 
620 generally satisfy the requirements of ASCE 7.

Com_c15.indd   498 4/14/2010   11:06:18 AM



There is no Commentary for Chapters 16 through 18.

Com_c15.indd   499 4/14/2010   11:06:18 AM



Com_c15.indd   500 4/14/2010   11:06:18 AM



501

Chapter C19

SOIL–STRUCTURE INTERACTION FOR 
SEISMIC DESIGN

two-layer soil model approaches the stiffness of a 
fi nite soil layer over a rigid base when the underlying 
soil layer has a shear wave velocity greater than twice 
the velocity of the surface layer. The restrictions 
originally placed on the use of the fi nite soil layer 
over rigid base model still apply (r/Ds < 0.5, where 
r = foundation radius and Ds = depth of fi nite soil 
layer).

For the calculation of static impedance terms with 
the half-space solution, one key issue is over what 
depth the actual soil shear wave velocities should be 
averaged to provide a representative half-space 
velocity. Studies have shown that for a variety of 
velocity profi les, a depth of 0.75ra was appropriate for 
translational stiffness, and 0.75rm was appropriate for 
rocking stiffness.

The defi nitions of Ky and Kθ no longer contain the 
word “static” because dynamic effects will be 
considered subsequently for Kθ.

C19 SOIL–STRUCTURE INTERACTION FOR 
SEISMIC DESIGN

The use of these provisions will decrease the design 
values of the base shear, lateral forces, and overturn-
ing moments, but may increase the computed values 
of the lateral displacements and the secondary forces 
associated with the P-delta effects.

A dynamic modifi er (αθ) is included in the 
formulation of rocking stiffness (Kθ). When back-
analyzed period lengthening and foundation damping 
values from stiff shear-wall structures are compared to 
predictions from code-type analyses, the predictions 
become signifi cantly more accurate with the addition 
of the αθ term.

For the calculation of impedance terms Ky and Kθ, 
there are no specifi c recommendations for when half 
space versus fi nite soil layer over rigid base solutions 
should be used. Studies have shown the stiffness of a 
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Chapter C22

SEISMIC GROUND MOTION, LONG-PERIOD 
TRANSITION AND RISK COEFFICIENT MAPS

a specifi c site based on a site’s longitude, latitude, 
and site soil classifi cation. The calculated values 
are based on the data used to prepare the maps in 
Chapter 22. The spectral values may be adjusted for 
Site Class effects using the Site Classifi cations 
Procedure in Chapter 20 and the site coeffi cients in 
Section 11.4.

The software program should be used for 
establishing spectral values for design because 
the maps found in ASCE 7 are at too large a scale 
to provide accurate spectral values for most sites. 
The software program may be accessed at the USGS 
website at http://earthquake.usgs.gov/designmaps 
or through the SEI website at http://content.
seinstitute.org.

The 2010 edition of ASCE 7 continues to use spectral 
response seismic maps that refl ect seismic hazards on 
the basis of contours, as well as maps of the transition 
period for the long-period portion of a response 
spectrum. In addition, the 2010 edition has introduced 
risk coeffi cient contour maps for use in the site-spe-
cifi c ground motion procedures of Chapter 21. All of 
these maps were prepared by the United States 
Geological Survey (USGS) in collaboration with the 
ASCE 7 Seismic Subcommittee and the Building 
Seismic Safety Council (BSSC) Seismic Design 
Procedures Reassessment Group and were updated for 
the 2010 edition of this standard.

The USGS has also developed a companion 
software program that calculates spectral values for 
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Chapter C26

WIND LOADS—GENERAL REQUIREMENTS

height. Provisions for open buildings and building 
appurtenances are also addressed.

Chapter 31—Wind Tunnel Procedure.

C26.1.1 Scope
The procedures specifi ed in this standard provide 

wind pressures and forces for the design of MWFRS 
and for the design of components and cladding (C&C) 
of buildings and other structures. The procedures 
involve the determination of wind directionality and 
velocity pressure, the selection or determination of an 
appropriate gust effect factor, and the selection of 
appropriate pressure or force coeffi cients. The 
procedure allows for the level of structural reliability 
required, the effects of differing wind exposures, the 
speed-up effects of certain topographic features such 
as hills and escarpments, and the size and geometry of 
the building or other structure under consideration. 
The procedure differentiates between rigid and 
fl exible buildings and other structures, and the results 
generally envelop the most critical load conditions for 
the design of MWFRS as well as components and 
cladding.

The pressure and force coeffi cients provided in 
Chapters 27, 28, 29, and 30 have been assembled 
from the latest boundary-layer wind-tunnel and 
full-scale tests and from previously available litera-
ture. Because the boundary-layer wind-tunnel results 
were obtained for specifi c types of building, such as 
low- or high-rise buildings and buildings having 
specifi c types of structural framing systems, the 
designer is cautioned against indiscriminate inter-
change of values among the fi gures and tables.

C26.1.2 General
The ASCE 7-10 version of the wind load stan-

dard provides several procedures (as illustrated in 
Table 26.1-1) from which the designer can choose.

For MWFRS:

1. Directional Procedure for buildings of all heights 
[Chapter 27]

2. Envelope Procedure for low-rise buildings [Chapter 
28]

3. Directional Procedure for Building Appurtenances 
[Chapter 29]

4. Wind Tunnel Procedure for all buildings and other 
structures [Chapter 31]

General. The format and layout of the wind load 
provisions in this standard have been signifi cantly 
revised from previous editions. The goal was to 
improve the organization, clarity, and use of the wind 
load provisions by creating individual chapters 
organized according to the applicable major subject 
areas. The wind load provisions are now presented in 
Chapters 26 through 31 as opposed to prior editions, 
where the provisions were contained in a single 
chapter. The multiple-chapter approach greatly 
reduced the depth of the paragraph numbering, which 
subsequently signifi cantly improves the clarity of the 
provisions. The reorganization is presented in a 
logical sequence geared toward the structural design 
community. To assist users in locating provisions 
between ASCE 7-05 and ASCE 7-10, a cross-
reference of the applicable sections is provided in 
Table C26.1-1.

Chapter 26 provides the basic wind design 
parameters that are applicable to the various wind 
load determination methodologies outlined in Chap-
ters 27 through 31. Items covered in Chapter 26 
include defi nitions, basic wind speed, exposure 
categories, internal pressures, enclosure classifi cation, 
gust-effects, and topographic factors, among others. 
A general description of each chapter is provided 
below:

Chapter 27—Directional Procedure for Enclosed, 
Partially Enclosed, and Open Buildings of All 
Heights: The procedure is the former “buildings of all 
heights method” in ASCE 7-05, Method 2. A simpli-
fi ed procedure, based on the Directional Procedure, is 
provided for buildings up to 160 ft in height.

Chapter 28—Envelope Procedure for Enclosed 
and Partially Enclosed Low-Rise Buildings: This 
procedure is the former “low-rise buildings method” 
in ASCE 7-05 Method 2. This chapter also incorpo-
rates ASCE 7-05 Method 1 for MWFRS applicable to 
the MWFRS of enclosed simple diaphragm buildings 
less than 60 ft in height.

Chapter 29—Other Structures and Building 
Appurtenances: A single chapter is dedicated to 
determining wind loads on nonbuilding structures 
such as signs, rooftop structures, and towers.

Chapter 30—Components and Cladding: This 
standard addresses the determination of component 
and cladding loads in a single chapter. Analytical and 
simplifi ed methods are provided based on the building 
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For Components and Cladding:

1. Analytical Procedure for buildings and building 
appurtenances [Chapter 30]

2. Wind Tunnel Procedure for all buildings and other 
structures [Chapter 31]

A “simplifi ed method” for which the designer can 
select wind pressures directly from a table without 
any calculation, when the building meets all the 
requirements for application of the method, is provided 
for designing buildings using the Directional Proce-
dure (Chapter 27, Part 2), the Envelope Procedure 
(Chapter 28, Part 2) and the Analytical Procedure for 
Components and Cladding (Chapter 30).

Limitations. The provisions given under Section 
26.1.2 apply to the majority of site locations and 
buildings and structures, but for some projects, these 
provisions may be inadequate. Examples of site 
locations and buildings and structures (or portions 
thereof) that may require other approved standards, 
special studies using applicable recognized literature 
pertaining to wind effects, or using the wind tunnel 
procedure of Chapter 31 include

1. Site locations that have channeling effects or wakes 
from upwind obstructions. Channeling effects can 
be caused by topographic features (e.g., a mountain 
gorge) or buildings (e.g., a neighboring tall building 
or a cluster of tall buildings). Wakes can be caused 
by hills or by buildings or other structures.

2. Buildings with unusual or irregular geometric 
shape, including barrel vaults, and other buildings 
whose shape (in plan or vertical cross-section) 
differs signifi cantly from the shapes in Figs. 
27.4-1, 27.4-2, 27.4-7, 28.4-1, and 30.4-1 to 
30.4-7. Unusual or irregular geometric shapes 
include buildings with multiple setbacks, curved 
facades, or irregular plans resulting from signifi -
cant indentations or projections, openings through 
the building, or multi-tower buildings connected by 
bridges.

3. Buildings with response characteristics that result 
in substantial vortex-induced and/or torsional 
dynamic effects, or dynamic effects resulting from 
aeroelastic instabilities such as fl utter or galloping. 
Such dynamic effects are diffi cult to anticipate, 
being dependent on many factors, but should be 
considered when any one or more of the following 
apply:

 i. The height of the building is over 400 ft.
 ii. The height of the building is greater than 4 

times its minimum effective width Bmin, as 
defi ned below.

 iii. The lowest natural frequency of the building is 
less than n1 = 0.25 Hz.

 iv. The reduced velocity 
V

n B
z

1

5
min

>  where 

z
_
 = 0.6h and Vz  is the mean hourly velocity 

at height z
_
.

The minimum effective width Bmin is defi ned 
as the minimum value of h B hi i i∑ ∑/  considering 
all wind directions. The summations are performed 
over the height of the building for each wind 
direction, hi, is the height above grade of level i, 
and Bi is the width at level i normal to the wind 
direction.

4. Bridges, cranes, electrical transmission lines, guyed 
masts, highway signs and lighting structures, 
telecommunication towers, and fl agpoles.

When undertaking detailed studies of the dynamic 
response to wind forces, the fundamental frequencies 
of the structure in each direction under consideration 
should be established using the structural properties 
and deformational characteristics of the resisting 
elements in a properly substantiated analysis, and not 
utilizing approximate equations based on height.

Shielding. Due to the lack of reliable analytical 
procedures for predicting the effects of shielding 
provided by buildings and other structures or by 
topographic features, reductions in velocity pressure 
due to shielding are not permitted under the provi-
sions of this chapter. However, this does not preclude 
the determination of shielding effects and the corre-
sponding reductions in velocity pressure by means of 
the wind tunnel procedure in Chapter 31.

C26.2 DEFINITIONS

Several important defi nitions given in the standard are 
discussed in the following text. These terms are used 
throughout the standard and are provided to clarify 
application of the standard provisions.

BUILDING, ENCLOSED; BUILDING OPEN; 
BUILDING PARTIALLY ENCLOSED: These 
defi nitions relate to the proper selection of internal 
pressure coeffi cients, (GCpi). “Open” and “partially 
enclosed” buildings are specifi cally defi ned. All other 
buildings are considered to be “enclosed” by defi nition, 
although there may be large openings in two or more 
walls. An example of this would be a parking garage 
through which the wind can easily pass but which 
meets neither the defi nition for an open nor a partially 
enclosed building. The internal pressure coeffi cient for 
such a building would be ±0.18, and the internal 
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pressures would act on the solid areas of the walls 
and roof. The standard also specifi es that a building 
that meets both the “open” and “partially enclosed” 
defi nitions should be considered “open.”

BUILDING AND OTHER STRUCTURE, 
FLEXIBLE: A building or other structure is consid-
ered fl exible if it contains a signifi cant dynamic 
resonant response. Resonant response depends on the 
gust structure contained in the approaching wind, on 
wind loading pressures generated by the wind fl ow 
about the building, and on the dynamic properties of 
the building or structure. Gust energy in the wind is 
smaller at frequencies above about 1 Hz. Therefore, 
the resonant response of most buildings and structures 
with lowest natural frequency above 1 Hz will be 
suffi ciently small that resonant response can often be 
ignored. The natural frequency of buildings or other 
structures greater than 60 ft in height is determined in 
accordance with Sections 26.9.1 and 26.9.2. When 
buildings or other structures have a height exceeding 
four times the least horizontal dimension or when 
there is reason to believe that the natural frequency is 
less than 1 Hz (natural period greater than 1 s), the 
natural frequency of the structure should be investi-
gated. Approximate equations for natural frequency or 
period for various building and structure types in 
addition to those given in Section 26.9.2 for buildings 
are contained in commentary Section C26.9.

BUILDING OR OTHER STRUCTURE, 
REGULAR-SHAPED: Defi ning the limits of 
applicability of the various procedures within the 
standard requires a balance between the practical need 
to use the provisions past the range for which data 
have been obtained and restricting use of the provi-
sions past the range of realistic application. Wind load 
provisions are based primarily on wind-tunnel tests on 
shapes shown in Figs. 27.4-1, 27.4-2-2, 27.4-7, 
28.4-1, and 30.4-1 to 30.4-7. Extensive wind-tunnel 
tests on actual structures under design show that 
relatively large changes from these shapes can, in 
many cases, have minor changes in wind load, while 
in other cases seemingly small changes can have 
relatively large effects, particularly on cladding 
pressures. Wind loads on complicated shapes are 
frequently smaller than those on the simpler shapes of 
Figs. 27.4-1, 27.4-2, 27.4-7, 28.4-1, and 30.4-1to 
30.4-7, and so wind loads determined from these 
provisions are expected to envelop most structure 
shapes. Buildings or other structures that are clearly 
unusual should be designed using the Wind Tunnel 
Procedure of Chapter 31.

BUILDING OR OTHER STRUCTURES, 
RIGID: The defi ning criteria for rigid, in comparison 

to fl exible, is that the natural frequency is greater than 
or equal to 1 Hz. A general guidance is that most 
rigid buildings and structures have height to minimum 
width less than 4. The provisions of Sections 26.9.1 
and 26.9.2 provide methods for calculating natural 
frequency (period = 1/natural frequency), and 
Commentary Section C26.9 provides additional 
guidance.

COMPONENTS AND CLADDING: Compo-
nents receive wind loads directly or from cladding 
and transfer the load to the MWFRS. Cladding 
receives wind loads directly. Examples of components 
include fasteners, purlins, girts, studs, roof decking, 
and roof trusses. Components can be part of the 
MWFRS when they act as shear walls or roof 
diaphragms, but they may also be loaded as individual 
components. The engineer needs to use appropriate 
loadings for design of components, which may require 
certain components to be designed for more than one 
type of loading, for example, long-span roof trusses 
should be designed for loads associated with 
MWFRS, and individual members of trusses should 
also be designed for component and cladding loads 
(Mehta and Marshall 1998). Examples of cladding 
include wall coverings, curtain walls, roof coverings, 
exterior windows (fi xed and operable) and doors, and 
overhead doors.

DIAPHRAGM: A defi nition for diaphragms in 
wind load applications has been added in ASCE 7-10. 
This defi nition, for the case of untopped steel decks, 
differs somewhat from the defi nition used in Section 
12.3 because diaphragms under wind loads are 
expected to remain essentially elastic.

EFFECTIVE WIND AREA, A: Effective wind 
area is the area of the building surface used to 
determine (GCp). This area does not necessarily 
correspond to the area of the building surface contrib-
uting to the force being considered. Two cases arise. 
In the usual case, the effective wind area does 
correspond to the area tributary to the force compo-
nent being considered. For example, for a cladding 
panel, the effective wind area may be equal to the 
total area of the panel. For a cladding fastener, the 
effective wind area is the area of cladding secured by 
a single fastener. A mullion may receive wind from 
several cladding panels. In this case, the effective 
wind area is the area associated with the wind load 
that is transferred to the mullion.

The second case arises where components such as 
roofi ng panels, wall studs, or roof trusses are spaced 
closely together. The area served by the component 
may become long and narrow. To better approximate 
the actual load distribution in such cases, the width of 
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the effective wind area used to evaluate (GCp) need 
not be taken as less than one-third the length of the 
area. This increase in effective wind area has the 
effect of reducing the average wind pressure acting on 
the component. Note, however, that this effective 
wind area should only be used in determining the 
(GCp) in Figs. 30.4-1, through 30.4-6 and 30.4-8. The 
induced wind load should be applied over the actual 
area tributary to the component being considered.

For membrane roof systems, the effective wind 
area is the area of an insulation board (or deck panel 
if insulation is not used) if the boards are fully 
adhered (or the membrane is adhered directly to the 
deck). If the insulation boards or membrane are 
mechanically attached or partially adhered, the 
effective wind area is the area of the board or mem-
brane secured by a single fastener or individual spot 
or row of adhesive.

For typical door and window systems supported 
on three or more sides, the effective wind area is the 
area of the door or window under consideration. For 
simple spanning doors (e.g., horizontal spanning 
section doors or coiling doors), large specialty 
constructed doors (e.g., aircraft hangar doors), and 
specialty constructed glazing systems, the effective 
wind area of each structural component composing 
the door or window system should be used in calcu-
lating the design wind pressure.

MAIN WIND-FORCE RESISTING SYSTEM 
(MWFRS): Can consist of a structural frame or an 
assemblage of structural elements that work together 
to transfer wind loads acting on the entire structure to 
the ground. Structural elements such as cross-bracing, 
shear walls, roof trusses, and roof diaphragms are part 
of the Main Wind-Force Resisting System (MWFRS) 
when they assist in transferring overall loads (Mehta 
and Marshall 1998).

WIND-BORNE DEBRIS REGIONS: 
Windborne debris regions are defi ned to alert the 
designer to areas requiring consideration of missile 
impact design. These areas are located within hurri-
cane prone regions where there is a high risk of 
glazing failure due to the impact of windborne debris.

C26.3 SYMBOLS AND NOTATION

The following additional symbols and notation are 
used herein:

 Aob =  average area of open ground surrounding each 
obstruction

 n = reference period, in years

 Pa =  annual probability of wind speed exceeding a 
given magnitude (Eq. C26.5-7)

 Pn =  probability of exceeding design wind speed 
during n years (see Eq. C26.5-7)

 Sob =  average frontal area presented to the wind by 
each obstruction

 Vt =  wind speed averaged over t s (see Fig. 
C26.5-1), in mi/h (m/s)

 V3600 =  mean wind speed averaged over 1 hour (see 
Fig. C26.5-1), in mi/h (m/s)

 β = damping ratio (percentage of critical damping)

C26.4.3 Wind Pressures Acting on Opposite Faces 
of Each Building Surface

Section 26.4.3 is included in the standard to 
ensure that internal and external pressures acting on a 
building surface are taken into account by determining 
a net pressure from the algebraic sum of those 
pressures. For additional information on the applica-
tion of the net components and cladding wind 
pressure acting across a multilayered building 
envelope system, including air-permeable cladding, 
refer to Section C30.1.5.

C26.5.1 Basic Wind Speed
This 2010 edition of ASCE 7 departs from prior 

editions by providing wind maps that are directly 
applicable for determining pressures for strength 
design approaches. Rather than using a single map 
with importance factors and a load factor for each 
building risk category, in this edition there are 
different maps for different categories of building 
occupancies. The updated maps are based on a new 
and more complete analysis of hurricane characteris-
tics (Vickery et al. 2008a, 2008b and 2009) performed 
over the past 10 years.

The decision to move to multiple-strength design 
maps in conjunction with a wind load factor of 1.0 
instead of using a single map used with an importance 
and a load factor of 1.6 relied on several factors 
important to an accurate wind specifi cation:

 i. A strength design wind speed map brings the 
wind loading approach in line with that used for 
seismic loads in that they both essentially elimi-
nate the use of a load factor for strength design.

 ii. Multiple maps remove inconsistencies in the use 
of importance factors that actually should vary 
with location and between hurricane-prone and 
nonhurricane-prone regions for Risk Category I 
structures and acknowledge that the demarcation 
between hurricane and nonhurricane winds change 
with the recurrence interval.
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 iii. The new maps establish uniformity in the return 
period for the design-basis winds, and they more 
clearly convey that information.

 iv. The new maps, by providing the design wind 
speed directly, more clearly inform owners and 
their consultants about the storm intensities for 
which designs are performed.

Selection of Return Periods. In the development 
of the design wind speed map used in ASCE 7-98 
through 7-05, the Wind Load Subcommittee (WLSC) 
evaluated the hurricane importance factor, IH, that had 
been in use in the U.S. standards since 1982. The task 
committee recognized that using a uniform value of 
the hurricane importance factor probably was not 
appropriate because risk varies with location along the 
coast.

To determine the return periods to be used in the 
new mapping approach, the task committee needed to 
evaluate representative return periods for wind speeds 
determined in accordance with ASCE 7-05 and 
earlier, wherein determination of pressures appropriate 
for strength design started with mapped wind speeds, 
but involved multiplication by importance factors and 
a wind load factor to achieve pressures that were 
appropriate for strength design. Furthermore, it was 
assumed that the variability of the wind speed 

dominates the calculation of the wind load factor. The 
strength design wind load, WT, is given as

 WT = CF(V50I)2WLF (C26.5-1)

where CF is a building, component, or structure 
specifi c coeffi cient that includes the effects of things 
like building height, building geometry, terrain, and 
gust factor as computed using the procedures outlined 
in ASCE 7. V50 is the 50-year return period design 
wind speed, WLF is the wind load factor, and I is the 
importance factor.

The task committee reasoned that the annual 
probability of exceeding the strength design wind load 
in the hurricane and non-hurricane regions of the 
United States should be the same. To accomplish this, 
the task committee sought to determine the return 
period associated with the wind speed producing the 
strength design load in a representative nonhurricane-
prone region. Starting with the nominal return period 
of 50 years, over most of the nonhurricane-prone 
region of the United States, for the maps defi ned in 
ASCE 7-98 through ASCE 7-05, the ratio of the wind 
speed for any return period to the 50-year return 
period wind speed can be computed from Peterka and 
Shahid (1998):

 VT/V50 = [0.36 + 0.1ln(12T)] (C26.5-2)

FIGURE C26.5-1 Maximum Speed Averaged over t s to Hourly Mean Speed.
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where T is the return period in years and VT is the 
T-year return period wind speed. In the nonhurricane-
prone regions of the United States, the strength design 
wind load, WT, occurs when

 W C V C V WT F T F LF= =2
50
2  (C26.5-3)

Thus,

 V V T WT LF/ . .50 0 36 0 11 12= + ( )[ ] =n  (C26.5-4)

and from Eq. C26.5-4, the return period T associated 
with the strength design wind speed in the nonhurri-
cane-prone portion of the United States is

 T WLF= ( )0 00228 10. exp  (C26.5-5)

Using the wind load factor of 1.6 as specifi ed in 
ASCE 7-05, from Eq. C26.5-5 we get T = 709 years, 
and therefore V V W V WLF LFdesign = ≈709 700/ / . Thus 
for Risk Category II structures, the basic wind speed 
is associated with a return period of 700 years, or an 
annual exceedance probability of 0.0014.

The importance factor used in ASCE 7-05 and 
earlier for the computation of wind loads for the 
design of Risk Category III and IV structures is 
defi ned so that the nominal 50-year return period 
nonhurricane wind speed is increased to be represen-
tative of a 100-year return period value. Following 
the approach used above to estimate the resulting 
effective strength design return period associated 
with a 50-year basic design speed, in the case of 
the 100-year return period basic wind speed in the 
nonhurricane-prone regions, we fi nd that

 T V V WLF= ( )( )0 00228 10 100 50. exp /  (C26.5-6)

where for V V100 50/  computed from Eq. C26.5-4 with 
WLF = 1.6, we fi nd T = 1,697 years. In the develop-
ment of Eq. C26.5-6, the term V V WLF100 50/( )  
replaces the WLF  used in Eq. C26.5-5, effectively 
resulting in a higher load factor for Risk Category III 
and IV structures equal to W V VLF 100 50

2/( ) . Thus for 
Risk Category III and IV structures, the basic wind 
speed is associated with a return period of 1,700 
years, or an annual exceedance probability of 
0.000588. Similarly, the 25-year return period wind 
speed associated with Risk Category I buildings 
equates to a 300-year return period wind speed with a 
wind load factor of 1.0.

Wind Speeds. The wind speed maps of Fig. 
26.5-1 present basic wind speeds for the contiguous 
United States, Alaska, and other selected locations. 
The wind speeds correspond to 3-sec gust speeds at 
33 ft (10 m) above ground for exposure category C. 
Because the wind speeds of Fig. 26.5-1 refl ect 
conditions at airports and similar open-country 

exposures, they do not account for the effects of 
signifi cant topographic features such as those 
described in Section 26.8. Except for wind contours 
along the hurricane prone coastline, wind speeds have 
been rounded to the nearest 5 mph. The original 
maps, without rounding, are given in Vickery et al. 
(2008a).

Non-hurricane Wind Speeds. The non-hurricane 
wind speeds of Fig. 26.5-1 were prepared from peak 
gust data collected at 485 weather stations where at 
least 5 years of data were available (Peterka 1992 and 
Peterka and Shahid 1993 and 1998). For non-hurri-
cane regions, measured gust data were assembled 
from a number of stations in state-sized areas to 
decrease sampling error, and the assembled data were 
fi t using a Fisher-Tippett Type I extreme value 
distribution. This procedure gives the same speed as 
does area-averaging the return period speeds from the 
set of stations. There was insuffi cient variation in 
return period over the eastern three-quarters of the 
lower 48 states to justify contours. The division 
between the 115 and 110 mph (51 and 48 m/s) 
regions on the map for Risk Category II buildings, 
which follows state lines, was suffi ciently close to the 
110 mph (48 m/s) contour that there was no statistical 
basis for placing the division off political boundaries. 
These data are expected to follow the gust factor 
curve of Fig. C26.5-1 (Durst 1960). 

Limited data were available on the Washington 
and Oregon coast. In this region, a special wind 
region was defi ned to permit local jurisdictions to 
select speeds based on local knowledge and analysis. 
Speeds in the Aleutian Islands and in the interior of 
Alaska were established from gust data. Contours in 
Alaska were modifi ed slightly from ASCE 7-88 based 
on measured data, but insuffi cient data were available 
for a detailed coverage of the mountainous regions. 
Gust data in Alaska were not corrected for potential 
terrain infl uence. It is possible that wind speeds in 
parts of Alaska would reduce if a study were made to 
determine the topographic wind speed-up effect on 
recorded wind speeds. In some cases, the innermost 
and outermost contours for Alaska have been rounded 
to the nearest 5 mph.

Hurricane Wind Speeds. The hurricane wind 
speeds are based on the results of a Monte Carlo 
simulation model described in Applied Research 
Associates (2001), Vickery and Wadhera (2008a 
and 2008b), and Vickery et al. (2008a, 2008b, and 
2009). The hurricane simulation model replaces the 
model used to develop the wind speeds used in ASCE 
7-98 through ASCE 7-05. Since the development of 
the model used for the ASCE 7-98 wind speeds, 
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signifi cantly more hurricane data have become 
available to improve the modeling process. These new 
data have resulted in an improved representation of 
the hurricane wind fi eld, including the modeling of 
the sea–land transition and the hurricane boundary 
layer height; new models for hurricane weakening 
after landfall; and an improved statistical model for 
the Holland B parameter, which controls the wind 
pressure relationship. The new hurricane hazard 
model yields hurricane wind speeds that are lower 
than those given in ASCE 7-05, even though the 
overall rate of intense storms (as defi ned by central 
pressure) produced by the new model is increased 
compared to those produced by the hurricane simula-
tion model used to develop the ASCE 7-98 through 
ASCE 7-05 wind speeds.

Correlation of Basic Wind Speed Map with 
the Saffi r–Simpson Scale. Hurricane intensities are 
reported by the National Hurricane Center according 
to the Saffi r–Simpson Hurricane Scale (Simpson 2003 
and Liu 1999), shown in Table C26.5-1. This scale 
has found broad usage by hurricane forecasters and 
local and federal agencies responsible for short-range 
evacuation of residents during hurricane alerts, as well 
as long-range disaster planning and the news media. 
The scale contains fi ve categories of hurricanes and 
distinguishes them based on wind speed intensity, 
barometric pressure at the center of the storm, and 
estimated storm surge and damage potential. Wind 
speed is the determining factor used in categorizing 
the hurricane.

The wind speeds used in the Saffi r–Simpson 
Hurricane Scale are defi ned in terms of a sustained 
wind speed with a 1-min averaging time at 33 ft (10 
m) over open water. The ASCE 7 standard by 
comparison uses a 3-s gust speed at 33 ft (10 m) 
above ground in Exposure C (defi ned as the Basic 
Wind Speed, and shown in the wind speed map, Fig. 
26.5-1). An approximate relationship between the 
wind speeds in ASCE 7 and the Saffi r–Simpson scale, 
based on recent data on the roughness of the water 
surface, is shown in Table C26.5-2. The table pro-
vides the sustained wind speeds of the Saffi r–Simpson 
scale over water, equivalent intensity gust wind 
speeds over water, and equivalent intensity gust wind 
speeds over land. Table C26.5-3 takes into account 
research by Powell, et al. 2003 and Donelan, et al. 
2004, which has determined that the sea surface 
roughness remains approximately constant for mean 
hourly speeds in excess of 30 m/s. For a storm of a 
given intensity, Table C26.5-3 takes into consider-
ation both the reduction in wind speed as the storm 
moves from over water to over land due to changes in 

surface roughness and also the change in the gust 
factor as the storm moves from over water to over 
land (Vickery and Skerlj 2000 and Simiu et al. 2007). 
The sustained wind speed over water in Table 
C26.5-3 cannot be converted to a peak gust wind 
speed using the Durst curve of Fig. C26.5-1, which is 
only valid for wind blowing over open terrain 
(Exposure C).

The gust wind speed values given in Table 
C26.5-3 differ signifi cantly from those given in ASCE 
7-05 because the results of the research indicate that 
the aerodynamic roughness of the ocean does not 
continue to increase with increasing wind speed. The 
impact of this change in our understanding of the 
behavior of the ocean roughness as a function of wind 
speed is most apparent at high wind speeds. For 
example, in the case of a 155-mph sustained wind 
speed (over water) the roughness length, z0, of the 
water computed using an ocean drag coeffi cient model 
that continues to increase with increasing wind speed 
is ~0.020 m. Using the gust factor models described 
in Vickery and Skerlj (2005), the 3-s gust wind speed 
associated with a 1-min average wind speed of 155 
mph and a surface roughness of 0.020 m is 195 mph. 
The corresponding 3-s gust speed in Exposure C 
conditions (z0 = 0.03 m) is 191 mph. These gust wind 
speed values match those given in Table C6-2 in 
ASCE 7-05.

The research (Vickery et al. 2008b and Powell 
et al. 2003) indicates that the ocean roughness 
does not exhibit a monotonic increase in roughness 
with increasing wind speed, as was previously 
assumed, and suggests that the sea surface drag 
coeffi cient increases with wind speed up to a 
maximum of only ~0.0025 or less. A drag coeffi cient 
of 0.0025 is associated with a surface roughness of 
0.0033 m. Using the gust factor models described in 
Vickery and Skerlj (2005), the 3-s gust wind speed 
associated with a 1-min average wind speed of 
155 mph and a surface roughness of 0.0033 m is 
about 190 mph. The corresponding 3-s gust speed 
in Exposure C conditions (z0 = 0.03 m) is only 
171 mph.

Table C26.5-4 shows the design wind speed from 
the ASCE 7 basic wind speed map (Fig. 26.5-1) for 
various locations along the hurricane coastline from 
Maine to Texas. This wind speed represents an 
approximate limit state. Tables C26.5-4 and C26.5-5 
show the basic wind speeds for Risk Category II 
buildings and Risk Category III and IV buildings in 
terms of the Saffi r–Simpson Hurricane Scale. These 
tables indicate the hurricane category equivalents. 
Structures designed to withstand the wind loads 
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specifi ed in this standard, which are also appropriately 
constructed and maintained, should have a high 
probability of surviving hurricanes of the intensity 
shown in Tables C26.5-4 and C26.5-5 without serious 
structural damage.

Tables C26.5-2 through C26.5-5 are intended to 
help users of the standard to better understand design 
wind speeds as used in this standard in the context of 
wind speeds reported by weather forecasters and the 
news media, who commonly use the Saffi r–Simpson 
Hurricane Scale. The Exposure C gust wind speed 
values given in Table C26.5-2 through C26.5-5 that 
are associated with a given sustained wind speed 
should be used as a guide only. The gust wind speeds 
associated with a given sustained wind speed may 
vary with storm size and intensity as suggested in 
Applied Research Associates (2001) and Vickery 
et al. (2009), in addition to the choice of a gust factor 
model.

Serviceability Wind Speeds. For applications of 
serviceability, design using maximum likely events, or 
other applications, it may be desired to use wind 
speeds associated with mean recurrence intervals 
other than those given in Figs. 26.5-1A to 26.5-1C. 
To accomplish this, previous editions of ASCE 
provided tables in the commentary with factors that 
enabled the user to adjust the basic design wind speed 
(previously having a return period of 50 years in the 
nonhurricane-prone region) to wind speeds associated 
with other return periods. Separate tables were given 
for the contiguous United States and Alaska. The 
standard indicated that the adjustment of the hurricane 
wind speeds to other return periods was approximate.

For applications of serviceability, design using 
maximum likely events, or other applications, 
Appendix C presents maps of peak gust wind speeds 
at 33 ft (10 m) above ground in Exposure C condi-
tions for return periods of 10, 25, 50, and 100 years.

The probability Pn that the wind speed associated 
with a certain annual probability Pa will be equaled or 
exceeded at least once during an exposure period of n 
years is given by

 Pn = 1 – (1 – Pa)
n
 (C26.5-7)

As an example, if a wind speed is based upon 
Pa = 0.02 (50-year mean recurrence interval), there 
exists a probability of 0.40 that this speed will be 
equaled or exceeded during a 25-year period, and 
a 0.64 probability of being equaled or exceeded in a 
50-year period.

Similarly, if a wind speed is based upon 
Pa = 0.00143 (700-year mean recurrence interval), 
there exists a 3.5% probability that this speed will be 

equaled or exceeded during a 25-year period, and a 
6.9% probability of being equaled or exceeded in a 
50-year period.

Some products have been evaluated and test 
methods have been developed based on design wind 
speeds that are consistent with the unfactored load 
effects typically used in Allowable Stress Design. 
Table C26.5-6 provides conversion from the strength 
design-based design wind speeds used in the ASCE 
7-10 design wind speed maps and the ASCE 7-05 
design wind speeds used in these product evaluation 
reports and test methods. A column of values is also 
provided to allow coordination with ASCE 7-93 
design wind speeds.

C26.5.2 Special Wind Regions
Although the wind speed map of Fig. 26.5-1 is 

valid for most regions of the country, there are special 
regions in which wind speed anomalies are known to 
exist. Some of these special regions are noted in Fig. 
26.5-1. Winds blowing over mountain ranges or 
through gorges or river valleys in these special 
regions can develop speeds that are substantially 
higher than the values indicated on the map. When 
selecting basic wind speeds in these special regions, 
use of regional climatic data and consultation with a 
wind engineer or meteorologist is advised.

It is also possible that anomalies in wind speeds 
exist on a micrometeorological scale. For example, 
wind speed-up over hills and escarpments is addressed 
in Section 26.8. Wind speeds over complex terrain 
may be better determined by wind-tunnel studies as 
described in Chapter 31. Adjustments of wind speeds 
should be made at the micrometeorological scale on 
the basis of wind engineering or meteorological 
advice and used in accordance with the provisions of 
Section 26.5.3 when such adjustments are warranted. 
Due to the complexity of mountainous terrain and 
valley gorges in Hawaii, there are topographic wind 
speed-up effects that cannot be addressed solely by 
Fig. 26.8-1 (Applied Research Associates 2001). In 
the Hawaii Special Wind Region, research and 
analysis have established that there are special Kzt 
topographic effect adjustments (Chock et al. 2005).

C26.5.3 Estimation of Basic Wind Speeds from 
Regional Climatic Data

When using regional climatic data in accordance 
with the provisions of Section 26.5.3 and in lieu of 
the basic wind speeds given in Fig. 26.5-1, the user is 
cautioned that the gust factors, velocity pressure 
exposure coeffi cients, gust effect factors, pressure 
coeffi cients, and force coeffi cients of this standard are 
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intended for use with the 3-s gust speed at 33 ft (10 
m) above ground in open country. It is necessary, 
therefore, that regional climatic data based on a 
different averaging time, for example, hourly mean or 
fastest mile, be adjusted to refl ect peak gust speeds at 
33 ft (10 m) above ground in open country. The 
results of statistical studies of wind-speed records, 
reported by Durst (1960) for extratropical winds and 
for hurricanes (Vickery et al. 2000b), are given in 
Fig. C26.5-1, which defi nes the relation between wind 
speed averaged over t s, Vt, and over 1 h, V3600. The 
gust factor adjustment to refl ect peak gust speeds is 
not always straightforward, and advice from a wind 
engineer or meteorologist may be needed.

In using local data, it should be emphasized that 
sampling errors can lead to large uncertainties in 
specifi cation of the wind speed. Sampling errors are 
the errors associated with the limited size of the 
climatological data samples (years of record of annual 
extremes). It is possible to have a 20 mi/h (8.9 m/s) 
error in wind speed at an individual station with a 
record length of 30 years. While local records of 
limited extent often must be used to defi ne wind 
speeds in special wind areas, care and conservatism 
should be exercised in their use.

If meteorological data are used to justify a wind 
speed lower than 110-mi/h 700-yr peak gust at 10 m, 
an analysis of sampling error is required to demon-
strate that the wind record could not occur by chance. 
This can be accomplished by showing that the 
difference between predicted speed and 110 mi/h 
contains two to three standard deviations of sampling 
error (Simiu and Scanlan 1996). Other equivalent 
methods may be used.

C26.5.4 Limitation
In recent years, advances have been made in 

understanding the effects of tornadoes on buildings. 
This understanding has been gained through extensive 
documentation of building damage caused by tornadic 
storms and through analysis of collected data. It is 
recognized that tornadic wind speeds have a signifi -
cantly lower probability of occurrence at a point than 
the probability for basic wind speeds. In addition, it is 
found that in approximately one-half of the recorded 
tornadoes, gust speeds are less than the gust speeds 
associated with basic wind speeds. In intense torna-
does, gust speeds near the ground are in the range of 
150–200 mi/h (67–89 m/s). Suffi cient information is 
available to implement tornado-resistant design for 
above-ground shelters and for buildings that house 
essential facilities for postdisaster recovery. This 
information is in the form of tornado risk probabili-

ties, tornadic wind speeds, and associated forces. 
Several references provide guidance in developing 
wind load criteria for tornado-resistant design (Wen 
and Chu 1973, Akins and Cermak 1975, Abbey 1976, 
Mehta et al. 1976, Minor et al. 1977, Minor 1982, 
McDonald 1983, and Minor and Behr 1993).

Tornadic wind speeds, which are gust speeds, 
associated with an annual probability of occurrence of 
1 × 10–5 (100,000-yr Mean Recurrence Interval 
[MRI]) are shown in Fig. C26.5-2. This map was 
developed by the American Nuclear Society commit-
tee (ANS) 2.3 in the early 1980s. Tornado occurrence 
data including all historical data can provide a more 
accurate tornado hazard wind speed for a specifi c site.

C26.6 WIND DIRECTIONALITY

The wind load factor 1.3 in ASCE 7-95 included 
a “wind directionality factor” of 0.85 (Ellingwood 
1981 and Ellingwood et al. 1982). This factor 
accounts for two effects: (1) The reduced probability 
of maximum winds coming from any given direction 
and (2) the reduced probability of the maximum 
pressure coeffi cient occurring for any given wind 
direction. The wind directionality factor (identifi ed as 
Kd in the standard) is tabulated in Table 26.6-1 for 
different structure types. As new research becomes 
available, this factor can be directly modifi ed. Values 
for the factor were established from references in the 
literature and collective committee judgment. The Kd 
value for round chimneys, tanks, and similar struc-
tures is given as 0.95 in recognition of the fact that 

FIGURE C26.5-2 Tornadic Gust Wind Speed 
Corresponding to Annual Probability of 10−5 
(Mean Recurrence Interval of 100,000 Years) 
(From ANSI/ANS 1983).
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the wind load resistance may not be exactly the same 
in all directions as implied by a value of 1.0. A value 
of 0.85 might be more appropriate if a triangular 
trussed frame is shrouded in a round cover. A value 
of 1.0 might be more appropriate for a round chimney 
having a lateral load resistance equal in all directions. 
The designer is cautioned by the footnote to Table 
26.6-1 and the statement in Section 26.6, where 
reference is made to the fact that this factor is only to 
be used in conjunction with the load combinations 
specifi ed in Sections 2.3 and 2.4.

C26.7 EXPOSURE

The descriptions of the surface roughness categories 
and exposure categories in Section 26.7 have been 
expressed as far as possible in easily understood 
verbal terms that are suffi ciently precise for most 
practical applications. Upwind surface roughness 
conditions required for Exposures B and D are shown 
schematically in Figs. C26.7-1 and C26.7-2, respec-
tively. For cases where the designer wishes to make a 
more detailed assessment of the surface roughness 

Wind 

Roughness B 

For h ≤ 30 ft, d1≥ 1500 ft 
For h > 30 ft, d1 ≥ greater of 2,600 ft or 20h 

Any Roughness Any Roughness 

d1

Building or 
Other Structure 

h

Wind
Building or 
Other Structure

d1 ≥ greater of 5,000 ft or 20h 

Roughness D 

d1

Any Roughness 

(a)

Any Roughness 
h

Wind

Roughness B and/or C 

Building or 
Other Structure 

d1 ≥ greater of 5,000 ft or 20h, and 
d2 ≤ greater of 600 ft or 20h 

Roughness D 

d2d1

Any Roughness 

(b)

Any Roughness 
h

FIGURE C26.7-1 Upwind Surface Roughness Conditions Required for Exposure B.

FIGURE C26.7-2 Upwind Surface Roughness Conditions Required for Exposure D, for the Cases with (a) 
Surface Roughness D Immediately Upwind of the Building, and (b) Surface Roughness B and/or C 
Immediately Upwind of the Building.
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category and exposure category, the following more 
mathematical description is offered for guidance 
(Irwin 2006). The ground surface roughness is best 
measured in terms of a roughness length parameter 
called z0. Each of the surface roughness categories B 
through D correspond to a range of values of this 
parameter, as does the even rougher category A used 
in previous versions of the standard in heavily 
built-up urban areas but removed in the present 
edition. The range of z0 in ft (m) for each terrain 
category is given in Table C26.7-1. Exposure A has 
been included in Table C26.7-1 as a reference that 
may be useful when using the Wind Tunnel Proce-
dure. Further information on values of z0 in different 
types of terrain can be found in Simiu and Scanlan 
(1996) and Table C26.7-2 based on Davenport et al. 
(2000) and Wieringa et al. (2001). The roughness 
classifi cations in Table C26.7-2 are not intended to 
replace the use of exposure categories as required in 
the standard for structural design purposes. However, 
the terrain roughness classifi cations in Table C26.7-2 
may be related to ASCE 7 exposure categories by 
comparing z0 values between Table C26.7-1 and 
C26.7-2. For example, the z0 values for Classes 3 and 
4 in Table C26.7-2 fall within the range of z0 values 
for Exposure C in Table C26.7-1. Similarly, the z0 
values for Classes 5 and 6 in Table C26.7-2 fall 
within the range of z0 values for Exposure B in 
Table C26.7-1.

Research described in Powell et al. (2003), 
Donelan et al. (2004), and Vickery et al. (2008b) 
showed that the drag coeffi cient over the ocean in 
high winds in hurricanes did not continue to increase 
with increasing wind speed as previously believed 
(e.g., Powell 1980). These studies showed that the sea 
surface drag coeffi cient, and hence the aerodynamic 
roughness of the ocean, reached a maximum at mean 
wind speeds of about 30 m/s. There is some evidence 
that the drag coeffi cient actually decreases (i.e., the 
sea surface becomes aerodynamically smoother) as 
the wind speed increases further (Powell et al. 2003) 
or as the hurricane radius decreases (Vickery et al. 
2008b). The consequences of these studies are that the 
surface roughness over the ocean in a hurricane is 
consistent with that of exposure D rather than expo-
sure C. Consequently, the use of exposure D along the 
hurricane coastline is now required.

For Exposure B the tabulated values of Kz 
correspond to z0 = 0.66 ft (0.2 m), which is below the 
typical value of 1 ft (0.3 m), whereas for Exposures C 
and D they correspond to the typical value of z0. The 
reason for the difference in Exposure B is that this 
category of terrain, which is applicable to suburban 

areas, often contains open patches, such as highways, 
parking lots, and playing fi elds. These cause local 
increases in the wind speeds at their edges. By using 
an exposure coeffi cient corresponding to a lower than 
typical value of z0, some allowance is made for this. 
The alternative would be to introduce a number of 
exceptions to use of Exposure B in suburban areas, 
which would add an undesirable level of complexity.

The value of z0 for a particular terrain can be 
estimated from the typical dimensions of surface 
roughness elements and their spacing on the ground 
area using an empirical relationship, due to Lettau 
(1969), which is

 z H
S

A
ob

ob

ob
0 0 5= .  (C26.7-1)

where

 Hob =  the average height of the roughness in the 
upwind terrain

 Sob =  the average vertical frontal area per obstruction 
presented to the wind

 Aob =  the average area of ground occupied by 
each obstruction, including the open area 
surrounding it

Vertical frontal area is defi ned as the area of the 
projection of the obstruction onto a vertical plane 
normal to the wind direction. The area Sob may be 
estimated by summing the approximate vertical 
frontal areas of all obstructions within a selected area 
of upwind fetch and dividing the sum by the number 
of obstructions in the area. The average height Hob 
may be estimated in a similar way by averaging the 
individual heights rather than using the frontal areas. 
Likewise Aob may be estimated by dividing the size of 
the selected area of upwind fetch by the number of 
obstructions in it.

As an example, if the upwind fetch consists 
primarily of single family homes with typical height 
Hob = 20 ft (6 m), vertical frontal area (including 
some trees on each lot) of 1,000 ft2 (100 m2), and 
ground area per home of 10,000 ft2 (1,000 m2), then z0 
is calculated to be z0 = 0.5 × 20 × 1,000/10,000 = 1 ft 
(0.3 m), which falls into exposure category B accord-
ing to Table C26.7-1.

Trees and bushes are porous and are deformed by 
strong winds, which reduce their effective frontal 
areas (ESDU, 1993). For conifers and other ever-
greens no more than 50 percent of their gross frontal 
area can be taken to be effective in obstructing the 
wind. For deciduous trees and bushes no more than 
15 percent of their gross frontal area can be taken to 
be effective in obstructing the wind. Gross frontal 
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area is defi ned in this context as the projection onto a 
vertical plane (normal to the wind) of the area 
enclosed by the envelope of the tree or bush.

Ho (1992) estimated that the majority of build-
ings (perhaps as much as 60 percent to 80 percent) 
have an exposure category corresponding to Exposure 
B. While the relatively simple defi nition in the 
standard will normally suffi ce for most practical 
applications, oftentimes the designer is in need of 
additional information, particularly with regard to the 
effect of large openings or clearings (e.g., large 
parking lots, freeways, or tree clearings) in the 
otherwise “normal” ground surface roughness B. The 
following is offered as guidance for these situations:

1. The simple defi nition of Exposure B given in the 
body of the standard, using the surface roughness 
category defi nition, is shown pictorially in Fig. 
C26.7-1. This defi nition applies for the surface 
roughness B condition prevailing 2,630 ft (800 m) 

upwind with insuffi cient “open patches” as defi ned 
in the following text to disqualify the use of 
Exposure B.

2. An opening in the surface roughness B large 
enough to have a signifi cant effect on the exposure 
category determination is defi ned as an “open 
patch.” An open patch is defi ned as an opening 
greater than or equal to approximately 164 ft 
(50 m) on each side (i.e., greater than 165 ft 
[50 m] by 164 ft [50 m]). Openings smaller than 
this need not be considered in the determination of 
the exposure category.

3. The effect of open patches of surface roughness C 
or D on the use of exposure category B is shown 
pictorially in Figs. C26.7-3 and C26.7-4. Note that 
the plan location of any open patch may have a 
different effect for different wind directions.

Aerial photographs, representative of each 
exposure type, are included in the commentary to aid 

FIGURE C26.7-3 Exposure B with Upwind Open Patches.

Com_c26.indd   516 4/14/2010   2:18:29 PM



MINIMUM DESIGN LOADS

517

FIGURE C26.7-4 Exposure B with Open Patches.

the user in establishing the proper exposure for a given 
site. Obviously, the proper assessment of exposure is a 
matter of good engineering judgment. This fact is 
particularly true in light of the possibility that the 
exposure could change in one or more wind directions 
due to future demolition and/or development.

C26.7.4 Exposure Requirements
The standard in Section 26.5.1 requires that a 

structure be designed for winds from all directions. 
A rational procedure to determine directional wind 
loads is as follows. Wind load for buildings using 
Section 27.4.1 and Figs. 27.4-1, 27.4-2 or 27.4-3 are 
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determined for eight wind directions at 45° intervals, 
with four falling along primary building axes as 
shown in Fig. C26.7-5. For each of the eight direc-
tions, upwind exposure is determined for each of two 
45° sectors, one on each side of the wind direction 
axis. The sector with the exposure giving highest 
loads will be used to defi ne wind loads for that 
direction. For example, for winds from the north, the 
exposure from sector one or eight, whichever gives 
the higher load, is used. For wind from the east, the 
exposure from sector two or three, whichever gives 
the highest load, is used. For wind coming from the 
northeast, the most exposed of sectors one or two is 
used to determine full x and y loading individually, 
and then 75 percent of these loads are to be applied in 
each direction at the same time according to the 
requirements of Section 27.4.6 and Fig. 27.4-8. The 
procedure defi ned in this section for determining wind 
loads in each design direction is not to be confused 
with the determination of the wind directionality 
factor Kd. The Kd factor determined from Section 26.6 
and Table 26.6-1 applies for all design wind direc-
tions. See Section C26.6.

Wind loads for cladding and low-rise buildings 
elements are determined using the upwind exposure 
for the single surface roughness in one of the eight 
sectors of Fig. C26.7-5 that gives the highest cladding 
pressures.

C26.8 TOPOGRAPHIC EFFECTS

As an aid to the designer, this section was rewritten in 
ASCE 7-98 to specify when topographic effects need 
to be applied to a particular structure rather than when 

they do not as in the previous version. In an effort to 
exclude situations where little or no topographic effect 
exists, Condition (2) was added to include the fact 
that the topographic feature should protrude signifi -
cantly above (by a factor of two or more) upwind 
terrain features before it becomes a factor. For 
example, if a signifi cant upwind terrain feature has a 
height of 35 ft above its base elevation and has a top 
elevation of 100 ft above mean sea level then the 
topographic feature (hill, ridge, or escarpment) must 
have at least the H specifi ed and extend to elevation 
170 ft mean sea level (100 ft + [2 × 35 ft]) within the 
2-mi radius specifi ed.

A wind tunnel study by Means et al. (1996) and 
observation of actual wind damage has shown that the 
affected height H is less than previously specifi ed. 
Accordingly, Condition (5) was changed to 15 ft in 
Exposure C.

Buildings sited on the upper half of an isolated 
hill or escarpment may experience signifi cantly higher 
wind speeds than buildings situated on level ground. 
To account for these higher wind speeds, the velocity 
pressure exposure coeffi cients in Tables 27.3-1, 
28.3-1, 29.3-1, and 30.3-1 are multiplied by a topo-
graphic factor, Kzt, determined by Eq. 26.8-1. The 
topographic feature (2-D ridge or escarpment, or 3-D 
axisymmetrical hill) is described by two parameters, 
H and Lh. H is the height of the hill or difference in 
elevation between the crest and that of the upwind 
terrain. Lh is the distance upwind of the crest to where 
the ground elevation is equal to half the height of the 
hill. Kzt is determined from three multipliers, K1, K2, 
and K3, which are obtained from Fig. 26.8-1, respec-
tively. K1 is related to the shape of the topographic 
feature and the maximum speed-up near the crest, K2 
accounts for the reduction in speed-up with distance 
upwind or downwind of the crest, and K3 accounts for 
the reduction in speed-up with height above the local 
ground surface.

The multipliers listed in Fig. 26.8-1 are based on 
the assumption that the wind approaches the hill along 
the direction of maximum slope, causing the greatest 
speed-up near the crest. The average maximum 
upwind slope of the hill is approximately H/2Lh, and 
measurements have shown that hills with slopes of 
less than about 0.10 (H/Lh < 0.20) are unlikely to 
produce signifi cant speed-up of the wind. For values 
of H/Lh > 0.5 the speed-up effect is assumed to be 
independent of slope. The speed-up principally affects 
the mean wind speed rather than the amplitude of the 
turbulent fl uctuations, and this fact has been 
accounted for in the values of K1, K2, and K3 given in 
Fig. 26.8-1. Therefore, values of Kzt obtained from 

FIGURE C26.7-5 Determination of Wind Loads 
from Different Directions.
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Fig. 26.8-1 are intended for use with velocity pressure 
exposure coeffi cients, Kh and Kz, which are based on 
gust speeds.

It is not the intent of Section 26.8 to address the 
general case of wind fl ow over hilly or complex 
terrain for which engineering judgment, expert advice, 
or the Wind Tunnel Procedure as described in Chapter 
31 may be required. Background material on topo-
graphic speed-up effects may be found in the litera-
ture (Jackson and Hunt 1975, Lemelin et al. 1988, and 
Walmsley et al. 1986).

The designer is cautioned that, at present, the 
standard contains no provision for vertical wind 
speed-up because of a topographic effect, even though 
this phenomenon is known to exist and can cause 
additional uplift on roofs. Additional research is 
required to quantify this effect before it can be 
incorporated into the standard.

C26.9 GUST EFFECT FACTOR

ASCE 7 contains a single gust effect factor of 0.85 
for rigid buildings. As an option, the designer can 
incorporate specifi c features of the wind environment 
and building size to more accurately calculate a gust 
effect factor. One such procedure is located in the 
body of the standard (Solari 1993a and 1993b). A 
procedure is also included for calculating the gust 
effect factor for fl exible structures. The rigid structure 
gust factor is 0 percent to 10 percent lower than the 
simple, but conservative, value of 0.85 permitted in 
the standard without calculation. The procedures for 
both rigid and fl exible structures (1) provide a 
superior model for fl exible structures that displays the 
peak factors gQ and gR and (2) cause the fl exible 
structure value to match the rigid structure as reso-
nance is removed. A designer is free to use any other 
rational procedure in the approved literature, as stated 
in Section 26.9.5.

The gust effect factor accounts for the loading 
effects in the along-wind direction due to wind 
turbulence–structure interaction. It also accounts for 
along-wind loading effects due to dynamic amplifi ca-
tion for fl exible buildings and structures. It does not 
include allowances for across-wind loading effects, 
vortex shedding, instability due to galloping or fl utter, 
or dynamic torsional effects. For structures susceptible 
to loading effects that are not accounted for in the gust 
effect factor, information should be obtained from 
recognized literature (Kareem 1992 and 1985, Gurley 
and Kareem 1993, Solari 1993a and 1993b, and 
Kareem and Smith 1994) or from wind tunnel tests.

Along-Wind Response. Based on the preceding 
defi nition of the gust effect factor, predictions of 
along-wind response, for example, maximum dis-
placement, root-mean-square (rms), and peak accel-
eration, can be made. These response components are 
needed for survivability and serviceability limit states. 
In the following, expressions for evaluating these 
along-wind response components are given.

Maximum Along-Wind Displacement. The 
maximum along-wind displacement Xmax(z) as a 
function of height above the ground surface is 
given by

 X z
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where φ(z) = the fundamental model shape 
φ(z) = (z/h)ξ; ξ = the mode exponent; ρ = air density; 
Cfx = mean along-wind force coeffi cient; m1 = modal 
mass = μ φ μz z dz z
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V b zz = ( )33 α V, where V is the 3-s gust speed in 
Exposure C at the reference height (obtained from 
Fig. 26.5-1); b̂ and α̂ are given in Table 26.9-1.

RMS Along-Wind Acceleration. The rms 
along-wind acceleration σ��x(z) as a function of height 
above the ground surface is given by
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where Vz is the mean hourly wind speed at height z
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where b
_
 and α

_
 are defi ned in Table 26.9-1.

Maximum Along-Wind Acceleration. The 
maximum along-wind acceleration as a function of 
height above the ground surface is given by

 ��
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where T = the length of time over which the minimum 
acceleration is computed, usually taken to be 3,600 s 
to represent 1 h.

Approximate Fundamental Frequency. To 
estimate the dynamic response of structures, knowl-
edge of the fundamental frequency (lowest natural 
frequency) of the structure is essential. This value 
would also assist in determining if the dynamic 

Com_c26.indd   519 4/14/2010   2:18:30 PM



CHAPTER C26 WIND LOADS—GENERAL REQUIREMENTS

520

response estimates are necessary. Most computer 
codes used in the analysis of structures would provide 
estimates of the natural frequencies of the structure 
being analyzed. However, for the preliminary design 
stages some empirical relationships for building 
period Ta (Ta = 1/n1) are available in the earthquake 
chapters of ASCE 7. However, it is noteworthy that 
these expressions are based on recommendations for 
earthquake design with inherent bias toward higher 
estimates of fundamental frequencies (Goel and 
Chopra 1997 and 1998). For wind design applications 
these values may be unconservative because an 
estimated frequency higher than the actual frequency 
would yield lower values of the gust effect factor 
and concomitantly a lower design wind pressure. 
However, Goel and Chopra (1997 and 1998) also 
cite lower bound estimates of frequency that are 
more suited for use in wind applications. These 
lower-bound expressions are now given in Section 
26.9.2; graphs of these expressions are shown in 
Fig. C26.9-1. Because these expressions are based on 
regular buildings, limitations based on height and 

slenderness are required. The effective length Leff, 
uses a height-weighted average of the along-wind 
length of the building for slenderness evaluation. The 
top portion of the building is most important; hence 
the height-weighted average is appropriate. This 
method is an appropriate fi rst-order equation for 
addressing buildings with setbacks. Explicit calcula-
tion of gust effect factor per the other methods given 
in Section 26-9 can still be performed.

Observation from wind tunnel testing of buildings 
where frequency is calculated using analysis software 
reveals the following expression for frequency, 
appropriate for buildings less than about 400 ft in 
height, applicable to all buildings in steel or concrete:

 n1 = 100/H (ft) average value (C26.9-6)

 n1 = 75/H (ft) lower bound value (C26.9-7)

Equation C26.9-7 for the lower bound value is 
provided in Section 26.9.2.

Based on full-scale measurements of buildings 
under the action of wind, the following expression has 

FIGURE C26.9-1 Equations for Approximate Natural Frequency na vs. Building Height.
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been proposed for wind applications (Zhou and 
Kareem 2001, Zhou, Kijewski, and Kareem 2002):

 fn1 = 150/H (ft) (C26.9-8)

This frequency expression is based on older 
buildings and overestimates the frequency common in 
U.S. construction for smaller buildings less than 400 
ft in height, but becomes more accurate for tall 
buildings greater than 400 ft in height. The Australian 
and New Zealand Standard AS/NZS 1170.2, Eurocode 
ENV1991-2-4, Hong Kong Code of Practice on Wind 
Effects (2004), and others have adopted Eq. C26.9-8 
for all building types and all heights.

Recent studies in Japan involving a suite of 
buildings under low-amplitude excitations have led to 
the following expressions for natural frequencies of 
buildings (Sataka et al. 2003):

 n1 = 220/H (ft) (concrete buildings) (C26.9-9)

 n1 = 164/H (ft) (steel buildings) (C26.9-10)

The expressions based on Japanese buildings 
result in higher frequency estimates than those 
obtained from the general expression given in Eqs. 
C26.9-6 through C26.9-8, particularly since the 
Japanese data set has limited observations for the 
more fl exible buildings sensitive to wind effects and 
Japanese construction tends to be stiffer. 

For cantilevered masts or poles of uniform 
cross-section (in which bending action dominates):

 n1 = (0.56/h2)√(EI/m) (C26.9-11)

where EI is the bending stiffness of the section and m 
is the mass/unit height. (This formula may be used for 
masts with a slight taper, using average value of EI 
and m) (ECCS 1978).

An approximate formula for cantilevered, 
tapered, circular poles (ECCS 1978) is

 n1 ≈ [λ/(2πh2)]√(EI/m) (C26.9-12)

where h is the height, and E, I, and m are calculated 
for the cross-section at the base. λ depends on the 
wall thicknesses at the tip and base, et and eb, and 
external diameter at the tip and base, dt and db, 
according to the following formula:
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Equation C26.9-12 reduces to Eq. C26.9-11 for 
uniform masts. For free-standing lattice towers 

(without added ancillaries such as antennas or lighting 
frames) (Standards Australia 1994):

 n1 ≈ 1500wa/h2 (C26.9-14)

where wa is the average width of the structure in m 
and h is tower height. An alternative formula for 
lattice towers (with added ancillaries) (Wyatt 1984) is

 n
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where wb = tower base width and LN = 270 m for 
square base towers, or 230 m for triangular base 
towers.

Structural Damping. Structural damping is a 
measure of energy dissipation in a vibrating structure 
that results in bringing the structure to a quiescent 
state. The damping is defi ned as the ratio of the 
energy dissipated in one oscillation cycle to the 
maximum amount of energy in the structure in that 
cycle. There are as many structural damping mecha-
nisms as there are modes of converting mechanical 
energy into heat. The most important mechanisms are 
material damping and interfacial damping.

In engineering practice, the damping mechanism 
is often approximated as viscous damping because it 
leads to a linear equation of motion. This damping 
measure, in terms of the damping ratio, is usually 
assigned based on the construction material, for 
example, steel or concrete. The calculation of 
dynamic load effects requires damping ratio as an 
input. In wind applications, damping ratios of 1 
percent and 2 percent are typically used in the 
United States for steel and concrete buildings at 
serviceability levels, respectively, while ISO (1997) 
suggests 1 percent and 1.5 percent for steel and 
concrete, respectively. Damping values for steel 
support structures for signs, chimneys, and towers 
may be much lower than buildings and may fall in 
the range of 0.15 percent to 0.5 percent. Damping 
values of special structures like steel stacks can be 
as low as 0.2 percent to 0.6 percent and 0.3 percent 
to 1.0 percent for unlined and lined steel chimneys, 
respectively (ASME 1992 and CICIND 1999). 
These values may provide some guidance for design. 
Damping levels used in wind load applications are 
smaller than the 5 percent damping ratios common in 
seismic applications because buildings subjected to 
wind loads respond essentially elastically whereas 
buildings subjected to design level earthquakes 
respond inelastically at higher damping levels.

Because the level of structural response in the 
serviceability and survivability states is different, the 
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damping values associated with these states may 
differ. Further, due to the number of mechanisms 
responsible for damping, the limited full-scale data 
manifest a dependence on factors such as material, 
height, and type of structural system and foundation. 
The Committee on Damping of the Architectural 
Institute of Japan suggests different damping values 
for these states based on a large damping database 
described in Sataka et al. (2003).

In addition to structural damping, aerodynamic 
damping may be experienced by a structure 
oscillating in air. In general, the aerodynamic 
damping contribution is quite small compared to 
the structural damping, and it is positive in low to 
moderate wind speeds. Depending on the structural 
shape, at some wind velocities, the aerodynamic 
damping may become negative, which can lead to 
unstable oscillations. In these cases, reference should 
be made to recognized literature or a wind tunnel 
study.

Alternate Procedure to Calculate Wind Loads. 
The concept of the gust effect factor implies that the 
effect of gusts can be adequately accounted for by 
multiplying the mean wind load distribution with 
height by a single factor. This is an approximation. 
If a more accurate representation of gust effects is 
required, the alternative procedure in this section can 
be used. It takes account of the fact that the inertial 
forces created by the building’s mass, as it moves 
under wind action, have a different distribution with 
height than the mean wind loads or the loads due to 
the direct actions of gusts (ISO 1997 and Sataka et al. 
2003). The alternate formulation of the equivalent 
static load distribution utilizes the peak base bending 
moment and expresses it in terms of inertial forces at 
different building levels. A base bending moment, 
instead of the base shear as in earthquake engineering, 
is used for the wind loads, as it is less sensitive to 
deviations from a linear mode shape while still 
providing a gust effect factor generally equal to the 
gust factor calculated by the ASCE 7-05 standard. 
This equivalence occurs only for structures with linear 
mode shape and uniform mass distribution, assump-
tions tacitly implied in the previous formulation of the 
gust effect factor, and thereby permits a smooth 
transition from the existing procedure to the formula-
tion suggested here. For a more detailed discussion on 
this wind loading procedure, see ISO (1997) and 
Sataka et al. (2003).

Along-Wind Equivalent Static Wind Loading. 
The equivalent static wind loading for the mean, 
background, and resonant components is obtained 
using the procedure outlined in the following text.

Mean wind load component P
_

j at the j th fl oor 
level is given by

 P
_

j = qj × Cp × Aj × G
_
 (C26.9-16)

where

 j = fl oor level
 zj = height of the jth fl oor above the ground level
 qj = velocity pressure at height zj

 Cp = external pressure coeffi cient
 G
_
 = 0 925 1 1 7 1. .⋅ +( )−g Iv z  is the gust velocity factor

Peak background wind load component P̂Bj at the 
jth fl oor level is given similarly by

 ˆ /P P G GBj j B= ⋅  (C26.9-17)

where G
I g Q

g I
B

z Q

v z

= ⋅
⋅

+
⎛
⎝⎜

⎞
⎠⎟

0 925
1 7

1 1 7
.

.

.
 is the background 

component of the gust effect factor.
Peak resonant wind load component P̂Rj at the jth 

fl oor level is obtained by distributing the resonant 
base bending moment response to each level

 ˆ ˆP C MRj Mj R=  (C26.9-18)

 C
w

w z
Mj

j j

j j j

=
∑

φ
φ

 (C26.9-19)

 ˆ /M M G GR R= ⋅  (C26.9-20)

 M P zj j
j n

= ⋅
=
∑

1,

 (C26.9-21)

where

 CMj = vertical load distribution factor
 M̂R =  peak resonant component of the base bending 

moment response
 wj =  portion of the total gravity load of the building 

located or assigned to level j
 n = total stories of the building
 φj = fi rst structural mode shape value at level j
 M

_
 = mean base bending produced by mean wind load

 GR = 0 925
1 7

1 1 7
.

.

.
⋅ ⋅

+
⎛
⎝⎜

⎞
⎠⎟

I g R

g I
z R

v z

 is the resonant component 

of the gust effect factor

Along-Wind Response. Through a simple static 
analysis the peak-building response along-wind 
direction can be obtained by

 ˆ ˆ ˆr r r rB R= + +2 2  (C26.9-22)

where r
_
, r̂B, and r̂R = mean, peak background, and 

resonant response components of interest, for 
example, shear forces, moment, or displacement. 
Once the equivalent static wind load distribution 
is obtained, any response component including 
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acceleration can be obtained using a simple static 
analysis. It is suggested that caution must be exercised 
when combining the loads instead of response 
according to the preceding expression, for example,

 ˆ ˆ ˆP P P Pj j Bj Rj= + +2 2  (C26.9-23)

because the background and the resonant load 
components have normally different distributions 
along the building height. Additional background can 
be found in ISO (1997) and Sataka et al. (2003).

Example: The following example is presented to 
illustrate the calculation of the gust effect factor. 
Table C26.9-1 uses the given information to obtain 
values from Table 26.9-1. Table C26.9-2 presents the 
calculated values. Table C26.9-3 summarizes the 
calculated displacements and accelerations as a 
function of the height, z.

Given Values:

Basic wind speed at reference height in exposure 
C = 90 mi/h

Type of exposure = B
Building height h = 600 ft
Building width B = 100 ft
Building depth L = 100 ft
Building natural frequency n1 = 0.2 Hz
Damping ratio = 0.01
Cfx = 1.3
Mode exponent = 1.0
Building density = 12 lb/ft3 = 0.3727 slugs/ft3

Air density = 0.0024 slugs/ft3

Aerodynamic Loads on Tall Buildings—An 
Interactive Database. Under the action of wind, tall 
buildings oscillate simultaneously in the along-wind, 
across-wind, and torsional directions. While the 
along-wind loads have been successfully treated in 
terms of gust loading factors based on quasi-steady 
and strip theories, the across-wind and torsional loads 
cannot be treated in this manner, as these loads cannot 
be related in a straightforward manner to fl uctuations 
in the approach fl ow. As a result, most current codes 
and standards provide little guidance for the across-
wind and torsional response ISO (1997) and Sataka 
et al. (2003).

To provide some guidance at the preliminary 
design stages of buildings, an interactive aerodynamic 
loads database for assessing dynamic wind-induced 
loads on a suite of generic isolated buildings is 
introduced. Although the analysis based on this 
experimental database is not intended to replace wind 
tunnel testing in the fi nal design stages, it provides 
users a methodology to approximate the previously 
untreated across-wind and torsional responses in the 

early design stages. The database consists of high-
frequency base balance measurements involving seven 
rectangular building models, with side ratio (D/B, 
where D is the depth of the building section along the 
oncoming wind direction) from 1/3 to 3, three aspect 
ratios for each building model in two approach fl ows, 
namely, BL1 (α

_
 = 0.16) and BL2 (α

_
 = 0.35) corre-

sponding to an open and an urban environment. The 
data are accessible with a user-friendly Java-based 
applet through the worldwide Internet community at 
http://aerodata.ce.nd.edu/interface/interface.html. 
Through the use of this interactive portal, users can 
select the geometry and dimensions of a model 
building from the available choices and specify an 
urban or suburban condition. Upon doing so, the 
aerodynamic load spectra for the along-wind, across-
wind, or torsional directions is displayed with a Java 
interface permitting users to specify a reduced 
frequency (building frequency × building dimension/
wind velocity) of interest and automatically obtain the 
corresponding spectral value. When coupled with the 
supporting Web documentation, examples, and 
concise analysis procedure, the database provides a 
comprehensive tool for computation of wind-induced 
response of tall buildings, suitable as a design guide 
in the preliminary stages.

Example: An example tall building is used to 
demonstrate the analysis using the database. The 
building is a square steel tall building with size 
H × W1 × W2 = 656 × 131 × 131 ft (200 × 40 × 40 m) 
and an average radius of gyration of 59 ft (18 m).

The three fundamental mode frequencies, f1, are 
0.2, 0.2, and 0.35 Hz in X, Y, and Z directions, 
respectively; the mode shapes are all linear, or β is 
equal to 1.0, and there is no modal coupling. The 
building density is equal to 0.485 slugs/ft3 (250 kg/
m3). This building is located in Exposure A or close 
to the BL2 test condition of the Internet-based 
database (Zhou et al. 2002). In this location (Exposure 
A), the reference 3-sec design gust speed at a 50-year 
recurrence interval is 207 ft/s (63 m/s) [ASCE 7-98], 
which is equal to 62 ft/s (18.9 m/s) upon conversion 
to 1-h mean wind speed with 50-yr MRI (207 × 0.30 
= 62 m/s). For serviceability requirements, 1-h mean 
wind speed with 10-yr MRI is equal to 46 ft/s (14 
m/s) (207 × 0.30 × 0.74 = 46). For the sake of 
illustration only, the fi rst mode critical structural 
damping ratio, ζ1, is to be 0.01 for both survivability 
and serviceability design.

Using these aerodynamic data and the procedures 
provided on the Web and in ISO (1997), the wind 
load effects are evaluated and the results are presented 
in Table C26.9-4. This table includes base moments 
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and acceleration response in the along-wind direction 
obtained by the procedure in ASCE 7-02. Also the 
building experiences much higher across-wind load 
effects when compared to the along-wind response for 
this example, which reiterates the signifi cance of wind 
loads and their effects in the across-wind direction.

C26.10 ENCLOSURE CLASSIFICATION

The magnitude and sense of internal pressure is 
dependent upon the magnitude and location of 
openings around the building envelope with respect to 
a given wind direction. Accordingly, the standard 
requires that a determination be made of the amount 
of openings in the envelope to assess enclosure 
classifi cation (enclosed, partially enclosed, or open). 
“Openings” are specifi cally defi ned in this version of 
the standard as “apertures or holes in the building 
envelope which allow air to fl ow through the building 
envelope and which are designed as “open” during 
design winds.” Examples include doors, operable 
windows, air intake exhausts for air conditioning and/
or ventilation systems, gaps around doors, deliberate 
gaps in cladding, and fl exible and operable louvers. 
Once the enclosure classifi cation is known, the 
designer enters Table 26.11-1 to select the appropriate 
internal pressure coeffi cient.

This version of the standard has four terms 
applicable to enclosure: wind-borne debris regions, 
glazing, impact-resistant glazing, and impact protective 
system. “Wind-borne debris regions” are specifi ed to 
alert the designer to areas requiring consideration of 
missile impact design and potential openings in the 
building envelope. “Glazing” is defi ned as “any glass 
or transparent or translucent plastic sheet used in 
windows, doors, skylights, or curtain walls.” “Impact-
resistant glazing” is specifi cally defi ned as “glazing 
that has been shown by testing to withstand the impact 
of test missiles.” “Impact protective systems” over 
glazing can be shutters or screens designed to withstand 
wind-borne debris impact. Impact resistance of glazing 
and protective systems can be tested using the test 
method specifi ed in ASTM E1886-2005 (2005), with 
missiles, impact speeds, and pass/fail criteria specifi ed 
in ASTM E1996-2009 (2009). Other approved test 
methods are acceptable. Origins of missile impact 
provisions contained in these standards are summarized 
in Minor (1994) and Twisdale et al. (1996).

Attention is drawn to Section 26.10.3, which 
requires glazing in Category II, III, and IV buildings 
in wind-borne debris regions to be protected with an 
impact protective system or to be made of impact-

resistant glazing. The option of unprotected glazing 
was eliminated for most buildings in the 2005 edition 
of the standard to reduce the amount of wind and water 
damage to buildings during design wind storm events.

Prior to the 2002 edition of the standard, glazing 
in the lower 60 ft (18.3 m) of Category II, III, or IV 
buildings sited in wind-borne debris regions was 
required to be protected with an impact protective 
system, or to be made of impact-resistant glazing, or 
the area of the glazing was assumed to be open. 
Recognizing that glazing higher than 60 ft (18.3 m) 
above grade may be broken by wind-borne debris 
when a debris source is present, a new provision was 
added in 2002. With that new provision, aggregate 
surfaced roofs on buildings within 1,500 ft (457 m) of 
the new building need to be evaluated. For example, 
roof aggregate, including gravel or stone used as 
ballast that is not protected by a suffi ciently high 
parapet should be considered as a debris source. 
Accordingly, the glazing in the new building, from 30 
ft (9.1 m) above the source building to grade would 
need to be protected with an impact protective system 
or be made of impact-resistant glazing. If loose roof 
aggregate is proposed for the new building, it too 
should be considered as a debris source because 
aggregate can be blown off the roof and be propelled 
into glazing on the leeward side of the building. 
Although other types of wind-borne debris can impact 
glazing higher than 60 ft above grade, at these higher 
elevations, loose roof aggregate has been the predomi-
nate debris source in previous wind events. The 
requirement for protection 30 ft (9.1 m) above the 
debris source is to account for debris that can be lifted 
during fl ight. The following references provide further 
information regarding debris damage to glazing: 
Beason et al. (1984), Minor (1985 and 1994), Kareem 
(1986), and Behr and Minor (1994).

Although wind-borne debris can occur in just 
about any condition, the level of risk in comparison to 
the postulated debris regions and impact criteria may 
also be lower than that determined for the purpose of 
standardization. For example, individual buildings 
may be sited away from likely debris sources that 
would generate signifi cant risk of impacts similar in 
magnitude to pea gravel (i.e., as simulated by 2 gram 
steel balls in impact tests) or butt-on 2 × 4 impacts as 
required in impact testing criteria. This situation 
describes a condition of low vulnerability only as a 
result of limited debris sources within the vicinity of 
the building. In other cases, potential sources of 
debris may be present, but extenuating conditions can 
lower the risk. These extenuating conditions include 
the type of materials and surrounding construction, 
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the level of protection offered by surrounding expo-
sure conditions, and the design wind speed. Therefore, 
the risk of impact may differ from those postulated as 
a result of the conditions specifi cally enumerated in 
the standard and the referenced impact standards. The 
committee recognizes that there are vastly differing 
opinions, even within the standards committee, 
regarding the signifi cance of these parameters that are 
not fully considered in developing standardized debris 
regions or referenced impact criteria.

Recognizing that the defi nition of the wind-borne 
debris regions given in ASCE 7-98 through ASCE 
7-05 was largely based on engineering judgment 
rather than a risk and reliability analysis, the defi ni-
tion of the wind-borne debris regions in ASCE 7-10 
for Risk Category II buildings and structures has been 
chosen such that the coastal areas included in the 
wind-borne debris regions defi ned with the new wind 
speed maps are approximately consistent with those 
given in the prior editions for this risk category. Thus, 
the new wind speed contours that defi ne the wind-
borne debris regions in Section 26.10.3.1 are not 
direct conversions of the wind speed contours that are 
defi ned in ASCE 7-05 as shown in Table C26.5-6. As 
a result of this shift, adjustments are needed to the 
Wind Zone designations in ASTM E 1996 for the 
determination of the appropriate missile size for the 
impact test because the Wind Zones are based on the 
ASCE 7-05 wind speed maps. Section 6.2.2 of ASTM 
E 1996 should be as follows: 

6.2.2 Unless otherwise specifi ed, select the wind zone 
based on the basic wind speed as follows:
6.2.2.1 Wind Zone 1 – 130 mph ≤ basic wind speed 

< 140 mph.
6.2.2.2 Wind Zone 2 – 140 mph ≤ basic wind speed 

< 150 mph at greater than 1.6 km (one mile) 
from the coastline. The coastline shall be 
measured from the mean high water mark.

6.2.2.3 Wind Zone 3 - basic wind speed ≥ 150 mph, 
or basic wind speed ≥ 140 mph and within 1.6 km 
(one mile) of the coastline. The coastline shall be 
measured from the mean high water mark.

However, While the coastal areas included in the 
wind-borne debris regions defi ned in the new wind 
speed maps for Risk Category II are approximately 
consistent with those given in ASCE 7-05, signifi cant 
reductions in the wind-borne debris regions for this 
risk category occur in the area around Jacksonville, 
Florida, in the Florida Panhandle, and inland from the 
coast of North Carolina.

The introduction of separate risk-based maps 
for different risk categories provides a means for 

achieving a more risk-consistent approach for defi ning 
wind-borne debris regions. The approach selected 
was to link the geographical defi nition of the wind-
borne debris regions to the wind speed contours in the 
maps that correspond to the particular risk category. 
The resulting expansion of the wind-borne debris 
region for Risk Category III and IV buildings and 
structures (wind-borne debris regions in Fig. 26.5-1C 
that are not part of the wind-borne debris regions 
defi ned in Fig. 26.5-1B) was considered appropriate 
for the types of buildings included in Risk Category 
IV. A review of the types of buildings and structures 
currently included in Risk Category III suggests that 
life safety issues would be most important, in the 
expanded wind-borne debris region, for health care 
facilities. Consequently, the committee chose to 
apply the expanded wind-borne debris protection 
requirement to this type of Risk Category III facilities 
and not to all Risk Category III buildings and 
structures.

C26.11 INTERNAL PRESSURE COEFFICIENT

The internal pressure coeffi cient values in Table 
26.11-1 were obtained from wind tunnel tests 
(Stathopoulos et al. 1979) and full-scale data (Yeatts 
and Mehta 1993). Even though the wind tunnel tests 
were conducted primarily for low-rise buildings, the 
internal pressure coeffi cient values are assumed to 
be valid for buildings of any height. The values 
(GCpi) = +0.18 and –0.18 are for enclosed buildings. 
It is assumed that the building has no dominant 
opening or openings and that the small leakage paths 
that do exist are essentially uniformly distributed over 
the building’s envelope. The internal pressure coef-
fi cient values for partially enclosed buildings assume 
that the building has a dominant opening or openings. 
For such a building, the internal pressure is dictated 
by the exterior pressure at the opening and is typically 
increased substantially as a result. Net loads, that is, 
the combination of the internal and exterior pressures, 
are therefore also signifi cantly increased on the 
building surfaces that do not contain the opening. 
Therefore, higher (GCpi) values of +0.55 and –0.55 
are applicable to this case. These values include a 
reduction factor to account for the lack of perfect 
correlation between the internal pressure and the 
external pressures on the building surfaces not 
containing the opening (Irwin 1987 and Beste and 
Cermak 1996). Taken in isolation, the internal 
pressure coeffi cients can reach values of ±0.8 
(or possibly even higher on the negative side).
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For partially enclosed buildings containing a large 
unpartitioned space, the response time of the internal 
pressure is increased, and this increase reduces the 
ability of the internal pressure to respond to rapid 
changes in pressure at an opening. The gust factor 
applicable to the internal pressure is therefore 
reduced. Equation 26.11-1, which is based on Vickery 
and Bloxham (1992) and Irwin and Dunn (1994), is 
provided as a means of adjusting the gust factor for 
this effect on structures with large internal spaces, 
such as stadiums and arenas.

Because of the nature of hurricane winds and 
exposure to debris hazards (Minor and Behr 1993), 
glazing located below 60 ft (18.3 m) above the ground 
level of buildings sited in wind-borne debris regions 
has a widely varying and comparatively higher 
vulnerability to breakage from missiles, unless the 
glazing can withstand reasonable missile loads and 
subsequent wind loading, or the glazing is protected 
by suitable shutters. (See Section C26.10 for discus-
sion of glazing above 60 ft [18.3 m].) When glazing 
is breached by missiles, development of higher 
internal pressure may result, which can overload the 
cladding or structure if the higher pressure was not 
accounted for in the design. Breaching of glazing can 
also result in a signifi cant amount of water infi ltration, 
which typically results in considerable damage to the 
building and its contents (Surry et al. 1977, Reinhold 
1982, and Stubbs and Perry 1993).

The infl uence of compartmentalization on the 
distribution of increased internal pressure has not been 
researched. If the space behind breached glazing is 
separated from the remainder of the building by a 
suffi ciently strong and reasonably airtight compart-
ment, the increased internal pressure would likely be 
confi ned to that compartment. However, if the 
compartment is breached (e.g., by an open corridor 
door or by collapse of the compartment wall), the 
increased internal pressure will spread beyond the 
initial compartment quite rapidly. The next compart-
ment may contain the higher pressure, or it too could 
be breached, thereby allowing the high internal 
pressure to continue to propagate. Because of the 
great amount of air leakage that often occurs at large 
hangar doors, designers of hangars should consider 
utilizing the internal pressure coeffi cients for partially 
enclosed buildings in Table 26.11-1.
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Table C26.1-1 Cross Reference of Sections between Wind Provisions of the 2005 and 2010 Editions of Asce 7

ASCE 7-05 Section ASCE 7-10 Section

Text

6.1 General 26.1 Procedures

6.1.1 Scope 26.1.1 Scope

6.1.2 Allowed Procedures 26.1.2 Procedures

6.1.3 Wind Pressures Acting on Opposite Faces of Each 
Building Surface

26.4.4 Wind Pressures Acting on Opposite Faces of Each 
Building Surface

30.2.2 Wind Pressures Acting on Opposite Faces of Each 
Building Surface

– 26.1.2.1 Main Wind Force Resisting System (MWFRS)

– 26.1.2.2 Components and Cladding

6.1.4 Minimum Design Wind Loading –

6.1.4.1 Main Wind–Force Resisting System 27.4.7 Minimum Design Wind Loads

28.4.4 Minimum Design Wind Loading

29.9 Minimum Design Wind Loading

6.1.4.2 Components and Cladding 30.2.3 Minimum Design Wind Pressures

6.2 Defi nitions 26.2 Defi nitions

6.3 Symbols and Notations 26.3 Symbols and Notations

6.4 Method 1–Simplifi ed Procedure Chapter 28 Part 2: Enclosed Simple diaphragm Low–Rise 
Buildings

28.6 Wind Loads–Main Wind Force Resisting System
Chapter 30 Part 2

– Chapter 27 Part 2 Enclosed Simple Diaphragm Buildings with 
h ≤ 160 ft

– Chapter 30 Part 4 enclosed Buildings with h ≤ 160 ft

6.4.1 Scope 28.6.1 scope

6.4.1.1 Main wind–Force Resisting System 28.6.2 Conditions

6.4.1.2 Components and Cladding 30.6 Conditions

6.4.2 Design Procedure –

6.4.2.1 Main wind–Force Resisting System 28.6.3 Design Wind Loads

6.4.2.1.1 Minimum Pressures 28.6.4 Minimum Design Wind Loads

6.4.2.2 Components and Cladding 30.7 Design Wind Pressures for Enclosed Low–Rise Buildings 
(h ≤ 60 ft.)

6.4.2.2.1 Minimum Pressures 30.2.3 Minimum Design Wind Pressures

6.4.3 Air Permeable Cladding 30.1.5 Air Permeable Cladding

6.5 Method 2–Analytical Procedure Chapter 27 Wind Loads (MWFRS) Directional Procedure for 
Enclosed, Partially Enclosed, and Open Buildings of All Heights

Chapter 28 Wind Loads (MWFRS) – Envelope Procedure for 
Enclosed and Partially Enclosed Low–Rise Buildings

Chapter 29 Wind Loads (MWFRS) – Other Structures and 
Building Appurtenances

Chapter 30 Components and Cladding

Continued
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ASCE 7-05 Section ASCE 7-10 Section

6.5.1 Scope 27.1.2 Conditions

28.1.2 Conditions

29.1.2 Conditions

30.1.2 Conditions

6.5.2 Limitations 27.1.3 Limitations

28.1.3 Limitations

29.1.3 Limitations

30.1.3 Limitations

6.5.2.1 Shielding 27.1.4 Shielding

28.1.4 Shielding

29.1.4 Shielding

30.1.4 Shielding

6.5.2.2 Air Permeable Cladding 30.1.5 Air Permeable Cladding

6.5.3 Design Procedure Flow Charts

6.5.4 Basic wind Speed 26.5.1 Basic Wind Speed

6.5.4.1 Special Wind Regions 26.5.2 Special Wind Regions

6.5.4.2 Estimation of Basic Wind Speeds from Regional 
Climatic Data

26.5.3 Estimation of Basic Wind Speeds from Regional 
Climatic Data

6.5.4.3 Limitation 26.5.4 Limitation

6.5.4.4 Wind Directionality Factor 26.6 Wind Directionality Factor

6.5.5 Importance Factor –

6.5.6 Exposure 26.7 Exposure

6.5.6.1 Wind Directions and Sectors 26.7.1 Wind Directions and Sectors

6.5.6.2 Surface Roughness Categories 26.7.2 Surface Roughness Categories

6.5.6.3 Exposure Categories 26.7.3 Exposure Categories

6.5.6.4 Exposure Category for Main Wind–Force Resisting 
System

26.7.4 Exposure Requirements

6.5.6.4.1 Buildings and Other Structures 26.7.4.1 Directional Procedure (Chapter 27)

26.7.4.3 Directional Procedure for Building Appurtenances and 
Other Structures (Chapter 29)

6.5.6.4.2 Low–Rise Buildings 26.7.4.2 Envelope Procedure (Chapter 28)

6.5.6.5 Exposure Category for Components and Cladding 26.7.4.4 Components and Cladding

6.5.6.6 Velocity Pressure Coeffi cient 27.3.1 Velocity Pressure Coeffi cient

28.3.1 Velocity Pressure Coeffi cient

29.3.1 Velocity Pressure Coeffi cient

30.3.1 Velocity Pressure Coeffi cient

6.5.7 Topographic Effects 26.8 Topographic Effects

6.5.7.1 Wind Speed–Up over Hills, Ridges, and Escarpments 26.8.1 Wind Speed–Up over Hills, Ridges, and Escarpments

6.5.7.2 Topographic Factor 26.8.2 Topographic Factor

6.5.8 Gust Effect Factor 26.9 Gust Effect Factor

– 26.9.1 Frequency Determination

– 26.9.2 Approximate Natural Frequency

Table C26.1-1 (Continued)
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ASCE 7-05 Section ASCE 7-10 Section

6.5.8.1 Rigid Structures 26.9.3 Rigid Structures

6.5.8.2 Flexible or Dynamically Sensitive Structures 26.9.4 Flexible or Dynamically Sensitive Structures

6.8.3 Rational Analysis 26.9.5 Rational Analysis

6.8.4 Limitations 26.9.6 Limitations

6.5.9 Enclosure Classifi cations 26.10 Enclosure Classifi cations

6.5.9.1 General 26.10.1 General

6.5.9.2 Openings 26.10.2 Openings

6.5.9.3 Wind–Borne Debris 26.10.3 Wind–borne Debris

6.5.9.4 Multiple Classifi cations 26.10.4 Multiple Classifi cations

6.5.10 Velocity Pressure 27.3.2 Velocity Pressure

28.3.2 Velocity Pressure

29.3.2 Velocity Pressure

30.3.2 Velocity Pressure

6.5.11.1 Internal Pressure Coeffi cient 26.11 Internal Pressure Coeffi cient

26.11.1

6.5.11.1.1 Reduction Factor for Large Volume Buildings, Ri 26.11.1.1 Reduction Factor for Large Volume Buildings, Ri

6.5.11.2 External Pressure Coeffi cients 28.4.1.1 External Pressure Coeffi cients, GCpf

6.5.11.2.1 Main Wind–Force Resisting System

6.5.11.2.2 Components and Cladding 30.2.5 External Pressure Coeffi cients

6.5.11.3 Force Coeffi cients –

6.5.11.4 Roof Overhangs 29.8 Roof Overhangs

6.5.11.4.1 Main Wind–Force Resisting System 27.4.4 Roof Overhangs

28.4.2 Roof Overhangs

6.5.11.4.2 Components and Cladding 30.10 Roof Overhangs

6.5.11.5 Parapets –

6.5.11.1 Main Wind–Force Resisting System 29.7 Parapets

6.5.11.2 Components and Cladding 30.9 Parapets

6.5.12 Design Wind Loads on Enclosed and Partially 
Enclosed Buildings

Chapter 27 Wind Loads (MWFRS) Directional Procedure 
for Enclosed, Partially Enclosed, and Open Buildings of All 
Heights

Chapter 28 Wind Loads (MWFRS) – Envelope Procedure for 
Enclosed and Partially Enclosed Low–Rise Buildings

Chapter 30 Components and Cladding

6.5.12.1.1 Sign Convention 26.4.3 Sign Convention

6.5.12.1.2 Critical Load Condition 26.4.3 Critical Load Condition

6.5.12.1.3 Tributary Area Greater than 700 ft2 (65 m2) 30.2.4 Tributary Area Greater than 700 ft2 (65 m2)

6.5.12.2.1 Rigid Buildings of All Heights 27.4.1 Enclosed and Partially Enclosed Rigid Buildings

6.5.12.2.2 Low–Rise Buildings 28.4.1 Design Wind Pressure for Low–Rise Buildings

6.5.12.2.3 Flexible Buildings 27.4.2 Enclosed and Partially Enclosed Flexible Buildings

Table C26.1-1 (Continued)
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Com_c26.indd   533 4/14/2010   2:18:33 PM



CHAPTER C26 WIND LOADS—GENERAL REQUIREMENTS

534

ASCE 7-05 Section ASCE 7-10 Section

6.5.12.2.4 Parapets 27.4.5 Parapets

28.4.3 Parapets

6.5.12.3 Design Wind Load Cases 27.4.6 Design Wind Load Cases

6.5.12.4 Components and Cladding –

6.5.12.4.1 Low–Rise Buildings and Buildings with h ≤ 60 ft 
(18.3 m)

30.4 Design Wind Pressures for Enclosed and Partially Enclosed 
Buildings and Buildings with h ≤ 60 ft (18.3 m)

6.5.12.4.2 Buildings with h > 60 ft (18.3 m) 30.8 Design Wind Pressures for Enclosed and Partially Enclosed 
Buildings with h > 60 ft (18.3 m)

6.5.12.4.3 Alternative Design Wind Pressures for 
Components and Cladding Buildings with 60 ft (18.3 m) < 
h < 90 ft (27.4 m)

30.5 Design Wind Pressures in Enclosed and Partially Enclosed 
Buildings with 60 ft (18.3 m) < h < 90 ft (27.4 m)

6.5.12.4.4 Parapets 30.10 Parapets

30.10.1 General Design Procedure

6.5.13 Design Wind Loads on Open Buildings with 
Monoslope, Pitched, or Troughed Roofs

Chapter 27
Chapter 30

6.5.13.1 General

6.5.13.1.1 Sign Convention 27.4.3 Open Buildings with Monoslope, Pitched, or Troughed 
Free Roofs6.5.13.1.2 Critical Load Condition

6.5.13.2 Main Wind–Force Resisting System

6.5.13.3 Components and Cladding Elements 30.9 Design Wind Pressures for Open Buildings of All Heights 
with Monoslope, Pitched, or Troughed Free Roofs

6.5.14 Design Wind Loads on Solid Freestanding Walls and 
Solid Signs

29.4 Design Wind Loads – Solid Freestanding Walls and Solid 
Signs

29.4.1 Solid Freestanding Walls and Solid Freestanding Signs

– 29.4.2 Solid Attached Signs

6.5.15 Design Wind Loads on Other Structures 29.5 Design Wind Loads – Other Structures

6.5.15.1 Rooftop Structures and Equipment for Buildings 
with h ≤ 60 ft (18.3 m)

29.6 Rooftop Structures and Equipment for Buildings with 
h ≤ 60 ft (18.3 m)

6.6 Method 3 – Wind Tunnel Procedure Chapter 31Wind Tunnel Procedure

6.6.1 Scope 31.1 Scope

6.6.2 Test Conditions 31.2 Test Conditions

6.6.3 Dynamic Response 31.3 Dynamic Response

6.6.4 Limitations 31.4 Prediction of Load Effects

– 31.4.1 Mean Recurrence Intervals of Load Effects

6.6.4.1 Limitations on Wind Speed 31.4.2 Limitations

– 31.4.3 Limitations on Loads

6.6.5 Wind–Borne Debris 31.5 Wind–Borne Debris

Tables and Figures

Figure 6–1 Figure 26.5-1A

Figure 26.5-1B

Figure 26.5-1C

Table C26.1-1 (Continued)
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ASCE 7-05 Section ASCE 7-10 Section

Figure 6–2 Figure 28.6-3

Figure 6–3 Figure 30.5-1

Figure 6–4 Figure 28.6-2

Figure 6–5 Table 26.11-1

Figure 6–6 Figure 27.4.1–1

Figure 6–7 Figure 27.4.1–2

Figure 6–8 Figure 27.4.1–3

Figure 6–9 Figure 27.4-6

Figure 6–10 Figure 28.4-1

Figure 6–11A Figure 30.4–1

Figure 6–11B Figure 30.4–2A

Figure 6–11C Figure 30.4–2B

Figure 6–11D Figure 30.4–2C

Figure 6–12 Figure 30.4–3

Figure 6–13 Figure 40.4–4

Figure 6–14A Figure 30.4–5A

Figure 6–14B Figure 30.4–5B

Figure 6–15 Figure 30.4–6

Figure 6–16 Figure 30.8–2

Figure 6–17 Figure 30.8–1

Figure 6–18A Figure 27.4.3–1

Figure 6–18B Figure 27.4.3–2

Figure 6–18C Figure 27.4.3–3

Figure 6–18D Figure 27.4.3–4

Figure 6–19A Figure 30.9–1

Figure 6–19B Figure 30.9–2

Figure 6–19C Figure 30.9–3

Figure 6–20 Figure 29.4

Figure 6–21 Figure 29.5–1

Figure 6–22 Figure 29.5–2

Figure 6–23 Figure 29.5–3

Table 6–1 –

Table 6–2 Table 26.9-1

Table 6–3 Table 27.3-1

Table 28.3-1

Table 29.3-1

Table 30.3-1

Table 6–4 Table 26.6

Table C26.1-1 (Continued)
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Table C26.5-1 Saffi r/Simpson Hurricane Scale

Hurricane 
Category

Sustained Wind Speed (1) Central Barometric Pressure Storm Surge

Damage Potentialmph (m/s) inches of mercury millibars ft (m)

1 74–95 33.1–42.5 >28.91 >979 4 to 5 0.8 to 1.2 Minimal
2 96–110 42.6–49.2 28.50–28.91 965–979 6 to 8 1.3 to 1.8 Moderate
3 111–130 49.3–58.1 27.91–28.47 945–964 9 to 12 1.9 to 2.7 Extensive
4 131–155 58.2–69.3 27.17–27.88 920–944 13 to 18 2.8 to 3.7 Extreme
5 >155 >69.3 <27.17 <920 >18 > 3.7 Catastrophic

1000 millibars = 100 kPa
(1) 1-minute average wind speed at 33 ft (10 m) above open water

Table C26.5-2 Approximate Relationship between Wind Speeds in Asce 7 and Saffi r/Simpson 
Hurricane Scale

Saffi r/Simpson 
Hurricane Category

Sustained Wind Speed 
Over Watera

Gust Wind Speed 
Over Waterb

Gust Wind Speed 
Over Landc

MPH (m/s) mph (m/s) mph (m/s)

1 74–95 33–43 90–116 40.2–51.9 81–105 36.2–46.9
2 96–110 44–49 117–134 52.3–59.9 106–121 47.4–54.1
3 111–130 50–58 135–158 60.3–70.6 122–143 54.5–63.9
4 131–155 59–69 159–189 71.1–84.5 144–171 64.4–76.4
5 >155 >69 >190 >84.5 >171 >76.4

a1-minute average wind speed at 33 ft (10 m) above open water
b3-second gust wind speed at 33 ft (10 m) above open water
c3-second gust wind speed at 33 ft (10 m) above open ground in Exposure Category C. This column has the same basis (averaging time, height, 
and exposure) as the basic wind speed from Figure 26.5-1.
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Table C26.5-3 Design Wind Speeds at Selected Coastal Locations in Hurricane-Prone Areas

Location

Basic Wind Speed for 
Occupancy Category II 

Buildings and Other Structures

Basic Wind Speed for 
Occupancy Category III 

and IV Buildings and Other 
Structures

mph (m/s) mph (m/s)

Bar Harbor, Maine 116 52 125 56
Hampton Beach, New Hampshire 122 55 133 59
Boston, Massachusetts 128 57 140 63
Hyannis, Massachusetts 141 63 152 68
Newport, Rhode Island 139 62 150 67
New Haven, Connecticut 126 56 134 60
Southampton, New York 138 62 148 66
Manhattan, New York 114 51 123 55
Atlantic City, New Jersey 123 55 142 63
Bowers Beach, Delaware 114 51 121 54
Ocean City, Maryland 122 55 132 59
Virginia Beach, Virginia 122 55 132 59
Wrightsville Beach, North Carolina 145 65 155 69
Folly Beach, South Carolina 148 66 158 71
Sea Island, Georgia 131 59 155 69
Jacksonville Beach, Florida 128 57 140 63
Melbourne, Florida 150 67 160 72
Miami Beach, Florida 170 76 181 81
Key West, Florida 180 80 200 89
Clearwater, Florida 145 65 154 69
Panama City, Florida 135 60 145 65
Gulf Shores, Alabama 158 71 169 76
Biloxi, Mississippi 162 72 175 78
Slidell, Louisiana 142 63 152 68
Cameron, Louisiana 142 63 153 68
Galveston, Texas 150 67 160 72
Port Aransas, Texas 150 67 157 70
Hawaii 129 58 143 64
Puerto Rico 162 72 172 77
Virgin Islands 167 75 176 79

Note: All wind speeds in Table C26.5-3 are 3-s gust wind speeds at 33 ft (10 m) above terrain.
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Table C26.5-4 Basic Wind Speed for Risk Category II Buildings and Other Structures at Selected Locations 
in Hurricane Prone Areas
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Table C26.5-5 Basic Wind Speed for Risk Category III And IV Buildings and Other Structures at Selected 
Locations in Hurricane Prone Areas
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Table C26.7-1 Range of zo by Exposure Category

Exposure Category
Lower Limit of z0, 

ft (m)
Typical Value of z0, 

ft (m)
Upper Limit of z0, 

ft (m)

z0 inherent in Tabulated Kz

Values in Tables 27.3.1, 28.3.1, 
29.3.1 and 30.3.1 ft (m)

A 2.3 (0.7) ≤ z0 6.6 (2) –
B 0.5 (0.15) ≤ z0 1.0 (0.3) z0 < 2.3 (0.7) 0.66 (0.20)
C 0.033 (0.01) ≤ z0 0.066 (0.02) z0 < 0.5 (0.15) 0.066 (0.02)
D – 0.016 (0.005) z0 < 0.033 (0.01) 0.016 (0.005)

TABLE C26.5-6 Design Wind Speeds: ASCE 7-93 to ASCE 7-10

ASCE 7-05 Design Wind Speed 
(3-sec gust in mph)

ASCE 7-10 Design Wind Speed 
(3-sec gust in mph)

ASCE 7-93 Design Wind Speed 
(fastest mile in mph)

85 110* 71
90 115* 76

100 126 85
105 133 90
110 139 95
120 152 104
130 164 114
140 177 123
145 183 128
150 190 133
170 215 152

*Wind speed values of 110 mph and 115 mph were rounded from the “exact” conversions of 85√1.6 = 108 and 90√1.6 = 114 mph, respectively.
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Table C26.7-2 Davenport Classifi cation of Effective Terrain Roughness

Class
zo, ft (m)
[note 1]

α
[note 2]

zg, ft (m)
[note 2]

zd (ft or m)
[note 3] Wind fl ow and landscape description4

1 0.0007 
(0.0002)

12.9 509
(155)

zd = 0 “Sea”: Open sea or lake (irrespective of wave size), tidal fl at, 
snow-covered fl at plain, featureless desert, tarmac and concrete, 
with a free fetch of several kilometers.

2 0.016
(0.005)

11.4 760
(232)

zd = 0 “Smooth”: Featureless land surface without any noticeable obstacles 
and with negligible vegetation; e.g. beaches, pack ice without large 
ridges, marsh and snow-covered or fallow open country. 

3 0.1
(0.03)

9.0 952
(290)

zd = 0 “Open”: Level country with low vegetation (e.g. grass) and isolated 
obstacles with separations of at least 50 obstacle heights; e.g. 
grazing land without windbreaks, heather, moor and tundra, runway 
area of airports. Ice with ridges across-wind.

4 0.33
(0.10)

7.7 1,107
(337)

zd = 0 “Roughly open”: Cultivated or natural area with low crops or plant 
covers, or moderately open country with occasional obstacles (e.g. 
low hedges, isolated low buildings or trees) at relative horizontal 
distances of at least 20 obstacle heights.

5 0.82
(0.25)

6.8 1,241
(378)

zd = 0.2zH “Rough”: Cultivated or natural area with high crops or crops of 
varying height, and scattered obstacles at relative distances of 12 to 
15 obstacle heights for porous objects (e.g. shelterbelts) or 8 to 12 
obstacle heights for low solid objects (e.g. buildings).

6 1.64
(0.5)

6.2 1,354
(413)

zd = 0.5zH “Very Rough”: Intensely cultivated landscape with many rather 
large obstacle groups (large farms, clumps of forest) separated by 
open spaces of about 8 obstacle heights. Low densely-planted major 
vegetation like bushland, orchards, young forest. Also, area 
moderately covered by low buildings with interspaces of 3 to 7 
building heights and no high trees.

7 3.3
(1.0)

5.7 1,476
(450)

zd = 0.7zH “Skimming”: Landscape regularly covered with similar-size large 
obstacles, with open spaces of the same order of magnitude as 
obstacle heights; e.g. mature regular forests, densely built-up area 
without much building height variation.

8 ≥ 6.6
(≥ 2)

5.2 1,610
(490)

Analysis by wind 
tunnel advised

“Chaotic”: City centers with mixture of low-rise and high-rise 
buildings, or large forests of irregular height with many clearings. 
(Analysis by wind tunnel advised)

Notes:
1. The surface roughness length, zo, represents the physical effect that roughness objects (obstacles to wind fl ow) on the earth’s surface have on 

the shape of the atmospheric boundary layer wind velocity profi le as determined by the logarithmic law and used in the ESDU model.
2. The power law uses α as the denominator in its exponent (1/α) and the gradient height, zg, representing the height at which geostrophic wind 

fl ow begins to occur, as the basis for determining the boundary layer wind velocity profi le and velocity pressure exposure coeffi cients (see 
Section C27.3.1). The values provided in Table C26.7-2 are based on the published zo values and use of Equations C27.3-3 and C27.3-4.

3. The zero plane displacement height, zd, is the elevation above ground that the base of the logarithmic law (and power law) wind profi le must 
be elevated to accurately depict the boundary layer wind fl ow. Below zd and less than some fraction of the typical height, zH, of obstacles 
causing roughness, the near ground wind fl ow is characterized as a turbulent exchange with the boundary layer wind fl ow above resulting in 
signifi cant shielding effects under uniform to moderately uniform roughness conditions (e.g. Classes 5 through 7 in Table C26.7-2). In this 
condition, the effective mean roof height, heff, may then be determined as h-zd (but not less than 15 feet or 4.6 m) for the purpose of 
determining MWFRS wind loads acting on a building structure located within such a roughness class. Appropriate values of zd for a given 
site may vary widely and those shown in Table C26.7-2 should be used with professional judgment. Because of the presence of highly 
turbulent fl ow at elevations near or below zd (except perhaps structures embedded in uniform Class 7 roughness), use of an effective mean 
roof height should not be applied for the determination of components and cladding wind loads. In Class 8 roughness where wind fl ow 
disruptions can be highly non-uniform, channeling effects and otherwise “chaotic” wind fl ow patterns can develop between and below the 
height of obstacles to wind fl ow. For this reason, a wind tunnel study is generally advised.

4. Use of these wind fl ow and landscape descriptions should result in no greater than one roughness class error, corresponding to a maximum 
+/− 6% error in qh.

Com_c26.indd   541 4/14/2010   2:18:35 PM



CHAPTER C26 WIND LOADS—GENERAL REQUIREMENTS

542

 elpmaxE - rotcaF tceffE tsuG

 1-9.62C elbaT

Calculated Values 

minz 30 ft (9.14 m) 

∈ 1/3 

c 0.30 

b 0.45 

α 0.25 

b̂ 0.84 

α̂ 1/7 

l 320 ft (97.54 m) 

fxC 1.3 

ξ 1

Height (h) 600 ft (182.88 m) 

Base (B) 100 ft (30.48 m) 

Depth (L) 100 ft (30.48 m) 
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elpmaxE-rotcaFtceffEtsuG

2-9.62CelbaT

Calculated Values 

V 132 ft/s (40.23 m/s) 

z 360 ft (109.73 m) 

zI 0.201 

zL 709.71 ft (216.75 m) 
2Q 0.616 

zV 107.95 ft/s (32.95 m/s) 

zV̂ 155.99 ft/s (47.59 m/s) 

1N 1.31 

nR 0.113 

η 0.852 

BR 0.610 
η 5.113 

hR 0.176 

η 2.853 

LR 0.289 
2R 0.813 

fG 1.062 

K 0.501 

1m 745,400 slugs 

Rg 3.787 
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elpmaxE–esnopseRdniWgnolA

3-9.62CelbaT

Floor zj jφ Xmax j
RMS Acc.* 

(ft/sec2)
RMS Acc.* 

(milli-g) 
Max. Acc.* 

(ft/sec2)
Max. Acc.* 

(milli-g) 

0 0 0.00 0.00 0.00 0.00 0.00 0.00 

5 60 0.10 0.10 0.01 0.41 0.05 1.6 

10 120 0.20 0.21 0.03 0.83 0.10 3.1 

15 180 0.30 0.31 0.04 1.24 0.15 4.7 

20 240 0.40 0.41 0.058 1.66 0.20 6.3 

25 300 0.50 0.51 0.07 2.07 0.25 7.8 

30 360 0.60 0.61 0.08 2.49 0.30 9.4 

35 420 0.70 0.72 0.09 2.90 0.35 11.0 

40 480 0.80 0.82 0.11 3.32 0.40 12.6 

45 540 0.80 0.93 0.12 3.73 0.45 14.1 

50 600 1.00 1.03 0.13 4.14 0.50 15.7 

*- This table presents Xmax j for 50-year mean recurrence wind; however, the acceleration values in 
subsequent columns are based on the 10-year mean recurrence wind of 75.6 mph (Table C6-3).  The 
10-year recurrence interval is more consistent with serviceability requirements as they relate to 
human comfort consideration and typical design practice. The metric equivalent of this table is 
presented below. 

Metric Equivalent 

Floor 
zj

(m) jφ Xmax j

(m)
RMS Acc.* 

(m/sec2)
RMS Acc.* 

(milli-g) 
Max. Acc.* 

(m/sec2)
Max. Acc.* 

(milli-g) 

0 0 0 0 0 0 0 0 

5 18.29 0.10 0.03 0.00 0.41 0.02 1.6 

10 36.58 0.20 0.06 0.01 0.83 0.03 3.1 

15 54.86 0.30 0.09 0.01 1.24 0.05 4.7 

20 73.15 0.40 0.13 0.02 1.66 0.06 6.3 

25 91.44 0.50 0.16 0.02 2.07 0.08 7.8 

30 109.73 0.60 0.19 0.02 2.49 0.09 9.4 

35 128.02 0.70 0.22 0.03 2.90 0.11 11.0 

40 146.3 0.80 0.25 0.03 3.32 0.12 12.6 

45 164.59 0.80 0.28 0.04 3.73 0.14 14.1 

50 182.88 1.00 0.31 0.04 4.14 0.15 15.7 
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Alongwind, Acrosswind, Torsional Moments and 

Acceleration Response 

Table C26.9-4  

Survivability Design Serviceability Design 
Aerodynamic load

Coefficient
Base

moments 
(10e6 

kips_ft) 

Aerodynamic load 
Coefficient.

Acc.
(milli-g or rad./s2)

Corner

L
oa

d 
C

om
po

ne
nt

s

MCσ

f1 )( 1fCM M̂ f1 )( 1fCM σ a

X Y

  D *     2.85   5.44 

D 0.109 0.156 0.048 2.67 0.211 0.040 5.32 

L 0.133 0.156 0.192 3.89 0.211 0.073 8.77 

6.39     9.46

T 0.044 0.273 0.059 0.15 0.369 0.040 0.002 3.54     3.54

*-  Based on ASCE 7 Directional Procedure  
D-  Alongwind direction 
L-  Acrosswind direction 
T-  Torional direction 

Note: As this database is experimental in nature, it will be expanded and refined as additional wind tunnel 
data is made available. These enhancements will be made available at (www.seinstitute.org) as subsequent 
versions of ASCE 7 are released. Past versions of the database will also be permanently archived at this 
site.
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EXPOSURE B SUBURBAN RESIDENTIAL AREA WITH MOSTLY SINGLE-FAMILY DWELLINGS.
LOW-RISE STRUCTURES, LESS THAN 30 FT (9.1 M) HIGH, IN THE CENTER OF THE

PHOTOGRAPH HAVE SITES DESIGNATED AS EXPOSURE B WITH SURFACE ROUGHNESS
CATEGORY B TERRAIN AROUND THE SITE FOR A DISTANCE GREATER THAN 1500 FT (457

M) IN ANY WIND DIRECTION.

EXPOSURE B URBAN AREA WITH NUMEROUS CLOSELY SPACED OBSTRUCTIONS HAVING
SIZE OF SINGLE FAMILY DWELLINGS OR LARGER. FOR ALL STRUCTURES SHOWN,

TERRAIN REPRESENTATIVE OF SURFACE ROUGHNESS CATEGORY B EXTENDS
MORE THAN TWENTY TIMES THE HEIGHT OF THE STRUCTURE OR 2600 FT (792 M),

WHICHEVER IS GREATER, IN THE UPWIND DIRECTION.
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EXPOSURE B STRUCTURES IN THE FOREGROUND ARE LOCATED IN EXPOSURE B.
STRUCTURES IN THE CENTER TOP OF THE PHOTOGRAPH ADJACENT TO THE CLEARING

TO THE LEFT, WHICH IS GREATER THAN APPROXIMATELY 656 FT (200 M) IN LENGTH,
ARE LOCATED IN EXPOSURE C WHEN WIND COMES FROM THE LEFT OVER THE CLEARING.

(SEE FIGURE C26.5-2.)

EXPOSURE C FLAT OPEN GRASSLAND WITH SCATTERED OBSTRUCTIONS HAVING
HEIGHTS GENERALLY LESS THAN 30 FT.
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EXPOSURE C OPEN TERRAIN WITH SCATTERED OBSTRUCTIONS HAVING HEIGHTS
GENERALLY LESS THAN 30 FT FOR MOST WIND DIRECTIONS, ALL 1-STORY STRUCTURES
WITH A MEAN ROOF HEIGHT LESS THAN 30 FT IN THE PHOTOGRAPH ARE LESS THAN 1500

FT OR TEN TIMES THE HEIGHT OF THE STRUCTURE, WHICHEVER IS GREATER, FROM AN
OPEN FIELD THAT PREVENTS THE USE OF EXPOSURE B.

EXPOSURE D A BUILDING AT THE SHORELINE (EXCLUDING SHORELINES
IN HURRICANE-PRONE REGIONS) WITH WIND FLOWING OVER OPEN WATER FOR A

DISTANCE OF AT LEAST 1 MILE. SHORELINES IN EXPOSURE D INCLUDE INLAND
WATERWAYS, THE GREAT LAKES, AND COASTAL AREAS OF CALIFORNIA, OREGON,

WASHINGTON, AND ALASKA.
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Chapter C27

WIND LOADS ON BUILDINGS—MWFRS 
DIRECTIONAL PROCEDURE

and

 zg = c2z0
0.125 (C27.3-4)

where

Units of z0, zg c1 c2

m 5.65 450
ft 6.62 1,273

The preceding relationships are based on match-
ing the ESDU boundary layer model (Harris and 
Deaves 1981 and ESDU 1990 and 1993) empirically 
with the power law relationship in Eqs. C27.3-1 and 
C27.3-2, the ESDU model being applied at latitude 
35° with a gradient wind of 75 m/s. If z0 has been 
determined for a particular upwind fetch, Eqs. 
C27.3-1 through C27.3-4 can be used to evaluate Kz. 
The correspondence between z0 and the parameters α 
and zg implied by these relationships does not align 
exactly with that described in the commentary to 
ASCE 7-95 and 7-98. However, the differences are 
relatively small and not of practical consequence. The 
ESDU boundary layer model has also been used to 
derive the following simplifi ed method (Irwin 2006) 
of evaluating Kz following a transition from one 
surface roughness to another. For more precise 
estimates the reader is referred to the original ESDU 
model (Harris and Deaves 1981 and ESDU 1990 
and 1993).

In uniform terrain, the wind travels a suffi cient 
distance over the terrain for the planetary boundary 
layer to reach an equilibrium state. The exposure 
coeffi cient values in Table 27.3-1 are intended for this 
condition. Suppose that the site is a distance x miles 
downwind of a change in terrain. The equilibrium 
value of the exposure coeffi cient at height z for the 
terrain roughness downwind of the change will be 
denoted by Kzd, and the equilibrium value for the 
terrain roughness upwind of the change will be 
denoted by Kzu. The effect of the change in terrain 
roughness on the exposure coeffi cient at the site can 
be represented by adjusting Kzd by an increment ΔK, 
thus arriving at a corrected value Kz for the site.

 Kz = Kzd + ΔK (C27.3-5)

The Directional Procedure is the former “buildings of 
all heights” provision in Method 2 of ASCE 7-05 for 
MWFRS. A simplifi ed method based on this Direc-
tional Procedure is provided for buildings up to 160 ft 
in height. The Directional Procedure is considered the 
traditional approach in that the pressure coeffi cients 
refl ect the actual loading on each surface of the 
building as a function of wind direction, namely, 
winds perpendicular or parallel to the ridge line.

PART 1: ENCLOSED, PARTIALLY 
ENCLOSED, AND OPEN BUILDINGS 

OF ALL HEIGHTS

C27.3.1 Velocity Pressure Exposure Coeffi cient
The velocity pressure exposure coeffi cient Kz can 

be obtained using the equation:
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 (C27.3-1)

  (C67.3-2)

in which values of α and zg are given in Table 26.9-1. 
These equations are now given in Tables 27.3-1, 
28.3-1, 29.3-1, and 30.3-1 to aid the user.

Changes were implemented in ASCE 7-98, 
including truncation of Kz values for Exposures A and 
B below heights of 100 ft and 30 ft, respectively, 
applicable to Components and Cladding and the 
Envelope Procedure. Exposure A was eliminated in 
the 2002 edition.

In the ASCE 7-05 standard, the Kz expressions 
were unchanged from ASCE 7-98. However, the 
possibility of interpolating between the standard 
exposures using a rational method was added in the 
ASCE 7-05 edition. One rational method is provided 
in the following text.

To a reasonable approximation, the empirical 
exponent α and gradient height zg in the preceding 
expressions (Eqs. C27.3-1 and C27.3-2) for exposure 
coeffi cient Kz may be related to the roughness length z0 
(where z0 is defi ned in Section C26.7) by the relations

 α = c1z0
–0.133 (C27.3-3)
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In this expression ΔK is calculated using

 Δ = −( ) ( )ΔK K K
K

K
F xu d

zd

d
K33 33

33
, ,

,

 (C27.3-6)

 Δ ≤ −K K Kzu zd

where K33,d and K33,u are respectively the downwind 
and upwind equilibrium values of exposure coeffi cient 
at 33 ft (10 m) height, and the function FΔK(x) is given 
by

 F x
x

x

x

x
KΔ ( ) = ⎛

⎝⎜
⎞
⎠⎟

⎛
⎝⎜

⎞
⎠⎟

log / log10
1

10
1

0

 (C27.3-7)

for x0 < x < x1

FΔk(x) = 1 for x < x0

FΔk(x) = 0 for x > x1

In the preceding relationships

 x c K Kd u
0 3

2 310 33 33
2

= × − −( ) −, , .  (C27.3-8)

The constant c3 = 0.621 mi (1.0 km). The length 
x1 = 6.21 mi (10 km) for K33,d < K33,u (wind going 
from smoother terrain upwind to rougher terrain 
downwind) or x1 = 62.1 mi (100 km) for K33,d > K33,u 
(wind going from rougher terrain upwind to smoother 
terrain downwind).

The above description is in terms of a single 
roughness change. The method can be extended to 
multiple roughness changes. The extension of the 
method is best described by an example. Figure 
C27.3-1 shows wind with an initial profi le characteris-
tic of Exposure D encountering an expanse of B 
roughness, followed by a further expanse of D 
roughness and then some more B roughness again 
before it arrives at the building site. This situation is 
representative of wind from the sea fl owing over an 
outer strip of land, then a coastal waterway, and then 
some suburban roughness before arriving at the 
building site. The above method for a single rough-
ness change is fi rst used to compute the profi le of Kz 
at station 1 in Fig. C27.3-1. Call this profi le Kz

(1). The 
value of ΔK for the transition between stations 1 and 

2 is then determined using the equilibrium value of 
K33,u for the roughness immediately upwind of station 
1, i.e., as though the roughness upwind of station 1 
extended to infi nity. This value of ΔK is then added to 
the equilibrium value Kzd

(2) of the exposure coeffi cient 
for the roughness between stations 1 and 2 to obtain 
the profi le of Kz at station 2, which we will call Kz

(2). 
Note however, that the value of Kz

(2) in this way 
cannot be any lower than Kz

(1). The process is then 
repeated for the transition between stations 2 and 3. 
Thus, ΔK for the transition from station 2 to station 3 
is calculated using the value of K33,u for the equilib-
rium profi le of the roughness immediately upwind of 
station 2, and the value of K33,d for the equilibrium 
profi le of the roughness downwind of station 2. This 
value of ΔK is then added to Kzd

(2) to obtain the profi le 
Kz

(3) at station 3, with the limitation that the value of 
Kz

(3) cannot be any higher than Kz
(2).

Example 1, single roughness change: Suppose 
the building is 66 ft (20 m) high and its local 
surroundings are suburban with a roughness length 
z0 = 1 ft (0.3 m). However, the site is 0.37 mi 
(0.6 km) downwind of the edge of the suburbs, 
beyond which the open terrain is characteristic of 
open country with z0 = 0.066 ft (0.02 m). From Eqs. 
C27.3-1, C27.3-3, and C27.3-4, for the open terrain

 α = c1z0
–0.133 = 6.62 × 0.066–0.133 = 9.5

 zg = c2z0
0.125 = 1,273 × 0.0660.125 = 906 ft (276 m)

Therefore, applying Eq. C27.3-1 at 66 ft (20 m) 
and 33 ft (10 m) heights,

 Kzu = ⎛
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Similarly, for the suburban terrain

 α = c1z0
–0.133 = 6.62 × 1.0–0.133 = 6.62

 zg = c2z0
0.125 = 1,273 × 1.00.125 = 1,273 ft (388 m)

Therefore

 Kzd = ⎛
⎝⎜

⎞
⎠⎟

=2 01
66

1 273
0 77

2 6 19

.
,

.
/ .

 and

 K d33

2 6 62

2 01
33

1 273
0 67,

/ .

.
,

.= ⎛
⎝⎜

⎞
⎠⎟

=

From Eq. C27.3-8
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FIGURE C27.3-1 Multiple Roughness Changes 
Due to Coastal Waterway
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From Eq. C27.3-7

 F xKΔ ( ) = ⎛
⎝⎜
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Therefore from Eq. C27.3-6

 Δ = −( ) =K 1 00 0 67
0 82

0 67
0 36 0 15. .

.

.
. .

Note that because |ΔK| is 0.15, which is less than 
the 0.38 value of |K33,u – K33,d|, 0.15 is retained. 
Finally, from Eq. C27.3-5, the value of Kz is

 Kz = Kzd + ΔK = 0.82 + 0.15 = 0.97

Because the value 0.97 for Kz lies between the 
values 0.88 and 1.16, which would be derived from 
Table 27.3-1 for Exposures B and C respectively, it is 
an acceptable interpolation. If it falls below the 
Exposure B value, then the Exposure B value of Kz 
is to be used. The value Kz = 0.97 may be compared 
with the value 1.16 that would be required by 
the simple 2,600-ft fetch length requirement of 
Section 26.7.3.

The most common case of a single roughness 
change where an interpolated value of Kz is needed is 
for the transition from Exposure C to Exposure B, as 
in the example just described. For this particular 
transition, using the typical values of z0 of 0.066 ft 
(0.02 m) and 1.0 ft (0.3 m), the preceding formulae 
can be simplifi ed to

 K K
x

K K K

z zd

zB z zC

= + ⎛
⎝⎜

⎞
⎠⎟

⎛
⎝⎜

⎞
⎠⎟

≤ ≤

1 0 146
6 21

10. log
.

 
(C27-9)

where x is in miles, and Kzd is computed using α = 
6.62. KzB and KzC are the exposure coeffi cients in the 
standard Exposures C and B. Figure C27.3-2 illus-
trates the transition from terrain roughness C to 
terrain roughness B from this expression. Note that it 
is acceptable to use the typical z0 rather than the lower 
limit for Exposure B in deriving this formula because 
the rate of transition of the wind profi les is dependent 
on average roughness over signifi cant distances, not 
local roughness anomalies. The potential effects of 
local roughness anomalies, such as parking lots and 
playing fi elds, are covered by using the standard 
Exposure B value of exposure coeffi cient, KzB, as a 
lower limit to the calculated value of Kz.

Example 2: Multiple Roughness Change 
Suppose we have a coastal waterway situation as 
illustrated in Fig. C27.3-1, where the wind comes 
from open sea with roughness type D, for which we 
assume z0 = 0.01 ft (0.003 m), and passes over a strip 
of land 1 mi (1.61 km) wide, which is covered in 
buildings that produce typical B type roughness, i.e. z0 
= 1 ft (0.3 m). It then passes over a 2-mi (3.22-km) 
wide strip of coastal waterway where the roughness is 
again characterized by the open water value z0 = 0.01 
ft (0.003 m). It then travels over 0.1 mi (0.16 km) of 
roughness type B (z0 = 1 ft) (0.3 m) before arriving at 
the site, station 3 in Fig. C27.3-1, where the exposure 
coeffi cient is required at the 50-ft (15.2-m) height. 
The exposure coeffi cient at station 3 at 50 ft (15.2 m) 
height is calculated as shown in Table C27.3-1.

The value of the exposure coeffi cient at 50 ft at 
station 3 is seen from the table to be 1.067. This is 
above that for Exposure B, which would be 0.81, but 
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Figure C27.3-2 Transition from Terrain Roughness C to Terrain Roughness B, Eq. C27.3.1-9.
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well below that for Exposure D, which would be 1.27, 
and similar to that for Exposure C, which would be 
1.09.

27.3.2 Velocity Pressure
The basic wind speed is converted to a velocity 

pressure qz in lb/ft2 (N/m2) at height z by the use of 
Eq. 27.3-1.

The constant 0.00256 (or 0.613 in SI) refl ects the 
mass density of air for the standard atmosphere, that 
is, temperature of 59 °F (15 °C) and sea level pressure 
of 29.92 in. of mercury (101.325 kPa), and dimen-
sions associated with wind speed in mi/h (m/s). The 
constant is obtained as follows:

constant  = 1/2[(0.0765 lb/ft3)/(32.2 ft/s2)] 
× [(mi/h)(5,280 ft/mi) × (1 h/3,600 s)]2 
= 0.00256

constant  = 1/2[(1.225 kg/m3)/(9.81 m/s2)] 
× [(m/s)]2 [9.81 N/kg] = 0.613

The numerical constant of 0.00256 should be 
used except where suffi cient weather data are avail-
able to justify a different value of this constant for a 
specifi c design application. The mass density of air 
will vary as a function of altitude, latitude, tempera-
ture, weather, and season. Average and extreme 
values of air density are given in Table C27.3-2.

Loads on Main Wind-Force Resisting Systems:

C27.4.1 Enclosed and Partially Enclosed 
Rigid Buildings

In Eqs. 27.4-1 and 27.4-2, a velocity pressure 
term qi appears that is defi ned as the “velocity 
pressure for internal pressure determination.” The 
positive internal pressure is dictated by the positive 
exterior pressure on the windward face at the point 
where there is an opening. The positive exterior 

pressure at the opening is governed by the value of q 
at the level of the opening, not qh. For positive 
internal pressure evaluation, qi may conservatively be 
evaluated at height h (qi = qh). For low buildings this 
does not make much difference, but for the example 
of a 300-ft-tall building in Exposure B with a highest 
opening at 60 ft, the difference between q300 and q60 
represents a 59 percent increase in internal pressure. 
This difference is unrealistic and represents an 
unnecessary degree of conservatism. Accordingly, 
qi = qz for positive internal pressure evaluation in 
partially enclosed buildings where height z is defi ned 
as the level of the highest opening in the building 
that could affect the positive internal pressure. For 
buildings sited in wind-borne debris regions, with 
glazing that is not impact resistant or protected with 
an impact protective system, qi should be treated on 
the assumption there will be an opening.

Figure 27.4-1. The pressure coeffi cients for 
MWFRSs are separated into two categories:

1. Directional Procedure for buildings of all heights 
(Fig. 27.4-1) as specifi ed in Chapter 27 for 
buildings meeting the requirements specifi ed 
therein.

2. Envelope Procedure for low-rise buildings having a 
height less than or equal to 60 ft (18 m) (Fig. 
28.4-1) as specifi ed in Chapter 28 for buildings 
meeting the requirements specifi ed therein.

In generating these coeffi cients, two distinctly 
different approaches were used. For the pressure 
coeffi cients given in Fig. 27.4-1, the more traditional 
approach was followed and the pressure coeffi cients 
refl ect the actual loading on each surface of the 
building as a function of wind direction; namely, 
winds perpendicular or parallel to the ridge line.

Observations in wind tunnel tests show that areas 
of very low negative pressure and even slightly 

Table C27.3-1 Tabulated Exposure Coeffi cients

Transition from sea to station 1 K33,u K33,d K50,d FΔK ΔK50 K50
(1)

1.215 0.667 0.758 0.220 0.137 0.895

Transition from station 1 to station 2 K33,u K33,d K50,d FΔK ΔK50 K50
(2)

0.667 1.215 1.301 0.324 −0.190 1.111

Transition from station 2 to station 3 K33,u K33,d K50,d FΔK ΔK50 K50
(3)

1.215 0.667 0.758 0.498 0.310 1.067

Note: The equilibrium values of the exposure coeffi cients, K33,u, K33,d and K50,d (downwind value of Kz at 50 ft), were calculated from Eq. C27-1 
using α and zg values obtained from Eqs. C27-3 and C27-4 with the roughness values given. Then FΔK is calculated using Eqs. C27-7 and C27-8, 
and then the value of ΔK at 50 ft height, ΔK50, is calculated from Eq. C27-6. Finally, the exposure coeffi cient at 50 ft at station i, K50

(i), is obtained 
from Eq. C27-5.
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  sedutitlA suoiraV rof seulaV ytisneD riA tneibmA

  2-3.72C elbaT

 ytisneD riA tneibmA edutitlA

Feet Meters Minimum

(lbm/ft3)

Minimum

(kg/m3)

Average 

(lbm/ft3)

Average

(kg/m3)

Maximum

(lbm/ft3)

Maximum

(kg/m3)

 0  0  0.0712  1.1392  0.0765  1.2240  0.0822  1.3152 

 1000  305  0.0693  1.1088  0.0742  1.1872  0.0795  1.2720 

 2000  610  0.0675  1.0800  0.0720  1.1520  0.0768  1.2288 

 3000  914  0.0657  1.0512  0.0699  1.1184  0.0743  1.1888 

 3281  1000  0.0652  1.0432  0.0693  1.1088  0.0736  1.1776 

 4000  1219  0.0640  1.0240  0.0678  1.0848  0.0718  1.1488 

 5000  1524  0.0624  0.9984  0.0659  1.0544  0.0695  1.1120 

 6000  1829  0.0608  0.9728  0.0639  1.0224  0.0672  1.0752 

 6562  2000  0.0599  0.9584  0.0629  1.0064  0.0660  1.0560 

 7000  2134  0.0592  0.9472  0.0620  0.9920  0.0650  1.0400 

 8000  2438  0.0577  0.9232  0.0602  0.9632  0.0628  1.0048 

 9000  2743  0.0561  0.8976  0.0584  0.9344  0.0607  0.9712 

 9843  3000  0.0549  0.8784  0.0569  0.9104  0.0591  0.9456 

10,000  3048  0.0547  0.8752  0.0567  0.9072  0.0588  0.9408 
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positive pressure can occur in all roof structures, 
particularly as the distance from the windward edge 
increases and the wind streams reattach to the surface. 
These pressures can occur even for relatively fl at or 
low slope roof structures. Experience and judgment 
from wind tunnel studies have been used to specify 
either zero or slightly negative pressures (–0.18) 
depending on the negative pressure coeffi cient. These 
values require the designer to consider a zero or 
slightly positive net wind pressure in the load combi-
nations of Chapter 2.

Figure 27.4-2. Frame loads on dome roofs are 
adapted from the Eurocode (1995). The loads are 
based on data obtained in a modeled atmospheric 
boundary-layer fl ow that does not fully comply with 
requirements for wind-tunnel testing specifi ed in this 
standard (Blessman 1971). Loads for three domes 
(hD/D = 0.5, f/D = 0.5), (hD/D = 0, f/D = 0.5), and 
(hD/D = 0, f/D = 0.33) are roughly consistent with 
data of Taylor (1991), who used an atmospheric 
boundary layer as required in this standard. Two 
load cases are defi ned, one of which has a linear 
variation of pressure from A to B as in the Eurocode 
(1995) and one in which the pressure at A is held 
constant from 0° to 25°; these two cases are based 
on comparison of the Eurocode provisions with 
Taylor (1991). Case A (the Eurocode calculation) is 
necessary in many cases to defi ne maximum uplift. 
Case B is necessary to properly defi ne positive 
pressures for some cases, which cannot be isolated 
with current information, and which result in 
maximum base shear. For domes larger than 200 ft 
in diameter the designer should consider use of 
wind-tunnel testing. Resonant response is not consid-
ered in these provisions. Wind-tunnel testing should 
be used to consider resonant response. Local bending 
moments in the dome shell may be larger than 
predicted by this method due to the difference 
between instantaneous local pressure distributions 
and those predicted by Fig. 27.4-2. If the dome is 
supported on vertical walls directly below, it is 
appropriate to consider the walls as a “chimney” 
using Fig. 29.5-1.

Figure 27.4-3. The pressure and force coeffi cient 
values in these tables are unchanged from ANSI 
A58.1-1972. The coeffi cients specifi ed in these 
tables are based on wind-tunnel tests conducted 
under conditions of uniform fl ow and low turbulence, 
and their validity in turbulent boundary-layer fl ows 
has yet to be completely established. Additional 
pressure coeffi cients for conditions not specifi ed 
herein may be found in SIA (1956) and ASCE 
(1961).

C27.4.3 Open Buildings with Monoslope, Pitched, 
or Troughed Free Roofs

Figures 27.4-4 through 27.4-6 and 30.8-1 through 
30.8-3 are presented for wind loads on MWFRSs and 
components and cladding of open buildings with roofs 
as shown, respectively. This work is based on the 
Australian Standard AS1170.2-2000, Part 2: Wind 
Actions, with modifi cations to the MWFRS pressure 
coeffi cients based on recent studies (Altman and 
Uematsu and Stathopoulos 2003).

Two load cases, A and B, are given in Figs. 
27.4-4 through 27.4-6. These pressure distributions 
provide loads that envelop the results from detailed 
wind-tunnel measurements of simultaneous normal 
forces and moments. Application of both load cases is 
required to envelop the combinations of maximum 
normal forces and moments that are appropriate for 
the particular roof shape and blockage confi guration.

The roof wind loading on open building roofs is 
highly dependent upon whether goods or materials are 
stored under the roof and restrict the wind fl ow. 
Restricting the fl ow can introduce substantial upward-
acting pressures on the bottom surface of the roof, 
thus increasing the resultant uplift load on the roof. 
Figures 27.4-4 through 27.4-6 and 30.8-1 through 
30.8-3 offer the designer two options. Option 1 (clear 
wind fl ow) implies little (less than 50 percent) or no 
portion of the cross-section below the roof is blocked. 
Option 2 (obstructed wind fl ow) implies that a 
signifi cant portion (more than 75 percent is typically 
referenced in the literature) of the cross-section is 
blocked by goods or materials below the roof. Clearly, 
values would change from one set of coeffi cients to 
the other following some sort of smooth, but as yet 
unknown, relationship. In developing the provisions 
included in this standard, the 50 percent blockage 
value was selected for Option 1, with the expectation 
that it represents a somewhat conservative transition. 
If the designer is not clear about usage of the space 
below the roof or if the usage could change to restrict 
free air fl ow, then design loads for both options 
should be used.

C27.4.6 Design Wind Load Cases
Wind tunnel research (Isyumov 1983, Boggs et 

al. 2000, Isyumov and Case 2000, and Xie and Irwin 
2000) has shown that torsional load is caused by 
nonuniform pressure on the different faces of the 
building from wind fl ow around the building, interfer-
ence effects of nearby buildings and terrain, and by 
dynamic effects on more fl exible buildings. Load 
Cases 2 and 4 in Fig. 27.4-8 specifi es the torsional 
loading to 15 percent eccentricity under 75 percent of 
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the maximum wind shear for Load Case 2. Although 
this is more in line with wind tunnel experience on 
square and rectangular buildings with aspect ratios up 
to about 2.5, it may not cover all cases, even for 
symmetric and common building shapes where larger 
torsions have been observed. For example, wind 
tunnel studies often show an eccentricity of 5 percent 
or more under full (not reduced) base shear. The 
designer may wish to apply this level of eccentricity 
at full wind loading for certain more critical buildings 
even though it is not required by the standard. The 
present more moderate torsional load requirements 
can in part be justifi ed by the fact that the design 
wind forces tend to be upper-bound for most common 
building shapes.

In buildings with some structural systems, more 
severe loading can occur when the resultant wind load 
acts diagonally to the building. To account for this 
effect and the fact that many buildings exhibit 
maximum response in the across-wind direction (the 
standard currently has no analytical procedure for this 
case), a structure should be capable of resisting 75 
percent of the design wind load applied simultane-
ously along each principal axis as required by Case 3 
in Fig. 27.4-8.

For fl exible buildings, dynamic effects can 
increase torsional loading. Additional torsional 
loading can occur because of eccentricity between the 
elastic shear center and the center of mass at each 
level of the structure. Eq. 27.4-5 accounts for this 
effect.

It is important to note that signifi cant torsion can 
occur on low-rise buildings also (Isyumov and Case 
2000) and, therefore, the wind loading requirements 

of Section 27.4.6 are now applicable to buildings of 
all heights.

As discussed in Chapter 31, the wind tunnel 
procedure should always be considered for buildings 
with unusual shapes, rectangular buildings with larger 
aspect ratios, and dynamically sensitive buildings. The 
effects of torsion can more accurately be determined 
for these cases and for the more normal building 
shapes using the wind tunnel procedure.

C27.4.7 Minimum Design Wind Loads
This section specifi es a minimum wind load to be 

applied horizontally on the entire vertical projection 
of the building as shown in Fig. C27.4-1. This load 
case is to be applied as a separate load case in 
addition to the normal load cases specifi ed in other 
portions of this chapter.

PART 2: ENCLOSED SIMPLE 
DIAPHRAGM BUILDINGS WITH 

h ≤ 160 ft

This section has been added to ASCE 7-10 to cover 
the common practical cases of enclosed simple 
diaphragm buildings up to height h = 160 ft. Two 
classes of buildings are covered by this method. Class 
1 buildings have h ≤ 60 ft with plan aspect ratios L/B 
between 0.2 and 5.0. Cases A through F are described 
in Appendix D to allow the designer to establish the 
lines of resistance of the MWFRS in each direction so 
that the torsional load cases of Fig. 27.4-8 need not be 
considered. Class 2 buildings have 60 ft < h ≤ 160 ft 
with plan aspect ratios of L/B between 0.5 and 2.0. 

+ 16 psf 

+ 16 psf 

Figure C27.4-1 Application of Minimum Wind Load
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Cases A through E of Appendix D are described to 
allow the designer to establish the lines of resistance 
of the MWFRS so that the torsional load cases of Fig. 
27.4-8 need not be considered.

For the type of buildings covered in this method, 
the internal building pressure cancels out and need not 
be considered for the design of the MWFRS. Design 
net wind pressures for roofs and walls are tabulated 
directly in Tables 27.6-1 and 27.6-2 using the Direc-
tional Procedure as described in Part 1. Guidelines for 
determining the exterior pressures on windward, 
leeward, and side walls are provided in footnotes to 
Table 27.6-1. 

The requirements in Class 2 buildings for natural 
building frequency (75/h) and structural damping 
(β = 1.5% critical) are necessary to ensure that the 
Gust Effect Factor, Gf, which has been calculated and 
built into the design procedure, is consistent with the 
tabulated pressures. The frequency of 75/h represents 
a reasonable lower bound to values found in practice. 
If calculated frequencies are found to be lower, then 
consideration should be given to stiffening the 
building. A structural damping value of 1.5%, 
applicable at the ultimate wind speeds as defi ned in 
the new wind speed maps, is conservative for most 
common building types and is consistent with a 
damping value of 1% for the ultimate wind speeds 
divided by √1.6, as contained in the ASCE 7-05 
wind speed map. Because Class 1 buildings are 
limited to h ≤ 60 ft, the building can be assumed to 
be rigid as defi ned in the glossary, and the Gust 
Effect Factor can be assumed to be 0.85. For this 
class of buildings frequency and damping need not 
be considered.

C27.6.1 Wall and Roof Surfaces
Wall and roof net pressures are shown in Tables 

27.6-1 and 27.6-2 and are calculated using the 
external pressure coeffi cients in Fig. 27.4-1. Along-
wind net wall pressures are applied to the projected 
area of the building walls in the direction of the wind, 
and exterior sidewall pressures are applied to the 
projected area of the building walls normal to the 
direction of the wind acting outward, simultaneously 
with the roof pressures from Table 27.6-2. Distribu-
tion of the net wall pressures between windward and 
leeward wall surfaces is defi ned in Note 4 of Table 
27.6-1. The magnitude of exterior sidewall pressure is 
determined from Note 2 of Table 27.6-1. It is to be 
noted that all tabulated pressures are defi ned without 
consideration of internal pressures because internal 
pressures cancel out when considering the net effect 
on the MWFRS of simple diaphragm buildings. 

Where the net wind pressure on any individual wall 
surface is required, internal pressure must be included 
as defi ned in Part 1 of Chapter 27.

The distribution of wall pressures between 
windward and leeward wall surfaces is useful for the 
design of fl oor and roof diaphragm elements like drag 
strut collector beams, as well as for MWFRS wall 
elements. The values defi ned in Note 4 of Table 
27.6-1 are obtained as follows: The external pressure 
coeffi cient for all windward walls is Cp = 0.8 for all 
L/B values. The leeward wall Cp value is (–0.5) for 
L/B values from 0.5 to 1.0 and is (–0.3) for L/B = 2.0. 
Noting that the leeward wall pressure is constant for 
the full height of the building, the leeward wall 
pressure can be calculated as a percentage of the ph 
value in the table. The percentage is 0.5/(0.8 + 0.5) 
× 100 = 38% for L/B = 0.5 to 1.0. The percentage is 
0.3/(0.8+0.3) x 100 = 27% for L/B = 2.0. Interpola-
tion between these two percentages can be used 
for L/B ratios between 1.0 and 2.0. The windward 
wall pressure is then calculated as the difference 
between the total net pressure from the table using 
the ph and p0 values and the constant leeward wall 
pressure.

Sidewall pressures can be calculated in a similar 
manner to the windward and leeward wall pressures 
by taking a percentage of the net wall pressures. The 
Cp value for sidewalls is (–0.7). Thus, for L/B = 0.5 to 
1.0, the percentage is 0.7/(0.8 + 0.5) × 100 = 54%. 
For L/B = 2.0, the percentage is 0.7/(0.8 + 0.3) × 100 
= 64%. Note that the sidewall pressures are constant 
up the full height of the building.

The pressures tabulated for this method are based 
on simplifying conservative assumptions made to the 
different pressure coeffi cient (GCp) cases tabulated in 
Fig. 27.4-1, which is the basis for the traditional all 
heights building procedure (defi ned as the Directional 
Procedure in ASCE 7-10) that has been a part of the 
standard since 1972. The external pressure coeffi cients 
Cp for roofs have been multiplied by 0.85, a reason-
able gust effect factor for most common roof framing, 
and then combined with an internal pressure coeffi -
cient for enclosed buildings (plus or minus 0.18) to 
obtain a net pressure coeffi cient to serve as the basis 
for pressure calculation. The linear wall pressure 
diagram has been conceived so that the applied 
pressures from the table produce the same overturning 
moment as the more exact pressures from Part 1 of 
Chapter 27. For determination of the wall pressures 
tabulated, the actual gust effect factor has been 
calculated from Eq. 26.9-10 based on building height, 
wind speed, exposure, frequency, and the assumed 
damping value.
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C27.6.2 Parapets
The effect of parapet loading on the MWFRS is 

specifi ed in Section 27.4.5 of Part 1. The net pressure 
coeffi cient for the windward parapet is +1.5 and for 
the leeward parapet is –1.0. The combined effect of 
both produces a net coeffi cient of +2.5 applied to the 
windward surface to account for the cumulative effect 
on the MWFRS in a simple diaphragm building. This 
pressure coeffi cient compares to a net pressure 
coeffi cient of 1.3Gf for the tabulated horizontal wall 
pressure ph at the top of the building. Assuming a 
lower-bound gust factor Gf = 0.85, the ratio of the 
parapet pressure to the wall pressure is 2.5/(0.85×1.3) 
= 2.25. Thus, a value of 2.25 is assumed as a reason-
able constant to apply to the tabulated wall pressure 
ph to account for the additional parapet loading on the 
MWFRS.

C27.6.3 Roof Overhangs
The effect of vertical wind loading on a wind-

ward roof overhang is specifi ed in Section 27.4.4 of 
Part 1. A positive pressure coeffi cient of +0.8 is 
specifi ed. This compares to a net pressure coeffi cient 
tabulated for the windward edge zone 3 of −1.06 
(derived from 0.85 × −1.3 × 0.8 − 0.18). The 0.85 
factor represents the gust factor G, the 0.8 multiplier 
accounts for the effective wind area reduction to the 
1.3 value of Cp specifi ed in Fig. 27.4-1 of Part 1, 
and the −0.18 is the internal pressure contribution. 
The ratio of coeffi cients is 0.8/1.06 = 0.755. Thus, a 
multiplier of 0.75 on the tabulated pressure for zone 3 
in Table 27.6-2 is specifi ed.
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Chapter C28

WIND LOADS ON BUILDINGS – MWFRS 
(ENVELOPE PROCEDURE)

each wind direction range. The end zone creates the 
required structural actions in the end frame or bracing. 
Note also that for all roof slopes, all eight load cases 
must be considered individually to determine the 
critical loading for a given structural assemblage or 
component thereof. Special attention should be given 
to roof members, such as trusses, which meet the 
defi nition of MWFRS but are not part of the lateral 
resisting system. When such members span at least 
from the eave to the ridge or support members 
spanning at least from eave to ridge, they are not 
required to be designed for the higher end zone loads 
under MWFRS. The interior zone loads should be 
applied. This is due to the enveloped nature of the 
loads for roof members.

To develop the appropriate “pseudo” values of 
(GCpf), investigators at the University of Western 
Ontario (Davenport et al. 1978) used an approach that 
consisted essentially of permitting the building model 
to rotate in the wind tunnel through a full 360° while 
simultaneously monitoring the loading conditions on 
each of the surfaces (Fig. C28.4-1). Both Exposures B 
and C were considered. Using infl uence coeffi cients 
for rigid frames, it was possible to spatially average 
and time average the surface pressures to ascertain the 
maximum induced external force components to be 
resisted. More specifi cally, the following structural 
actions were evaluated:

1. Total uplift.
2. Total horizontal shear.
3. Bending moment at knees (two-hinged frame).
4. Bending moment at knees (three-hinged frame).
5. Bending moment at ridge (two-hinged frame).

The next step involved developing sets of 
“pseudo” pressure coeffi cients to generate loading 
conditions that would envelop the maximum induced 
force components to be resisted for all possible wind 
directions and exposures. Note, for example, that the 
wind azimuth producing the maximum bending 
moment at the knee would not necessarily produce the 
maximum total uplift. The maximum induced external 
force components determined for each of the preced-
ing fi ve categories were used to develop the coeffi -
cients. The end result was a set of coeffi cients that 
represent fi ctitious loading conditions but that 

The Envelope Procedure is the former “low-rise 
buildings” provision in Method 2 of ASCE 7-05 for 
MWFRS. The simplifi ed method in this chapter is 
derived from the MWFRS provisions of Method 1 in 
ASCE 7-05 for simple diaphragm buildings up to 60 
ft in height.

PART 1: ENCLOSED AND PARTIALLY 
ENCLOSED LOW-RISE BUILDINGS

C28.3.1 Velocity Pressure Exposure Coeffi cient
See commentary to Section C27.3.1.

C28.3.2 Velocity Pressure
See commentary to Section C27.3.2.
Loads on Main Wind-Force Resisting Systems: 

The pressure coeffi cients for MWFRS are basically 
separated into two categories:

1. Directional Procedure for buildings of all heights 
(Fig. 27.4-1) as specifi ed in Chapter 27 for 
buildings meeting the requirements specifi ed 
therein.

2. Envelope Procedure for low-rise buildings 
(Fig. 28.4-1) as specifi ed in Chapter 28 for 
buildings meeting the requirements specifi ed 
therein.

In generating these coeffi cients, two distinctly 
different approaches were used. For the pressure 
coeffi cients given in Fig. 27.4-1, the more traditional 
approach was followed and the pressure coeffi cients 
refl ect the actual loading on each surface of the 
building as a function of wind direction, namely, 
winds perpendicular or parallel to the ridge line.

For low-rise buildings, however, the values of 
(GCpf) represent “pseudo” loading conditions that, 
when applied to the building, envelop the desired 
structural actions (bending moment, shear, thrust) 
independent of wind direction. To capture all appro-
priate structural actions, the building must be designed 
for all wind directions by considering in turn each 
corner of the building as the windward or reference 
corner shown in the eight sketches of Fig. 28.4-1. At 
each corner, two load patterns are applied, one for 
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conservatively envelop the maximum induced force 
components (bending moment, shear, and thrust) to be 
resisted, independent of wind direction.

The original set of coeffi cients was generated for 
the framing of conventional pre-engineered buildings, 
that is, single-story moment-resisting frames in one of 
the principal directions and bracing in the other 
principal direction. The approach was later extended 
to single-story moment-resisting frames with interior 
columns (Kavanagh et al. 1983).

Subsequent wind tunnel studies (Isyumov and 
Case 1995) have shown that the (GCpf) values of Fig. 
28.4-1 are also applicable to low-rise buildings with 
structural systems other than moment-resisting frames. 
That work examined the instantaneous wind pressures 

on a low-rise building with a 4:12 pitched gable roof 
and the resulting wind-induced forces on its MWFRS. 
Two different MWFRS were evaluated. One consisted 
of shear walls and roof trusses at different spacings. 
The other had moment-resisting frames in one 
direction, positioned at the same spacings as the roof 
trusses, and diagonal wind bracing in the other 
direction. Wind tunnel tests were conducted for both 
Exposures B and C. The fi ndings of this study showed 
that the (GCpf) values of Fig. 28.4-1 provided satisfac-
tory estimates of the wind forces for both types of 
structural systems. This work confi rms the validity 
of Fig. 28.4-1, which refl ects the combined action of 
wind pressures on different external surfaces of a 
building and thus takes advantage of spatial averaging.

FIGURE C28.4-1 Unsteady Wind Loads on Low Buildings for Given Wind Direction (After Ellingwood 1982).
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In the original wind tunnel experiments, both B 
and C exposure terrains were checked. In these early 
experiments, Exposure B did not include nearby 
buildings. In general, the force components, bending 
moments, and so forth were found comparable in 
both exposures, although (GCpf) values associated 
with Exposure B terrain would be higher than that for 
Exposure C terrain because of reduced velocity 
pressure in Exposure B terrain. The (GCpf) values 
given in Figs. 28.4-1, 30.4-1, 30.4-2A, 30.4-2B, 
30.4-2C, 30.4-3, 30.4-4, 30.4-5A, 30.4-5B, and 30.4-6 
are derived from wind tunnel studies modeled with 
Exposure C terrain. However, they may also be used 
in other exposures when the velocity pressure repre-
senting the appropriate exposure is used.

In comprehensive wind tunnel studies conducted 
by Ho at the University of Western Ontario (1992), it 
was determined that when low buildings (h < 60 ft) 
are embedded in suburban terrain (Exposure B, which 
included nearby buildings), the pressures in most 
cases are lower than those currently used in existing 
standards and codes, although the values show a very 
large scatter because of high turbulence and many 
variables. The results seem to indicate that some 
reduction in pressures for buildings located in 
Exposure B is justifi ed. The Task Committee on Wind 
Loads believes it is desirable to design buildings for 
the exposure conditions consistent with the exposure 
designations defi ned in the standard. In the case of 

low buildings, the effect of the increased intensity of 
turbulence in rougher terrain (i.e., Exposure A or B 
vs. C) increases the local pressure coeffi cients. 
Beginning in ASCE 7-98 the effect of the increased 
turbulence intensity on the loads is treated with the 
truncated profi le. Using this approach, the actual 
building exposure is used and the profi le truncation 
corrects for the underestimate in the loads that would 
be obtained otherwise.

Figure 28.4-1 is most appropriate for low 
buildings with width greater than twice their height 
and a mean roof height that does not exceed 33 ft 
(10 m). The original database included low buildings 
with width no greater than fi ve times their eave 
height, and eave height did not exceed 33 ft (10 m). 
In the absence of more appropriate data, Fig. 28.4-1 
may also be used for buildings with mean roof 
height that does not exceed the least horizontal 
dimension and is less than or equal to 60 ft (18 m). 
Beyond these extended limits, Fig. 27.4-1 should 
be used.

All the research used to develop and refi ne the 
low-rise building method for MWFRS loads was done 
on gable-roofed buildings. In the absence of research 
on hip-roofed buildings, the committee has developed 
a rational method of applying Fig. 28.4-1 to hip roofs 
based on its collective experience, intuition, and 
judgment. This suggested method is presented in 
Fig. C28.4-2.

Notes: 
1. Adapt the loadings shown in Figure 28.4-1 for hip roofed buildings as shown above. For a given hip roof pitch use the roof coefficients from the Case A table 
for both Load Case A and Load Case B. 

2. The total horizontal shear shall not be less than that determined by neglecting the wind forces on roof surfaces. 

FIGURE C28.4-2 Hip Roofed Low-Rise Buildings.
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Research (Isyumov 1982 and Isyumov and Case 
2000) indicated that the low-rise method alone 
underestimates the amount of torsion caused by wind 
loads. In ASCE 7-02, Note 5 was added to Fig. 28.4-1 
to account for this torsional effect and has been 
carried forward through subsequent editions. The 
reduction in loading on only 50 percent of the 
building results in a torsional load case without an 
increase in the predicted base shear for the building. 
The provision will have little or no effect on the 
design of MWFRS that have well-distributed resis-
tance. However, it will impact the design of systems 
with centralized resistance, such as a single core in 
the center of the building. An illustration of the intent 
of the note on two of the eight load patterns is shown 
in Fig. 28.4-1. All eight patterns should be modifi ed 
in this way as a separate set of load conditions in 
addition to the eight basic patterns.

Internal pressure coeffi cients (GCpi) to be used for 
loads on MWFRS are given in Table 26.11-1. The 
internal pressure load can be critical in one-story 
moment-resisting frames and in the top story of a 
building where the MWFRS consists of moment-
resisting frames. Loading cases with positive and 
negative internal pressures should be considered. The 
internal pressure load cancels out in the determination 
of total lateral load and base shear. The designer can 
use judgment in the use of internal pressure loading 
for the MWFRS of high-rise buildings.

C28.4.4 Minimum Design Wind Loading
This section specifi es a minimum wind load to be 

applied horizontally on the entire vertical projection 
of the building as shown in Fig. C27.4-1. This load 
case is to be applied as a separate load case in 
addition to the normal load cases specifi ed in other 
portions of this chapter.

PART 2: ENCLOSED SIMPLE DIAPHRAGM 
LOW-RISE BUILDINGS

This simplifi ed approach of the Envelope Procedure is 
for the relatively common low-rise (h ≤ 60 ft) 
regular-shaped, simple diaphragm building case (see 
defi nitions for “simple diaphragm building” and 
“regular-shaped building”) where pressures for the 
roof and walls can be selected directly from a table. 
Figure 28.6-1 provides the design pressures for 
MWFRS for the specifi ed conditions. Values are 
provided for enclosed buildings only ((GCpi) = ±0.18).

Horizontal wall pressures are the net sum of the 
windward and leeward pressures on vertical projection 

of the wall. Horizontal roof pressures are the net sum 
of the windward and leeward pressures on vertical 
projection of the roof. Vertical roof pressures are the 
net sum of the external and internal pressures on the 
horizontal projection of the roof.

Note that for the MWFRS in a diaphragm 
building, the internal pressure cancels for loads on the 
walls and for the horizontal component of loads on 
the roof. This is true because when wind forces are 
transferred by horizontal diaphragms (e.g., fl oors and 
roofs) to the vertical elements of the MWFRS (e.g., 
shear walls, X-bracing, or moment frames), the 
collection of wind forces from windward and leeward 
sides of the building occurs in the horizontal dia-
phragms. Once transferred into the horizontal dia-
phragms by the vertically spanning wall systems, the 
wind forces become a net horizontal wind force that is 
delivered to the lateral force resisting elements of the 
MWFRS. There should be no structural separations in 
the diaphragms. Additionally, there should be no girts 
or other horizontal members that transmit signifi cant 
wind loads directly to vertical frame members of the 
MWFRS in the direction under consideration. The 
equal and opposite internal pressures on the walls 
cancel each other in the horizontal diaphragm. This 
simplifi ed approach of the Envelope Procedure 
combines the windward and leeward pressures into a 
net horizontal wind pressure, with the internal 
pressures canceled. The user is cautioned to consider 
the precise application of windward and leeward wall 
loads to members of the roof diaphragm where 
openings may exist and where particular members, 
such as drag struts, are designed. The design of the 
roof members of the MWFRS for vertical loads is 
infl uenced by internal pressures. The maximum uplift, 
which is controlled by Load Case B, is produced by a 
positive internal pressure. At a roof slope of approxi-
mately 28° and above the windward roof pressure 
becomes positive and a negative internal pressure 
used in Load Case 2 in the table may produce a 
controlling case. From 25° to 45°, both positive and 
negative internal pressure cases (Load Cases 1 and 2, 
respectively) must be checked for the roof.

For the designer to use this method for the design 
of the MWFRS, the building must conform to all of 
the requirements listed in Section 26.8.2; otherwise 
the Directional Procedure, Part 1 of the Envelope 
Procedure, or the Wind Tunnel Procedure must be 
used. This method is based on Part 1 of the Envelope 
Procedure, as shown in Fig. 28.4-1, for a specifi c 
group of buildings (simple diaphragm buildings). 
However, the torsional loading from Fig. 28.4-1 is 
deemed to be too complicated for a simplifi ed 
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method. The last requirement in Section 28.6.2 
prevents the use of this method for buildings with 
lateral systems that are sensitive to torsional wind 
loading.

Note 5 of Fig. 28.4-1 identifi es several building 
types that are known to be insensitive to torsion and 
may therefore be designed using the provisions of 
Section 28.6. Additionally, buildings whose lateral 
resistance in each principal direction is provided by 
two shear walls, braced frames, or moment frames 
that are spaced apart a distance not less than 75 
percent of the width of the building measured normal 
to the orthogonal wind direction, and other building 
types and element arrangements described in Section 
27.6.1 or 27.6.2 are also insensitive to torsion. This 
property could be demonstrated by designing the 
building using Part 1 of Chapter 28, Fig. 28.4-1, and 
showing that the torsion load cases defi ned in Note 5 
do not govern the design of any of the lateral resisting 
elements. Alternatively, it can be demonstrated within 
the context of Part 2 of Chapter 28 by defi ning torsion 
load cases based on the loads in Fig. 28.6-1 and 
reducing the pressures on one-half of the building by 
75 percent, as described in Fig. 28.4-1, Note 5. If 
none of the lateral elements are governed by these 
torsion cases, then the building can be designed using 
Part 2 of Chapter 28; otherwise the building must be 
designed using Part 1 of Chapter 27 or Part 1 of 
Chapter 28.

Values are tabulated for Exposure B at h = 30 ft, 
and Kzt = 1.0. Multiplying factors are provided for 
other exposures and heights. The following values 
have been used in preparation of the fi gures:

 h = 30 ft Exposure B Kz = 0.70
 Kd = 0.85 Kzt = 1.0
 (GCpi) = ± 0.18 (enclosed building)

Pressure coeffi cients are from Fig. 28.4-1.
Wall elements resisting two or more simultaneous 

wind-induced structural actions (e.g., bending, uplift, 
or shear) should be designed for the interaction of the 
wind loads as part of the MWFRS. The horizontal 
loads in Fig. 28.6-1 are the sum of the windward and 
leeward pressures and are therefore not applicable as 
individual wall pressures for the interaction load 
cases. Design wind pressures, ps for zones A and C, 
should be multiplied by +0.85 for use on windward 
walls and by –0.70 for use on leeward walls (the plus 
sign signifi es pressures acting toward the wall 
surface). For side walls, ps for zone C multiplied by 
–0.65 should be used. These wall elements must also 

be checked for the various separately acting (not 
simultaneous) component and cladding load cases.

Main wind-force resisting roof members spanning 
at least from the eave to the ridge or supporting 
members spanning at least from eave to ridge are not 
required to be designed for the higher end zone loads. 
The interior zone loads should be applied. This is 
due to the enveloped nature of the loads for roof 
members.
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Chapter C29

WIND LOADS (MWFRS)—OTHER STRUCTURES AND 
BUILDING APPURTENANCES

1985, 2001, Holmes 1986, Letchford and Holmes 
1994, Ginger et al. 1998a and 1998b, and Letchford 
and Robertson 1999) and full-scale studies (Robertson 
et al. 1997) near the windward edge of a freestanding 
wall or sign for oblique wind directions. Linear 
regression equations were fi t to the local mean net 
pressure coeffi cient data (for wind direction 45°) from 
the referenced wind tunnel studies to generate force 
coeffi cients for square regions starting at the wind-
ward edge. Pressures near this edge increase signifi -
cantly as the length of the structure increases. No data 
were available on the spatial distribution of pressures 
for structures with low aspect ratios (B/s < 2).

The sample illustration for Case C at the top of 
Fig. 29.4-1 is for a sign with an aspect ratio B/s = 4. 
For signs of differing B/s ratios, the number of 
regions is equal to the number of force coeffi cient 
entries located below each B/s column heading.

For oblique wind directions (Case C), increased 
force coeffi cients have been observed on above-
ground signs compared to the same aspect ratio walls 
on ground (Letchford 1985, 2001 and Ginger et al. 
1998a). The ratio of force coeffi cients between 
above-ground and on-ground signs (i.e., s/h = 0.8 and 
1.0, respectively) is 1.25, which is the same ratio used 
in the Australian/New Zealand Standard (Standards 
Australia 2002). Note 5 of Fig. 29.4-1 provides for 
linear interpolation between these two cases.

For walls and signs on the ground (s/h = 1), the 
mean vertical center of pressure ranged from 0.5h to 
0.6h (Holmes 1986, Letchford 1989, Letchford and 
Holmes 1994, Robertson et al. 1995, 1996, and 
Ginger et al. 1998a) with 0.55h being the average 
value. For above-ground walls and signs, the geomet-
ric center best represents the expected vertical center 
of pressure.

The reduction in Cf due to porosity (Note 2) 
follows a recommendation (Letchford 2001). Both 
wind tunnel and full-scale data have shown that return 
corners signifi cantly reduce the net pressures in the 
region near the windward edge of the wall or sign 
(Letchford and Robertson 1999).

C29.4.2 Solid Attached Signs
Signs attached to walls and subject to the 

geometric limitations of Section 29.4.2 should 

C29.3.1 Velocity Pressure Exposure Coeffi cient
See commentary, Section C27.3.1.

C29.3.2 Velocity Pressure
See commentary, Section C27.3.2.
Figure 29.4-1. The force coeffi cients for solid 

freestanding walls and signs in Fig. 29.4-1 date back 
to ANSI A58.1-1972. It was shown by Letchford 
(2001) that these data originated from wind tunnel 
studies performed by Flachsbart in the early 1930s in 
smooth uniform fl ow. The current values in Fig. 
29.4-1 are based on the results of boundary layer 
wind tunnel studies (Letchford 1985, 2001, Holmes 
1986, Letchford and Holmes 1994, Ginger et al. 
1998a and 1998b, and Letchford and Robertson 
1999).

A surface curve fi t to Letchford’s (2001) and 
Holmes’s (1986) area averaged mean net pressure 
coeffi cient data (equivalent to mean force coeffi cients 
in this case) is given by the following equation:

Cf =  {1.563 + 0.008542ln(x) – 0.06148y 
+ 0.009011[ln(x)]2 – 0.2603y2 
– 0.08393y[ln(x)]}/0.85

where x = B/s and y = s/h.
The 0.85 term in the denominator modifi es the 

wind tunnel-derived force coeffi cients into a format 
where the gust effect factor as defi ned in Section 26.9 
can be used.

Force coeffi cients for Cases A and B were 
generated from the preceding equation, then rounded 
off to the nearest 0.05. That equation is only valid 
within the range of B/s and s/h ratios given in the 
fi gure for Case A and B.

Of all the pertinent studies, only Letchford (2001) 
specifi cally addressed eccentricity (i.e., Case B). 
Letchford reported that his data provided a reasonable 
match to Cook’s (1990) recommendation for using an 
eccentricity of 0.25 times the average width of the 
sign. However, the data were too limited in scope to 
justify changing the existing eccentricity value of 0.2 
times the average width of the sign, which is also 
used in the latest Australian/New Zealand Standard 
(Standards Australia 2002).

Case C was added to account for the higher 
pressures observed in both wind tunnel (Letchford 

Com_c29.indd   563 4/14/2010   11:07:35 AM



CHAPTER C29 WIND LOADS (MWFRS)—OTHER STRUCTURES AND BUILDING APPURTENANCES

564

experience wind pressures approximately equal to the 
external pressures on the wall to which they are 
attached. The dimension requirements for signs 
supported by frameworks, where there is a small gap 
between the sign and the wall, are based on the 
collective judgment of the committee.

Figures 29.5-1, 29.5-2 and 29.5-3. With the 
exception of Fig. 29.5-3, the pressure and force 
coeffi cient values in these tables are unchanged from 
ANSI A58.1-1972. The coeffi cients specifi ed in these 
tables are based on wind-tunnel tests conducted under 
conditions of uniform fl ow and low turbulence, and 
their validity in turbulent boundary-layer fl ows has yet 
to be completely established. Additional pressure 
coeffi cients for conditions not specifi ed herein may be 
found in two references (SIA 1956 and ASCE 1961).

With regard to Fig. 29.5-3, the force coeffi cients 
are a refi nement of the coeffi cients specifi ed in ANSI 
A58.1-1982 and in ASCE 7-93. The force coeffi cients 
specifi ed are offered as a simplifi ed procedure that 
may be used for trussed towers and are consistent 
with force coeffi cients given in ANSI/EIA/TIA-
222-E-1991, Structural Standards for Steel Antenna 
Towers and Antenna Supporting Structures, and force 
coeffi cients recommended by Working Group No. 4 
(Recommendations for Guyed Masts), International 
Association for Shell and Spatial Structures (1981).

It is not the intent of this standard to exclude the 
use of other recognized literature for the design of 
special structures, such as transmission and telecom-
munications towers. Recommendations for wind loads 
on tower guys are not provided as in previous editions 
of the standard. Recognized literature should be 
referenced for the design of these special structures as 
is noted in Section 29.1.3. For the design of fl agpoles, 
see ANSI/NAAMM FP1001-97, 4th Ed., Guide 
Specifi cations for Design of Metal Flagpoles.

C29.6 ROOFTOP STRUCTURES AND 
EQUIPMENT FOR BUILDINGS WITH h ≤ 60 ft

ASCE 7-10 requires the use of Fig. 29.5-1 for the 
determination of the wind force on small structures 
and equipment located on a rooftop. Because of the 
small size of the structures in comparison to the 
building, it is expected that the wind force will be 
higher than predicted by Eq. 29.6-1 due to higher 
correlation of pressures across the structure surface, 
higher turbulence on the building roof, and acceler-
ated wind speed on the roof. 

A limited amount of research is available to 
provide better guidance for the increased force 

(Hosoya et al. 2001 and Kopp and Traczuk 2008). 
Based on this research, the force of Eq. 29.6-1 should 
be increased for units with areas that are relatively 
small with respect to that of the buildings they are on. 
Because GCr is expected to approach 1.0 as Af or Ar 
approaches that of the building (Bh or BL), a linear 
interpolation is included as a way to avoid a step 
function in load if the designer wants to treat other 
sizes. The research in Hosoya et al (2001) only treated 
one value of Af (0.04Bh). The research in Kopp and 
Traczuk (2008) treated values of Af = 0.02Bh and 
0.03Bh, and values of Ar = 0.0067BL.

In both cases the research also showed high 
uplifts on the top of rooftop. Hence uplift load should 
also be considered by the designer and is addressed in 
Section 29.6.

C29.7 PARAPETS

Prior to the 2002 edition of the standard, no provi-
sions for the design of parapets had been included due 
to the lack of direct research. In the 2002 edition of 
this standard, a rational method was added based on 
the committee’s collective experience, intuition, and 
judgment. In the 2005 edition, the parapet provisions 
were updated as a result of research performed at the 
University of Western Ontario (Mans et al. 2000, 
2001) and at Concordia University (Stathopoulos et 
al. 2002a, 2002b).

Wind pressures on a parapet are a combination 
of wall and roof pressures, depending on the location 
of the parapet and the direction of the wind (Fig. 
C29.7-1). A windward parapet will experience the 
positive wall pressure on its front surface (exterior 
side of the building) and the negative roof edge zone 
pressure on its back surface (roof side). This behavior 
is based on the concept that the zone of suction 
caused by the wind stream separation at the roof eave 
moves up to the top of the parapet when one is 
present. Thus the same suction that acts on the roof 
edge will also act on the back of the parapet.

The leeward parapet will experience a positive 
wall pressure on its back surface (roof side) and a 
negative wall pressure on its front surface (exterior 
side of the building). There should be no reduction in 
the positive wall pressure to the leeward parapet due 
to shielding by the windward parapet because, 
typically, they are too far apart to experience this 
effect. Because all parapets would be designed for all 
wind directions, each parapet would in turn be the 
windward and leeward parapet and, therefore, must be 
designed for both sets of pressures.
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For the design of the MWFRS, the pressures used 
describe the contribution of the parapet to the overall 
wind loads on that system. For simplicity, the front 
and back pressures on the parapet have been com-
bined into one coeffi cient for MWFRS design. The 
designer should not typically need the separate front 
and back pressures for MWFRS design. The internal 
pressures inside the parapet cancel out in the determi-
nation of the combined coeffi cient. The summation of 
these external and internal, front and back pressure 

coeffi cients is a new term GCpn, the Combined Net 
Pressure Coeffi cient for a parapet.

For the design of the components and cladding, a 
similar approach was used. However, it is not possible 
to simplify the coeffi cients due to the increased 
complexity of the components and cladding pressure 
coeffi cients. In addition, the front and back pressures 
are not combined because the designer may be 
designing separate elements on each face of the 
parapet. The internal pressure is required to determine 

FIGURE C29.7-1 Design Wind Pressures on Parapets
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the net pressures on the windward and leeward 
surfaces of the parapet. The provisions guide the 
designer to the correct GCp and velocity pressure to 
use for each surface, as illustrated in Fig. C29.7-1.

Interior walls that protrude through the roof, such 
as party walls and fi re walls, should be designed as 
windward parapets for both MWFRS and components 
and cladding.

The internal pressure that may be present inside a 
parapet is highly dependent on the porosity of the 
parapet envelope. In other words, it depends on the 
likelihood of the wall surface materials to leak air 
pressure into the internal cavities of the parapet. For 
solid parapets, such as concrete or masonry, the 
internal pressure is zero because there is no internal 
cavity. Certain wall materials may be impervious to 
air leakage, and as such have little or no internal 
pressure or suction, so using the value of GCpi for an 
enclosed building may be appropriate. However, 
certain materials and systems used to construct 
parapets containing cavities are more porous, thus 
justifying the use of the GCpi values for partially 
enclosed buildings, or higher. Another factor in the 
internal pressure determination is whether the parapet 
cavity connects to the internal space of the building, 
allowing the building’s internal pressure to propagate 
into the parapet. Selection of the appropriate internal 
pressure coeffi cient is left to the judgment of the 
design professional.

C29.9 MINIMUM DESIGN WIND LOADING

This section specifi es a minimum wind load to be 
applied horizontally on the entire vertical projection 
of the building or other structure, as shown in Fig. 
C27.4-1. This load case is to be applied as a separate 
load case in addition to the normal load cases speci-
fi ed in other portions of this chapter.
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Chapter C30

WIND LOADS—COMPONENTS AND CLADDING (C&C)

large scatter because of high turbulence and many 
variables. The results seem to indicate that some 
reduction in pressures for components and cladding of 
buildings located in Exposure B is justifi ed. Hence, 
the standard permits the use of the applicable expo-
sure category when using these coeffi cients.

The pressure coeffi cients given in Fig. 30.6-1 for 
buildings with mean height greater than 60 ft were 
developed following a similar approach, but the 
infl uence of exposure was not enveloped (Stathopou-
los and Dumitrescu-Brulotte 1989). Therefore, 
exposure categories B, C, or D may be used with the 
values of (GCp) in Fig. 30.6-1 as appropriate.

C30.1.5 Air-Permeable Cladding
Air-permeable roof or wall claddings allow 

partial air pressure equalization between their exterior 
and interior surfaces. Examples include siding, 
pressure-equalized rain screen walls, shingles, tiles, 
concrete roof pavers, and aggregate roof surfacing.

The peak pressure acting across an air-permeable 
cladding material is dependent on the characteristics 
of other components or layers of a building envelope 
assembly. At any given instant the total net pressure 
across a building envelope assembly will be equal to 
the sum of the partial pressures across the individual 
layers as shown in Fig. C30.1-1. However, the 
proportion of the total net pressure borne by each layer 
will vary from instant to instant due to fl uctuations in 
the external and internal pressures and will depend on 
the porosity and stiffness of each layer, as well as the 
volumes of the air spaces between the layers. As a 
result, although there is load sharing among the 
various layers, the sum of the peak pressures across 
the individual layers will typically exceed the peak 
pressure across the entire system. In the absence of 
detailed information on the division of loads, a simple, 
conservative approach is to assign the entire differen-
tial pressure to each layer designed to carry load.

To maximize pressure equalization (reduction) 
across any cladding system (irrespective of the 
permeability of the cladding itself), the layer or layers 
behind the cladding should be

• relatively stiff in comparison to the cladding 
material and

• relatively air-impermeable in comparison to the 
cladding material.

In developing the set of pressure coeffi cients appli-
cable for the design of components and cladding 
(C&C) as given in Figs. 30.4-1, 30.4-2A, 30.4-2B, 
30.4-2C, 30.4-3, 30.4-4, 30.4-5A, 30.4-5B, and 
30.4-6, an envelope approach was followed but using 
different methods than for the MWFRS of Fig. 28.4-1. 
Because of the small effective area that may be 
involved in the design of a particular component 
(consider, e.g., the effective area associated with the 
design of a fastener), the pointwise pressure fl uctua-
tions may be highly correlated over the effective area 
of interest. Consider the local purlin loads shown in 
Fig. C28.4-1. The approach involved spatial averaging 
and time averaging of the point pressures over the 
effective area transmitting loads to the purlin while 
the building model was permitted to rotate in the wind 
tunnel through 360°. As the induced localized 
pressures may also vary widely as a function of the 
specifi c location on the building, height above ground 
level, exposure, and more importantly, local geometric 
discontinuities and location of the element relative to 
the boundaries in the building surfaces (walls, roof 
lines), these factors were also enveloped in the wind 
tunnel tests. Thus, for the pressure coeffi cients given 
in Figs. 30.4-1, 30.4-2A, 30.4-2B, 30.4-2C, 30.4-3, 
30.4-4, 30.4-5A, 30.4-5B, and 30.4-6, the directional-
ity of the wind and infl uence of exposure have been 
removed and the surfaces of the building “zoned” to 
refl ect an envelope of the peak pressures possible for 
a given design application.

As indicated in the discussion for Fig. 28.4-1, the 
wind tunnel experiments checked both Exposure B and 
C terrains. Basically (GCp) values associated with 
Exposure B terrain would be higher than those for 
Exposure C terrain because of reduced velocity 
pressure in Exposure B terrain. The (GCp) values given 
in Figs. 30.4-1, 30.4-2A, 30.4-2B, 30.4-2C, 30.4-3, 
30.4-4, 30.4-5A, 30.4-5B, and 30.4-6 are associated 
with Exposure C terrain as obtained in the wind tunnel. 
However, they may also be used for any exposure 
when the correct velocity pressure representing the 
appropriate exposure is used as discussed below.

The wind tunnel studies conducted by ESDU 
(1990) determined that when low-rise buildings 
(h < 60 ft) are embedded in suburban terrain (Expo-
sure B), the pressures on components and cladding in 
most cases are lower than those currently used in the 
standards and codes, although the values show a very 
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Furthermore, the air space between the cladding 
and the next adjacent building envelope surface 
behind the cladding (e.g., the exterior sheathing) 
should be as small as practicable and compartmental-
ized to avoid communication or venting between 
different pressure zones of a building’s surfaces.

The design wind pressures derived from Chapter 
30 represent the pressure differential between the 
exterior and interior surfaces of the exterior envelope 
(wall or roof system). Because of partial air-pressure 
equalization provided by air-permeable claddings, 
the components and cladding pressures derived 
from Chapter 30 can overestimate the load on 
air-permeable cladding elements. The designer may 
elect either to use the loads derived from Chapter 30 
or to use loads derived by an approved alternative 
method. If the designer desires to determine the 
pressure differential across a specifi c cladding element 
in combination with other elements comprising a 
specifi c building envelope assembly, appropriate 
full-scale pressure measurements should be made on 

the applicable building envelope assembly, or refer-
ence should be made to recognized literature (Cheung 
and Melbourne 1986, Haig 1990, Baskaran 1992, 
Southern Building Code Congress International 1994, 
Peterka et al. 1997, ASTM 2006, 2007, and Kala et 
al. 2008) for documentation pertaining to wind loads. 
Such alternative methods may vary according to a 
given cladding product or class of cladding products 
or assemblies because each has unique features that 
affect pressure equalization.

C30.3.1 Velocity Pressure Exposure Coeffi cient
See commentary, Section C27.3.1.

C30.3.2 Velocity Pressure
See commentary, Section C27.3.2.
Figures 30.4-1, 30.4-2A, 30.4-2B, and 30.4-2C. 

The pressure coeffi cient values provided in these 
fi gures are to be used for buildings with a mean 
roof height of 60 ft (18 m) or less. The values were 

FIGURE C30.1-1 Distribution of Net Components and Cladding Pressure Acting on a Building Surface 
(Building Envelope) Comprised of Three Components (Layers)
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obtained from wind-tunnel tests conducted at the 
University of Western Ontario (Davenport et al. 
1977, 1978), at the James Cook University of 
North Queensland (Best and Holmes 1978), and 
at Concordia University (Stathopoulos 1981, 
Stathopoulos and Zhu 1988, Stathopoulos and 
Luchian 1990, 1992, and Stathopoulos and Saathoff 
1991). These coeffi cients were refi ned to refl ect 
results of full-scale tests conducted by the National 
Bureau of Standards (Marshall 1977) and the Building 
Research Station, England (Eaton and Mayne 1975). 
Pressure coeffi cients for hemispherical domes on the 
ground or on cylindrical structures were based on 
wind-tunnel tests (Taylor 1991). Some of the charac-
teristics of the values in the fi gure are as follows:

1. The values are combined values of (GCp). The gust 
effect factors from these values should not be 
separated.

2. The velocity pressure qh evaluated at mean roof 
height should be used with all values of (GCp).

3 The values provided in the fi gure represent the 
upper bounds of the most severe values for any 
wind direction. The reduced probability that the 
design wind speed may not occur in the particular 
direction for which the worst pressure coeffi cient is 
recorded has not been included in the values shown 
in the fi gure.

4. The wind-tunnel values, as measured, were based 
on the mean hourly wind speed. The values 
provided in the fi gures are the measured values 
divided by (1.53)2 (see Fig. C26.5-1) to adjust for 
the reduced pressure coeffi cient values associated 
with a 3-s gust speed.

Each component and cladding element should be 
designed for the maximum positive and negative 
pressures (including applicable internal pressures) 
acting on it. The pressure coeffi cient values should be 
determined for each component and cladding element 
on the basis of its location on the building and the 
effective area for the element. Research (Stathopoulos 
and Zhu 1988, 1990) indicated that the pressure 
coeffi cients provided generally apply to facades with 
architectural features, such as balconies, ribs, and 
various facade textures. In ASCE 7-02, the roof slope 
range and values of (GCp) were updated based on 
subsequent studies (Stathopoulos et al. 1999, 2000, 
2001).

Figures 30.4-4, 30.4-5A, and 30.4-5B. These 
fi gures present values of (GCp) for the design of roof 
components and cladding for buildings with multispan 
gable roofs and buildings with monoslope roofs. 
The coeffi cients are based on wind tunnel studies 

(Stathopoulos and Mohammadian 1986, Surry and 
Stathopoulos 1988, and Stathopoulos and Saathoff 
1991).

Figure 30.4-6 The values of (GCp) in this fi gure 
are for the design of roof components and cladding 
for buildings with sawtooth roofs and mean roof 
height, h, less than or equal to 60 ft (18 m). Note that 
the coeffi cients for corner zones on segment A differ 
from those coeffi cients for corner zones on the 
segments designated as B, C, and D. Also, when the 
roof angle is less than or equal to 10°, values of (GCp) 
for regular gable roofs (Fig. 30.4-2A) are to be used. 
The coeffi cients included in Fig. 30.4-6 are based on 
wind tunnel studies reported by Saathoff and Statho-
poulos (1992).

Figure 30.4-7. This fi gure for cladding pressures 
on dome roofs is based on Taylor (1991). Negative 
pressures are to be applied to the entire surface, 
because they apply along the full arc that is perpen-
dicular to the wind direction and that passes through 
the top of the dome. Users are cautioned that only 
three shapes were available to defi ne values in this 
fi gure (hD/D = 0.5, f/D = 0.5; hD/D = 0.0, f/D = 0.5; 
and hD/D = 0.0, f/D = 0.33).

Figure 30.6-1. The pressure coeffi cients shown in 
this fi gure refl ect the results obtained from compre-
hensive wind tunnel studies carried out (Stathopoulos 
and Dumitrescu-Brulotte 1989). The availability of 
more comprehensive wind tunnel data has also 
allowed a simplifi cation of the zoning for pressure 
coeffi cients, fl at roofs are now divided into three 
zones, and walls are represented by two zones.

The external pressure coeffi cients and zones 
given in Figure 30.6-1 were established by wind 
tunnel tests on isolated “box-like” buildings (Akins 
and Cermak 1975 and Peterka and Cermak 1975). 
Boundary-layer wind-tunnel tests on high-rise 
buildings (mostly in downtown city centers) show that 
variations in pressure coeffi cients and the distribution 
of pressure on the different building facades are 
obtained (Templin and Cermak 1978). These varia-
tions are due to building geometry, low attached 
buildings, nonrectangular cross-sections, setbacks, and 
sloping surfaces. In addition, surrounding buildings 
contribute to the variations in pressure. Wind tunnel 
tests indicate that pressure coeffi cients are not 
distributed symmetrically and can give rise to tor-
sional wind loading on the building.

Boundary-layer wind-tunnel tests that include 
modeling of surrounding buildings permit the estab-
lishment of more exact magnitudes and distributions 
of (GCp) for buildings that are not isolated or “box-
like” in shape.
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PART 1: LOW-RISE BUILDINGS

The component and cladding tables in Fig. 30.5-1 are 
a tabulation of the pressures on an enclosed, regular, 
30-ft-high building with a roof as described. The 
pressures can be modifi ed to a different exposure and 
height with the same adjustment factors as the 
MWFRS pressures. For the designer to use this 
method for the design of the components and clad-
ding, the building must conform to all fi ve require-
ments in Section 30.6; otherwise one of the other 
procedures specifi ed in Section 30.1.1 must be used.

PART 3: BUILDINGS WITH h > 60 ft 
(18.3 m)

In Eq. 30.6-1 a velocity pressure term, qi, appears that 
is defi ned as the “velocity pressure for internal 
pressure determination.” The positive internal pressure 
is dictated by the positive exterior pressure on the 
windward face at the point where there is an opening. 
The positive exterior pressure at the opening is 
governed by the value of q at the level of the opening, 
not qh. For positive internal pressure evaluation, qi 
may conservatively be evaluated at height h (qi = qh). 
For low buildings this does not make much differ-
ence, but for the example of a 300-ft-tall building in 
Exposure B with the highest opening at 60 ft, the 
difference between q300 and q60 represents a 59 percent 
increase in internal pressure. This is unrealistic and 
represents an unnecessary degree of conservatism. 
Accordingly, qi = qz for positive internal pressure 
evaluation in partially enclosed buildings where 
height z is defi ned as the level of the highest opening 
in the building that could affect the positive internal 
pressure. For buildings sited in wind-borne debris 
regions, glazing that is not impact resistant or pro-
tected with an impact protective system, qi should be 
treated as an opening.

PART 4: BUILDINGS WITH h ≤ 160 ft 
(SIMPLIFIED)

This section has been added to ASCE 7-10 to cover 
the common practical case of enclosed buildings up to 
height h = 160 ft. Table 30.7-2 includes wall and roof 
pressures for fl at roofs (θ < 10º), gable roofs, hip 
roofs, monoslope roofs, and mansard roofs. Pressures 
are derived from Fig.30.6-1 (fl at roofs), Fig. 30.4-2A, 
B, and C (gable and hip roofs), and Fig. 30.4-5A and 
B (monoslope roofs) of Part 3. Pressures were 

selected for each zone that encompasses the largest 
pressure coeffi cients for the comparable zones from 
the different roof shapes. Thus, for some cases, the 
pressures tabulated are conservative in order to 
maintain simplicity. The (GCp) values from these 
fi gures were combined with an internal pressure 
coeffi cient (+ or – 0.18) to obtain a net coeffi cient 
from which pressures were calculated. The tabulated 
pressures are applicable to the entire zone shown in 
the various fi gures.

Pressures are shown for an effective wind area of 
10 ft2. A reduction factor is also shown to obtain 
pressures for larger effective wind areas. The reduc-
tion factors are based on the graph of external 
pressure coeffi cients shown in the fi gures in Part 3 
and are based on the most conservative reduction for 
each zone from the various fi gures.

C30.7.1.2 Parapets
Parapet component and cladding wind pressures 

can be obtained from the tables as shown in the 
parapet fi gures from the table. The pressures 
obtained are slightly conservative based on the 
net pressure coeffi cients for parapets compared to 
roof zones from Part 3. Two load cases must be 
considered based on pressures applied to both 
windward and leeward parapet surfaces as shown 
in Fig. 30.7-1.

C30.7.1.3 Roof Overhangs
Component and cladding pressures for roof 

overhangs can be obtained from the tables as 
shown in Fig. 30.7-2. These pressures are slightly 
conservative and are based on the external pressure 
coeffi cients contained in Fig. 30.4-2A to 30.4-2C 
from Part 3.

PART 5: OPEN BUILDINGS 

In determining loads on component and cladding 
elements for open building roofs using Figs. 30.8-1, 
30.8-2 and 30.8-3, it is important for the designer to 
note that the net pressure coeffi cient CN is based on 
contributions from the top and bottom surfaces of the 
roof. This implies that the element receives load from 
both surfaces. Such would not be the case if the 
surface below the roof were separated structurally 
from the top roof surface. In this case, the pressure 
coeffi cient should be separated for the effect of top 
and bottom pressures, or conservatively, each surface 
could be designed using the CN value from Figs. 
30.8-1, 30.8-2 and 30.8-3.
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WIND TUNNEL PROCEDURE

structure infl uences the wind loading, the AM is 
employed for direct measurement of overall loads, 
defl ections, and accelerations. Each of these models, 
together with a model of the surroundings (proximity 
model), can provide information other than wind 
loads, such as snow loads on complex roofs, wind 
data to evaluate environmental impact on pedestrians, 
and concentrations of air-pollutant emissions for 
environmental impact determinations. Several refer-
ences provide detailed information and guidance for 
the determination of wind loads and other types of 
design data by wind tunnel tests (Cermak 1977, 
Reinhold 1982, ASCE 1999, and Boggs and Peterka 
1989).

Wind tunnel tests frequently measure wind loads 
that are signifi cantly lower than required by Chapters 
26, 27, 28, 29, and 30 due to the shape of the build-
ing, the likelihood that the highest wind speeds occur 
at directions where the building’s shape or pressure 
coeffi cients are less than their maximum values, 
specifi c buildings included in a detailed proximity 
model that may provide shielding in excess of that 
implied by exposure categories, and necessary 
conservatism in enveloping load coeffi cients in 
Chapters 28 and 30. In some cases, adjacent structures 
may shield the structure suffi ciently that removal of 
one or two structures could signifi cantly increase wind 
loads. Additional wind tunnel testing without specifi c 
nearby buildings (or with additional buildings if they 
might cause increased loads through channeling or 
buffeting) is an effective method for determining the 
infl uence of adjacent buildings.

For this reason, the standard limits the reduction 
that can be accepted from wind tunnel tests to 80 
percent of the result obtained from Part 1 of Chapter 
27 or Part 1 of Chapter 28, or Chapter 30, if the wind 
tunnel proximity model included any specifi c infl uen-
tial buildings or other objects that, in the judgment of 
an experienced wind engineer, are likely to have 
substantially infl uenced the results beyond those 
characteristic of the general surroundings. If there are 
any such buildings or objects, supplemental testing 
can be performed to quantify their effect on the 
original results and possibly justify a limit lower than 
80 percent, by removing them from the detailed 
proximity model and replacing them with characteris-
tic ground roughness consistent with the adjacent 
roughness. A specifi c infl uential building or object is 

Wind tunnel testing is specifi ed when a structure 
contains any of the characteristics defi ned in Sections 
27.1.3, 28.1.3, 29.1.3, or 30.1.3 or when the designer 
wishes to more accurately determine the wind loads. 
For some building shapes wind tunnel testing can 
reduce the conservatism due to enveloping of wind 
loads inherent in the Directional Procedure, Envelope 
Procedure, or Analytical Procedure for Components 
and Cladding. Also, wind tunnel testing accounts for 
shielding or channeling and can more accurately 
determine wind loads for a complex building shape 
than the Directional Procedure, Envelope Procedure, 
or Analytical Procedure for Components and Clad-
ding. It is the intent of the standard that any building 
or other structure be allowed to use the wind tunnel 
testing method to determine wind loads. Requirements 
for proper testing are given in Section 31.2.

It is common practice to resort to wind tunnel 
tests when design data are required for the following 
wind-induced loads:

1. Curtain wall pressures resulting from irregular 
geometry.

2. Across-wind and/or torsional loads.
3. Periodic loads caused by vortex shedding.
4. Loads resulting from instabilities, such as fl utter or 

galloping.

Boundary-layer wind tunnels capable of develop-
ing fl ows that meet the conditions stipulated in 
Section 31.2 typically have test-section dimensions in 
the following ranges: width of 6 to 12 ft (2 to 4 m), 
height of 6 to 10 ft (2 to 3 m), and length of 50 to100 
ft (15 to 30 m). Maximum wind speeds are ordinarily 
in the range of 25 to 100 mi/h (10 to 45 m/s). The 
wind tunnel may be either an open-circuit or closed-
circuit type.

Three basic types of wind-tunnel test models are 
commonly used. These are designated as follows: (1) 
rigid Pressure Model (PM), (2) rigid high-frequency 
base balance model (H-FBBM), and (3) Aeroelastic 
Model (AM). One or more of the models may be 
employed to obtain design loads for a particular 
building or structure. The PM provides local peak 
pressures for design of elements, such as cladding and 
mean pressures, for the determination of overall mean 
loads. The H-FBBM measures overall fl uctuating 
loads (aerodynamic admittance) for the determination 
of dynamic responses. When motion of a building or 
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one within the detailed proximity model that protrudes 
well above its surroundings, or is unusually close to 
the subject building, or may otherwise cause substan-
tial sheltering effect or magnifi cation of the wind 
loads. When these supplemental test results are 
included with the original results, the acceptable 
results are then considered to be the higher of both 
conditions.

However, the absolute minimum reduction 
permitted is 65 percent of the baseline result for 
components and cladding, and 50 percent for the main 
wind force resisting system. A higher reduction is 
permitted for MWFRS, because components and 
cladding loads are more subject to changes due to 
local channeling effects when surroundings change 
and can easily be dramatically increased when a new 
adjacent building is constructed. It is also recognized 
that cladding failures are much more common than 
failures of the MWFRS. In addition, for the case of 
MWFRS it is easily demonstrated that the overall 
drag coeffi cient for certain common building shapes, 
such as circular cylinders especially with rounded or 
domed tops, is one-half or less of the drag coeffi cient 
for the rectangular prisms that form the basis of 
Chapters 27, 28, and 30.

For components and cladding, the 80-percent 
limit is defi ned by the interior zones 1 and 4 in Figs. 
30.4-1, 30.4-2A, 30.4-2B, 30.4-2C, 30.4-3, 30.4-4, 
30.4-5A, 30.4-5B, 30.4-6, 30.4-7, and 30.5-1. This 
limitation recognizes that pressures in the edge zones 
are the ones most likely to be reduced by the specifi c 
geometry of real buildings compared to the rectangu-
lar prismatic buildings assumed in Chapter 30. 
Therefore, pressures in edge and corner zones are 
permitted to be as low as 80 percent of the interior 
pressures from Chapter 30 without the supplemental 
tests. The 80-percent limit based on zone 1 is directly 
applicable to all roof areas, and the 80-percent limit 
based on zone 4 is directly applicable to all wall 
areas.

The limitation on MWFRS loads is more complex 
because the load effects (e.g., member stresses or 
forces, defl ections) at any point are the combined 
effect of a vector of applied loads instead of a simple 
scalar value. In general the ratio of forces or moments 
or torques (force eccentricity) at various fl oors 
throughout the building using a wind tunnel study will 
not be the same as those ratios determined from 
Chapters 27 and 28, and therefore comparison 
between the two methods is not well defi ned. Requir-
ing each load effect from a wind tunnel test to be no 
less than 80 percent of the same effect resulting from 
Chapter 27 and 28 is impractical and unnecessarily 

complex and detailed, given the approximate nature of 
the 80-percent value. Instead, the intent of the 
limitation is effectively implemented by applying it 
only to a simple index that characterizes the overall 
loading. For fl exible (tall) buildings, the most descrip-
tive index of overall loading is the base overturning 
moment. For other buildings, the overturning moment 
can be a poor characterization of the overall loading, 
and the base shear is recommended instead.

C31.4.1 Mean Recurrence Intervals of 
Load Effects

Examples of analysis methods for combining 
directional wind tunnel data with the directional 
meteorological data or probabilistic models based 
thereon are described in Lepage and Irwin (1985), 
Rigato et al. (2001), Isyumov et al. (2003), Irwin et 
al. (2005), Simiu and Filliben (2005), and Simiu and 
Miyata (2006).

C31.4.2 Limitations
Section 31.4.2 specifi es that the statistical 

methods used to analyze historical wind speed and 
direction data for wind tunnel studies shall be subject 
to the same limitations specifi ed in Section 31.4.2 that 
apply to the Analytical Method.

Database-Assisted Design. Wind-tunnel aerody-
namics databases that contain records of pressures 
measured synchronously at large numbers of locations 
on the exterior surface of building models have been 
developed by wind researchers, e.g., Simiu et al. 
(2003) and Main and Fritz (2006). Such databases 
include data that permit a designer to determine, 
without specifi c wind tunnel tests, wind-induced 
forces and moments in Main Wind Force Resisting 
Systems and Components and Cladding of selected 
shapes and sizes of buildings. A public domain set of 
such databases, recorded in tests conducted at the 
University of Western Ontario (Ho et al. 2005 and St. 
Pierre et al. 2005) for buildings with gable roofs is 
available on the National Institute of Standards and 
Technology (NIST) site www.nist.gov/wind. Interpo-
lation software for buildings with similar shape and 
with dimensions close to and intermediate between 
those included in the set of databases is also available 
on that site. Because the database results are for 
generic surroundings as permitted in item 3 of Section 
31.2, interpolation or extrapolation from these 
databases should be used only if condition 2 of 
Section 27.1.2 is true. Extrapolations from available 
building shapes and sizes are not permitted, and 
interpolations in some instances may not be advisable. 
For these reasons, the guidance of an engineer 
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experienced in wind loads on buildings and familiar 
with the usage of these databases is recommended.

All databases must have been obtained using 
testing methodology that meets the requirements for 
wind tunnel testing specifi ed in Chapter 31.
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Commentary Appendix C

SERVICEABILITY CONSIDERATIONS

a small probability of being exceeded in 50 years.) 
Appropriate service loads for checking serviceability 
limit states may be only a fraction of the nominal 
loads.

The response of the structure to service loads 
normally can be analyzed assuming linear elastic 
behavior. However, members that accumulate residual 
deformations under service loads may require exami-
nation with respect to this long-term behavior. Service 
loads used in analyzing creep or other long-term 
effects may not be the same as those used to analyze 
elastic defl ections or other short-term or reversible 
structural behavior.

Serviceability limits depend on the function of 
the building and on the perceptions of its occupants. 
In contrast to the ultimate limit states, it is diffi cult to 
specify general serviceability limits that are applicable 
to all building structures. The serviceability limits 
presented in Sections CC.1.1, CC.1.2, and CC.1.3 
provide general guidance and have usually led 
to acceptable performance in the past. However, 
serviceability limits for a specifi c building should be 
determined only after a careful analysis by the 
engineer and architect of all functional and economic 
requirements and constraints in conjunction with the 
building owner. It should be recognized that building 
occupants are able to perceive structural defl ections, 
motion, cracking, and other signs of possible distress 
at levels that are much lower than those that would 
indicate that structural failure was impending. Such 
signs of distress may be taken incorrectly as an 
indication that the building is unsafe and diminish its 
commercial value.

CC.1.1 Vertical Defl ections
Excessive vertical defl ections and misalignment 

arise primarily from three sources: (1) gravity loads, 
such as dead, live, and snow loads; (2) effects of 
temperature, creep, and differential settlement; and 
(3) construction tolerances and errors. Such deforma-
tions may be visually objectionable; may cause 
separation, cracking, or leakage of exterior cladding, 
doors, windows, and seals; and may cause damage to 
interior components and fi nishes. Appropriate limiting 
values of deformations depend on the type of struc-
ture, detailing, and intended use (Galambos and 
Ellingwood 1986). Historically, common defl ection 
limits for horizontal members have been 1/360 of the 

CC. SERVICEABILITY CONSIDERATIONS

Serviceability limit states are conditions in which the 
functions of a building or other structure are impaired 
because of local damage, deterioration, or deformation 
of building components, or because of occupant 
discomfort. Although safety generally is not an issue 
with serviceability limit states (one exception would 
be for cladding that falls off a building due to 
excessive story drift under wind load), they nonethe-
less may have severe economic consequences. The 
increasing use of the computer as a design tool, the 
use of stronger (but not stiffer) construction materials, 
the use of lighter architectural elements, and the 
uncoupling of the nonstructural elements from the 
structural frame may result in building systems that 
are relatively fl exible and lightly damped. Limit state 
design emphasizes the fact that serviceability criteria 
(as they always have been) are essential to ensure 
functional performance and economy of design for 
such building structural systems (Ad Hoc Committee 
on Serviceability Research 1986, National Building 
Code of Canada 1990, and West and Fisher 2003).

In general, serviceability is diminished by

1. Excessive defl ections or rotation that may affect 
the appearance, functional use, or drainage of the 
structure or may cause damaging transfer of load to 
nonload supporting elements and attachments;

2. Excessive vibrations produced by the activities of 
building occupants, mechanical equipment, or the 
wind, which may cause occupant discomfort or 
malfunction of building service equipment; and

3. Deterioration, including weathering, corrosion, 
rotting, and discoloration.

In checking serviceability, the designer is advised 
to consider appropriate service loads, the response 
of the structure, and the reaction of the building 
occupants.

Service loads that may require consideration 
include static loads from the occupants and their 
possessions, snow or rain on roofs, temperature 
fl uctuations, and dynamic loads from human activi-
ties, wind-induced effects, or the operation of building 
service equipment. The service loads are those loads 
that act on the structure at an arbitrary point in time. 
(In contrast, the nominal loads have a small probabil-
ity of being exceeded in any year; factored loads have 
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span for fl oors subjected to full nominal live load and 
1/240 of the span for roof members. Defl ections of 
about 1/300 of the span (for cantilevers, 1/150 of the 
length) are visible and may lead to general architec-
tural damage or cladding leakage. Defl ections greater 
than 1/200 of the span may impair operation of 
movable components such as doors, windows, and 
sliding partitions.

In certain long-span fl oor systems, it may be 
necessary to place a limit (independent of span) on 
the maximum defl ection to minimize the possibility of 
damage of adjacent nonstructural elements (ISO 
1977). For example, damage to nonload-bearing 
partitions may occur if vertical defl ections exceed 
more than about 10 mm (3/8 in.) unless special 
provision is made for differential movement (Cooney 
and King 1988); however, many components can and 
do accept larger deformations.

Load combinations for checking static defl ections 
can be developed using fi rst-order reliability analysis 
(Galambos and Ellingwood 1986). Current static 
defl ection guidelines for fl oor and roof systems are 
adequate for limiting surfi cial damage in most build-
ings. A combined load with an annual probability of 
0.05 of being exceeded would be appropriate in most 
instances. For serviceability limit states involving 
visually objectionable deformations, repairable crack-
ing or other damage to interior fi nishes, and other 
short-term effects, the suggested load combinations are:

 D + L (CC-1a)

 D + 0.5S (CC-1b)

For serviceability limit states involving creep, 
settlement, or similar long-term or permanent effects, 
the suggested load combination is

 D + 0.5L (CC-2)

The dead load effect, D, used in applying Eqs. 
CC-1 and CC-2 may be that portion of dead load that 
occurs after attachment of nonstructural elements. 
Live load, L, is defi ned in Chapter 4. For example, in 
composite construction, the dead load effects fre-
quently are taken as those imposed after the concrete 
has cured; in ceilings, the dead load effects may 
include only those loads placed after the ceiling 
structure is in place.

CC.1.2 Drift of Walls and Frames
Drifts (lateral defl ections) of concern in service-

ability checking arise primarily from the effects of 
wind. Drift limits in common usage for building design 
are on the order of 1/600 to 1/400 of the building or 

story height (ASCE Task Committee on Drift Control 
of Steel Building Structures 1988 and Griffi s 1993). 
These limits generally are suffi cient to minimize 
damage to cladding and nonstructural walls and 
partitions. Smaller drift limits may be appropriate if 
the cladding is brittle. West and Fisher (2003) contains 
recommendations for higher drift limits that have 
successfully been used in low-rise buildings with 
various cladding types. It also contains recommenda-
tions for buildings containing cranes. An absolute limit 
on story drift may also need to be imposed in light of 
evidence that damage to nonstructural partitions, 
cladding, and glazing may occur if the story drift 
exceeds about 10 mm (3/8 in.) unless special detailing 
practices are made to tolerate movement (Freeman 
1977 and Cooney and King 1988). Many components 
can accept deformations that are signifi cantly larger.

Use of the nominal (700-year mean recurrence 
interval (MRI) or 1,700-year MRI) wind load in 
checking serviceability is excessively conservative. 
The following load combination, derived similarly to 
Eqs. CC-1a and CC-1b, can be used to check short-
term effects:

 D + 0.5L + Wa (CC-3)

in which Wa is wind load based on serviceability wind 
speeds in Figs. CC-1 through CC-4. Some designers 
have used a 10-year MRI (annual probability of 0.1) 
for checking drift under wind loads for typical 
buildings (Griffi s 1993), whereas others have used a 
50-year MRI (annual probability of 0.02) or a 
100-year MRI (annual probability of 0.01) for more 
drift-sensitive buildings. The selection of the MRI for 
serviceability evaluation is a matter of engineering 
judgment that should be exercised in consultation with 
the building client.

The maps included in this appendix are appropriate 
for use with serviceability limit states and should not 
be used for strength limit states. Because of its transient 
nature, wind load need not be considered in analyzing 
the effects of creep or other long-term actions.

Deformation limits should apply to the structural 
assembly as a whole. The stiffening effect of non-
structural walls and partitions may be taken into 
account in the analysis of drift if substantiating 
information regarding their effect is available. Where 
load cycling occurs, consideration should be given to 
the possibility that increases in residual deformations 
may lead to incremental structural collapse.

CC.1.3 Vibrations
Structural motions of fl oors or of the building as 

a whole can cause the building occupants discomfort. 
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In recent years, the number of complaints about 
building vibrations has been increasing. This increas-
ing number of complaints is associated in part with 
the more fl exible structures that result from modern 
construction practice. Traditional static defl ection 
checks are not suffi cient to ensure that annoying 
vibrations of building fl oor systems or buildings as 
a whole will not occur (Ad Hoc Committee on 
Serviceability Research 1986). Whereas control of 
stiffness is one aspect of serviceability, mass distribu-
tion and damping are also important in controlling 
vibrations. The use of new materials and building 
systems may require that the dynamic response of the 
system be considered explicitly. Simple dynamic 
models often are suffi cient to determine whether 
there is a potential problem and to suggest possible 
remedial measurements (Bachmann and Ammann 
1987 and Ellingwood 1989).

Excessive structural motion is mitigated by 
measures that limit building or fl oor accelerations to 
levels that are not disturbing to the occupants or do 
not damage service equipment. Perception and 
tolerance of individuals to vibration is dependent on 
their expectation of building performance (related to 
building occupancy) and to their level of activity at 
the time the vibration occurs (ANSI 1983). Individu-
als fi nd continuous vibrations more objectionable than 
transient vibrations. Continuous vibrations (over a 
period of minutes) with acceleration on the order of 
0.005 g to 0.01 g are annoying to most people 
engaged in quiet activities, whereas those engaged in 
physical activities or spectator events may tolerate 
steady-state accelerations on the order of 0.02 g to 
0.05 g. Thresholds of annoyance for transient vibra-
tions (lasting only a few seconds) are considerably 
higher and depend on the amount of structural 
damping present (Murray 1991). For a fi nished fl oor 
with (typically) 5 percent damping or more, peak 
transient accelerations of 0.05 g to 0.1 g may be 
tolerated.

Many common human activities impart dynamic 
forces to a fl oor at frequencies (or harmonics) in the 
range of 2 to 6 Hz (Allen and Rainer 1976, Allen et 
al. 1985, and Allen 1990a and 1990b). If the funda-
mental frequency of vibration of the fl oor system is in 
this range and if the activity is rhythmic in nature 
(e.g., dancing, aerobic exercise, or cheering at 
spectator events), resonant amplifi cation may occur. 
To prevent resonance from rhythmic activities, the 
fl oor system should be tuned so that its natural 
frequency is well removed from the harmonics of the 
excitation frequency. As a general rule, the natural 
frequency of structural elements and assemblies 

should be greater than 2.0 times the frequency of any 
steady-state excitation to which they are exposed 
unless vibration isolation is provided. Damping is 
also an effective way of controlling annoying vibra-
tion from transient events because studies have shown 
that individuals are more tolerant of vibrations that 
damp out quickly than those that persist (Murray 
1991).

Several studies have shown that a simple and 
relatively effective way to minimize objectionable 
vibrations to walking and other common human 
activities is to control the fl oor stiffness, as measured 
by the maximum defl ection independent of span. 
Justifi cation for limiting the defl ection to an absolute 
value rather than to some fraction of span can be 
obtained by considering the dynamic characteristics of 
a fl oor system modeled as a uniformly loaded simple 
span. The fundamental frequency of vibration, fo, of 
this system is given by

 f
l

EI
o = π

ρ2 2  (CC-4)

in which EI = fl exural rigidity of the fl oor, l = span, 
and ρ = w/g = mass per unit length; g = acceleration 
due to gravity (9.81 m/s2), and w = dead load plus 
participating live load. The maximum defl ection due 
to w is

 δ = ( )( )5 384 4/ /wl EI  (CC-5)

Substituting EI from this equation into Eq. CC-3, 
we obtain

 f in mmo ≈ ( )18 / δ δ  (CC-6)

This frequency can be compared to minimum 
natural frequencies for mitigating walking vibrations 
in various occupancies (Allen and Murray 1993). For 
example, Eq. CC-6 indicates that the static defl ection 
due to uniform load, w, must be limited to about 5 
mm, independent of span, if the fundamental fre-
quency of vibration of the fl oor system is to be kept 
above about 8 Hz. Many fl oors not meeting this 
guideline are perfectly serviceable; however, this 
guideline provides a simple means for identifying 
potentially troublesome situations where additional 
consideration in design may be warranted.

CC.2 DESIGN FOR 
LONG-TERM DEFLECTION

Under sustained loading, structural members may 
exhibit additional time-dependent deformations due to 
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creep, which usually occur at a slow but persistent 
rate over long periods of time. In certain applications, 
it may be necessary to limit defl ection under long-
term loading to specifi ed levels. This limitation can be 
done by multiplying the immediate defl ection by a 
creep factor, as provided in material standards, that 
ranges from about 1.5 to 2.0. This limit state should 
be checked using load combination in Eq. CC-2.

CC.3 CAMBER

Where required, camber should be built into horizon-
tal structural members to give proper appearance and 
drainage and to counteract anticipated defl ection from 
loading and potential ponding.

CC.4 EXPANSION AND CONTRACTION

Provisions should be made in design so that if 
signifi cant dimensional changes occur, the structure 
will move as a whole and differential movement of 
similar parts and members meeting at joints will be at 
a minimum. Design of expansion joints to allow for 
dimensional changes in portions of a structure 
separated by such joints should take both reversible 
and irreversible movements into account. Structural 
distress in the form of wide cracks has been caused 
by restraint of thermal, shrinkage, and prestressing 
deformations. Designers are advised to provide for 
such effects through relief joints or by controlling 
crack widths.

CC.5 DURABILITY

Buildings and other structures may deteriorate in 
certain service environments. This deterioration may 
be visible upon inspection (e.g., weathering, corro-
sion, and staining) or may result in undetected 
changes in the material. The designer should either 
provide a specifi c amount of damage tolerance in the 
design or should specify adequate protection systems 
and/or planned maintenance to minimize the likeli-
hood that such problems will occur. Water infi ltration 
through poorly constructed or maintained wall or roof 
cladding is considered beyond the realm of designing 
for damage tolerance. Waterproofi ng design is beyond 
the scope of this standard. For portions of buildings 
and other structures exposed to weather, the design 
should eliminate pockets in which moisture can 
accumulate.
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Figure CC-1 10-Year MRI 3 sec Gust Wind Speed in mi/hr (m/s) at 33 ft (10 m) above Ground in 
Exposure C.
Notes:
1. Values are nominal design 3-second gust wind speeds in miles per hour (m/s) at 33 ft (10m) above ground for 

Exposure C category.
2. Linear interpolation between contours is permitted.
3. Islands and coastal areas outside the last contour shall use the last wind speed contour of the coastal area.
4. Mountainous terrain, gorges, ocean promontories, and special wind regions shall be examined for unusual wind 

conditions.
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Figure CC-1 (Continued)
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Figure CC-2 25-Year MRI 3 sec Gust Wind Speed in mi/hr (m/s) at 33 ft (10 m) above Ground in 
Exposure C.
Notes:
1. Values are nominal design 3-second gust wind speeds in miles per hour (m/s) at 33 ft (10m) above ground for 

Exposure C category.
2. Linear interpolation between contours is permitted.
3. Islands and coastal areas outside the last contour shall use the last wind speed contour of the coastal area.
4. Mountainous terrain, gorges, ocean promontories, and special wind regions shall be examined for unusual wind 

conditions.
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Figure CC-2 (Continued)
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Figure CC-3 50-Year MRI 3 sec Gust Wind Speed in mi/hr (m/s) at 33 ft (10 m) above Ground in 
Exposure C.
Notes:
1. Values are nominal design 3-second gust wind speeds in miles per hour (m/s) at 33 ft (10m) above ground for 

Exposure C category.
2. Linear interpolation between contours is permitted.
3. Islands and coastal areas outside the last contour shall use the last wind speed contour of the coastal area.
4. Mountainous terrain, gorges, ocean promontories, and special wind regions shall be examined for unusual wind 

conditions.
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Figure CC-3 (Continued)
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Figure CC-4 100-Year MRI 3 sec Gust Wind Speed in mi/hr (m/s) at 33 ft (10 m) above Ground in 
Exposure C.
Notes:
1. Values are nominal design 3-second gust wind speeds in miles per hour (m/s) at 33 ft (10m) above ground for 

Exposure C category.
2. Linear interpolation between contours is permitted.
3. Islands and coastal areas outside the last contour shall use the last wind speed contour of the coastal area.
4. Mountainous terrain, gorges, ocean promontories, and special wind regions shall be examined for unusual wind 

conditions.
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Figure CC-4 (Continued)
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Commentary Chapter: Appendix D

BUILDINGS EXEMPTED FROM TORSIONAL WIND 
LOAD CASES 

square or rectangular building having inherent 
eccentricity e1 or e2 about principal axis 1 and 2, 
respectively, can be used to determine the required 
stiffness and location of the MWFRS in each princi-
pal axis direction.

Using the equations contained in Fig. CD-1, it 
can be shown that regular buildings (as defi ned in 
Chapter 12 Section 12.3.2), which at each story meet 
the requirements specifi ed for the eccentricity between 
the center of mass (or alternatively, center of rigidity) 
and the geometric center with the specifi ed ratio of 
seismic to wind design story shears can safely be 
exempted from the wind torsion load cases of Fig. 
27.4-6. It is conservative to measure the eccentricity 
from the center of mass to the geometric center rather 
than from the center of rigidity to the geometric 
center. Buildings having an inherent eccentricity 
between the center of mass and center of rigidity and 
designed for code seismic forces will have a higher 
torsional resistance than if the center of mass and 
rigidity are coincident. 

Using the equations contained in Fig. CD-1 and 
a building drift analysis to determine the maximum 
displacement at any story, it can be shown that 
buildings with diaphragms that are not fl exible and 
that are defi ned as torsionally regular under wind load 
need not be designed for the torsional load cases of 
Figure 27.4.6. Furthermore, it is permissible to 
increase the basic wind load case proportionally so 
that the maximum displacement at any story is not 
less than the maximum displacement under the 
torsional load case. The building can then be designed 
for the increased basic loading case without the need 
for considering the torsional load cases.

As discussed in Section C27.4.6, a building will 
experience torsional loads caused by nonuniform 
pressures on different faces of the building. Because 
of these torsional loads, the four load cases as defi ned 
in Fig. 27.4-8 must be investigated except for build-
ings with fl exible diaphragms and for buildings with 
diaphragms that are not fl exible meeting the require-
ments for spatial distribution and stiffness of the 
MWFRS. 

The requirements for spatial distribution and 
stiffness of the MWFRS for the simple cases shown 
are necessary to ensure that wind torsion does not 
control the design. Presented in Appendix D are 
different requirements which, if met by a building’s 
MWFRS, the torsional wind load cases need not be 
investigated. Many other confi gurations are also 
possible, but it becomes too complex to describe their 
limitations in a simple way. 

In general, the designer should place and propor-
tion the vertical elements of the MWFRS in each 
direction so that the center of pressure from wind 
forces at each story is located near the center of 
rigidity of the MWFRS, thereby minimizing the 
inherent torsion from wind on the building. A 
torsional eccentricity in buildings with rigid dia-
phragms larger than about 5% of the building width 
should be avoided to prevent large shear forces from 
wind torsion effects and to avoid torsional story drift 
that can damage interior walls and cladding. 

The following information is provided to aid 
designers in determining whether the torsional wind 
loading case (Fig. 27.4-8, Load case 2) controls the 
design. Reference is made to Fig. CD-1. The equa-
tions shown in the fi gure for the general case of a 
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Minimum Design Loads for Buildings and Other Structures,  

ASCE/SEI 7-10, is a complete revision of ASCE Standard 7-05. ASCE 

7-10 offers a complete update and reorganization of the wind load 

provisions, expanding them from one chapter into six to make them 

more understandable and easier to follow. ASCE 7-10 provides new 

ultimate event wind maps with corresponding reductions in load 

factors, so that the loads are not affected. It updates the seismic loads 

of ASCE 7-05, offering new risk-targeted seismic maps. The snow 

load, live load, and atmospheric icing provisions of ASCE 7-05 are all 

updated as well.  

 

ASCE Standard 7-10 provides requirements for general structural 

design and includes means for determining dead, live, soil, flood, 

wind, snow, rain, atmospheric ice, and earthquake loads, and their 

combinations that are suitable for inclusion in building codes and 

other documents. A detailed commentary containing explanatory and 

supplementary information to assist users of ASCE 7-10 is included 

with each chapter. ASCE 7-10 is an integral part of the building codes of 

the United States. 

 

Structural engineers, architects, and those engaged in preparing 

and administering local building codes will find the structural load 

requirements essential to their practice. 
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